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As a consequence of the increase in terrorist incidents, many comprehensive 

researches, both experimental and numerical modelling of structure and blast interaction, 

have been conducted to examine the behaviour of civilian structures under dynamic 

explosion and its impact. Nevertheless most of the works in literature are limited to 

response of simple structures such as masonry walls, reinforced concrete beams, 

columns and slabs. Although these studies can provide researchers and structural 

engineers a good fundamental knowledge regarding blast load effect, it is more likely 

for blast load to act upon entire structures in actual explosion events. The interaction 

between blast load and structures, as well as the interaction among structural members 

may well affect the structural response and damage. Therefore it is necessary to analyse 

more realistic reinforced concrete structures in order to gain an extensive knowledge on 

the possible structural response under blast load effect. Among all the civilian structures, 

bridges are considered to be the most vulnerable to terrorist threat and hence detailed 

investigation in the dynamic response of these structures is essential.  

This thesis focuses on the study of the response of a modern cable-stayed bridge 

under blast loadings. In order to investigate the non-linear behaviour of the cable-stayed 

bridge, three-dimensional finite element models have been developed using LS-DYNA. 

Both strain rate effect and the equation of state for the concrete material have been 

incorporated into the aforementioned numerical models to ensure a more reliable 

response prediction under extreme blast impact. Moreover, two-step analysis approach 

is adopted for this research in order to minimize the computational effort. Firstly, 

analysis is conducted to examine the failure of four main components namely pier, 

tower, concrete back span and steel composite main span under close proximity 

dynamic impact of  a 1000 kg TNT equivalent blast load. Secondly, based on such 

results, the remainder of the bridge structure is then tested by utilizing the loading 

condition specified in the US Department of Defence (DoD) guideline with the aim to 

investigate the possibility of bridge collapse after the damage of these components. It is 

found that failure of the vertical load bearing elements (i.e. pier and tower) will lead to 

catastrophic collapse of the bridge. 

Assuming that terrorist threat cannot be avoided, hence protective measures 

must be implemented into the bridge structure to reduce the damage induced by 

explosive blast impact and to prevent bridge from collapse. As such, a safe standoff 

distance is determined for both the pier and tower under the blast impact of 10000 kg 
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TNT equivalent. This information would allow the bridge designer to identify the 

critical location for placing blast barriers for protection purpose. For the case of bridge 

deck explosion, carbon fibre reinforced polymer (CFRP) is employed to examine in 

respect of its effectiveness in strengthening the concrete structure against blast load. In 

this research, appropriate contact is employed for the numerical model to account for 

the epoxy resin layer between the CFRP and concrete. In addition, to ensure that the 

CFRP can perform to its full capacity, anchors are also considered in the numerical 

study to minimize the chance of debonding due to the weakening of the epoxy. The 

results reveal that although severe damage can still be seen for locations in close 

proximity to the explosive charge, the use of CFRP did reduce the dynamic response of 

the bridge deck as compared to the unprotected case scenario.  Further investigation is 

also carried out to examine the change in damaged zone and global response through 

variation in CFRP thickness. 
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ψ  bending angle 
γ  shear angle 
ρ density of the medium and material 
ω natural frequency of the structure 

maxε  maximum failure principal strain 

Vε  volumetric strain 
pdε  effective plastic strain 

λ  modified effective plastic strain 
ijσ  stress tensor 

hσ  hydrostatic stress 

sh σσ ,  normal and shear stresses on interface surface 

zyx σσσ ,,  principle stress 

yrm σσσ ΔΔΔ ,,  maximum, residual and yielding surface 
ν  Poisson’s ratio 
χ  specific volume 
ϑ  constants for JWL equation 
A cross sectional area 
A1, A2 constants for JWL equation 
C damping coefficient of the structure 
Cd speed of stress wave 
c1, c2 the shear and longitudinal wave speed 
D Cowsper constant 
d1, d2 diameter of TNT charge 
E Young’s Modulus of the smeared model 
EC Young’s Modulus of concrete material 
ER Young’s Modulus of reinforcement 
EI internal energy 
Ecd , Ecs dynamic and static secant modulus of elasticity of concrete 

material. 
Etd , Ets dynamic and static tangent modulus of elasticity 
e specific internal energy 
F(t) impact load 
Fe equivalent force 
f’c unconfined compressive strength 
f’t unconfined tension strength of concrete 
fcd , fcs dynamic and static compressive strength 
fyd , fys dynamic and static yield strength of steel 
fr percentage of reinforcement in smear model 
fn , fs Normal and shear force on the interface surface 
g Symonds constant 
I impulse 
It internal force vector 
K structure resistance 
Kb bulk modulus 
Ke equivalent stiffness 
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ks the interface spring stiffness 
Lw wavelength of positive phase blast wave 
l penetration distance of the slave node 
M structure mass 
Me equivalent mass 
Po ambient pressure level 
Pso peak incident pressure 
Pso

- minimum negative pressure 
Pr peak reflected pressure 
Pmin minimum failure pressure for concrete material 
q air particle dynamic pressure 
R distance between the charge and the measurement point 
r radius of gyration of the beam cross-section 
rf scaling parameter for the failure surfaces 
r1 r2 constants for JWL equation 
sij deviatoric stress 
T natural period of the structure 
Tr rise time of blast pressure 
Td decay time of the blast pressure 

*T  temperature 
ta blast wave arrival time 
td positive phase duration 
U shock front velocity 
u  nodal displacement 
u&  nodal velocity 
u&&  nodal acceleration 
Ve volume 
W weight of the explosive 
Z scaled distance 
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CHAPTER 1. Introduction 
 

 

1.1 Background 

As a consequence of recent growth in the number of terrorist attack incidents, 

there have been great concerns regarding the vulnerability of existing structures to blast-

induced damage loading, which lead directly to the issues of post-blast structural 

performance and public safety. Taking these concerns into serious consideration, 

structural engineers have paid particular attention in providing structural redundancies 

and enhancing the robustness of new building structures. For the existing buildings, 

both the incorporating of structural redundancies and enhancing the robustness of 

structures cannot be easily implemented due to high costs and technical difficulties. 

Hence, the application of more advanced and flexible protection measures to act against 

explosive actions imposed on different types of structures is necessary. Many protection 

measures have been developed for the last decades and were found to be effective in 

reducing the damage on structures, hence reducing the number of casualties. Some 

protection measures include the application of steel stud partition inside the load 

bearing wall of the building to act as a catcher screen (Coltharp and Hall, 2001 and 

Ward, 2004). Other measures aim to provide in situ tensile membrane by implementing 

steel plates or columns behind walls of buildings (Davidson et al., 2005 and       

Bruneau et al., 2007). Applying elastomeric spray and composite layers can also be an 

alternative to create a layer of tensile membrane which can enhance the flexural 

capacity of the member and reduce the amount of spalling (Crawford et al., 1997a; 

1997b; Parent and Labossiere, 2000 and Moreland, 2005). Based upon the effectiveness 

of the mentioned measures, they have been installed into various important buildings 

worldwide such as embassy buildings, government structures, and military structures in 

which all of these buildings are categorized as highly vulnerable to terrorist attacks. 

Ever since the tragic event of September 11th, 2001, it has brought the subject of 

bridge security to the attention of many engineering experts as most of the bridges in 

service are not designed to resist explosive blast load. In the past years, many ideas have 

been suggested by researchers and structural engineers in order to improve the bridge 

performance against extreme dynamic loadings. For example, the American Association 

of State Highway and Transportation Official’s LRFD (Load and Resistance Factor 
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Design) Bridge Design Specification (AASHTO, 2003) includes a list of regulations in 

designing bridges in different seismic zones with the consideration of various 

acceleration coefficients. The Association had also taken the loading factor into 

consideration as well as a probability-based design methodology for designing bridge 

piers against ship impact and vehicular collision incidences. It is a fact that bridges will 

respond differently due to the disparity between the collision impact and blast pressure 

impact. The design considerations mentioned, however, are believed to be effective in 

lowering the level of damage caused by the blast impact as compared to bridges without 

any protective measures. 

The Federal Highway Administration of Washington and the American 

Association of State Highway and Transportation Officials (FHWA and AASHTO, 

2003) listed a set of strategies for bridge and tunnel security and some design criteria for 

common bridges to account for blast loading effect. As only limited information 

regarding the blast effects on bridge structures is available, all recommendations were 

made based on the findings of previous explosion incidents on commercial buildings. 

Hence, there is a potential that some of the recommendations may not be applicable to 

all bridges as their structural design and behaviour are expected to be vastly different 

from each other and from building structures. 

Bridge structures are crucial in transportation system worldwide and they are of 

higher vulnerability to terrorist threat than any other structures. Any significant 

damages to bridge infrastructure may not only lead to disruption of the local traffic 

system but also economical loss and socio-political damage to the nearby regions. Thus 

it is of great interest and necessary to gain a better understanding of the possible 

responses of bridges when exposed to high intensive blast pressure. As such, 

appropriate and effective protective measures can be implemented. 

This study presents a finite element analysis of a cable-stayed bridge using 

explicit finite element technique. It aims to investigate the capability of the finite 

element analysis to model the damage of the cable-stayed bridge’s components when 

subjected to explosive load, and predict the overall response of the bridge after the 

demolishment of some structural components. Response predictions were performed 

with the use of an explicit finite element program LS-DYNA which is an effective 

dynamic analysis software package commonly used for nonlinear transient analysis of 

structures. Additional information can also be extracted from the finite element analysis 

such as the failure modes of structures that cannot be reliably modelled using 

conventional design formulae or single degrees of freedom (SDOF) analysis. 
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 With an extensive knowledge on the dynamic response of bridge structures 

under blast explosion, advancement to the convention design of structural bridges can 

be achieved to improve the bridge survivability, reduce the lethality of explosive attack 

and in turn provide a safer environment for the public. 

 

1.2 Objectives 

There are several objectives in the present study and they are as follows: 

1) To investigate the capability of explicit finite element analysis in predicting 

the behaviour of the cable-stayed bridge under blast load effects. 

2) To develop detailed finite element models for each individual major 

structural components of the cable-stayed bridge. Investigation will be 

carried out to identify the failure modes with respect to each main structural 

bridge component when subjected to extreme blast loading. 

3) To determine the response of the cable-stayed bridge model due to the failure 

of individual structural bridge element. 

4) To identify the critical structural elements of the cable-stayed bridge that has 

the greatest effects on the overall performance of the bridge. The safe 

standoff distance for the blast load impact for these critical elements will also 

be determined so that the chance of progressive collapse can be minimized. 

5) To evaluate the effectiveness of carbon fibre reinforced polymer (CFRP) in 

reducing the severity of damage induced by blast loading. 

6) To recommend possible measures for bridge protection against blast loadings 

based on the results acquired in this study. 

 

1.3 Scope of the Study 

The program LS-DYNA is used to conduct the finite element analysis for this 

research study as there are extensive ranges of element types and material models 

available in the program. The investigation aims to gain a better understanding of the 

possible structural responses of a cable-stayed bridge due to dynamic blast load. Four 

different bridge components are chosen for the computer simulation analysis and they 

are namely: 

1) Pier, 

2) Tower, 
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3) Concrete back span and 

4) Composite main span with stayed-cables 

This research will firstly examine the effect of a typical 1000 kg TNT truck 

bomb on the components. In the finite element analysis, the level of damage on each of 

the aforesaid bridge elements will be assessed and the response of the whole bridge 

structure under the failure of each of those main structural elements will also be 

identified. Convergence test is conducted to investigate the effect of mesh refinement on 

the overall behaviour of the system. Due to the computational limitation and largeness 

of the model single discretization of element mesh is not possible. Therefore, different 

discretization levels of element meshes are adopted for concrete and reinforcement for 

developing the finite element models. 

All analyses are performed with the application of the element formulations and 

material models available in LS-DYNA. In this study, due to a lack of the concrete 

material information, the self-generating parameter function is used to set values in 

order to model the failure behaviour of the concrete material and to predict the 

performance of the structure under the explosive impact. 

A parametric study will be carried out to estimate a safe standoff distance for 

main vertical load bearing elements to the bridge. This investigation is necessary as the 

effect of blast loads would be minimal to the bridge structure if the explosive charge is 

located at the safe standoff distance from the main vertical elements and therefore 

minimizes the chance of disastrous collapse of the cable-stayed bridge. Besides, a study 

is also carried out to investigate the effectiveness of introducing protective measures for 

the main bridge structural elements to resist the blast load. 

It is important to highlight that there is neither experimental data nor previous 

results available for this investigation to make comparison. However, the reliability of 

both the numerical and material models adopted in this study have been investigated 

and proven by many researchers (e.g. Malvar et al., 1997 and Shi et al., 2007a), 

although no such detailed applications to modelling bridge structures as reported in this 

thesis can be found in the literature. Moreover, engineering judgement is consistently 

used to check the reasonability of the numerically simulated results.    
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1.4 Thesis Organization 

The thesis consists of 8 chapters as follows: 

1) Chapter 1 presents a brief background introduction of the project. The main 

objectives of the research are described, followed by the scope of the project. 

2) Chapter 2 reviews the researches conducted in the past regarding the four 

common methodologies to estimate the structural response under dynamic 

impact. 

3) Chapter 3 aims to provide a detail discussion on the theory behind the 

development of blast wave. Other topics include structure damage under 

blast load impact, stating the difference between seismic and blast load and 

review of the empirical formulas for blast pressure estimation will also be 

presented. 

4) Chapter 4 delivers some concepts regarding explicit finite element modelling 

and methods currently employed for finite element modelling of reinforced 

concrete structures. 

5) Chapter 5 provides an in depth description on the cable-stayed bridge finite 

element model for the current research. The description includes material 

modelling and how to account for strain rate effect, boundary conditions and 

contact algorithms deployed in the study. It also covers the methodologies 

chosen to model the air blast pressure in this study. 

6) Chapter 6 is divided into two major sections. The first section presents the 

results acquired from convergence test to verify the adequacy of the mesh 

size chosen for this research. The second section presents the possible 

damage and response the bridge may undergo under the impact of 1000 kg 

TNT equivalent explosive placed at various locations on the bridge structure. 

7) Chapter 7 focuses on providing blast protective measures to the bridge 

model. The first protective methodology is to provide a barrier for the on-

ground components such that a safe standoff distance is determined for this 

particular bridge. The second protective methodology involves the 

application of fibre reinforced polymer in which results acquired will be 

compared against the unretrofitted structure to demonstrate the effectiveness 

of the CFRP composite against blast loading. 

8) Chapter 8 concludes the research work and highlights some 

recommendations on future works that need be carried out. 
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CHAPTER 2. Literature Review on Structure 
Response Prediction to Blast and Impact Loads 

 

 

2.1 Introduction 

Quantitative investigations on blast waves’ behaviour and their effects on 

structures were first begun in the early 1950’s. Throughout these years, many 

difficulties were experienced by researchers in analysing and predicting dynamic 

response of reinforced concrete structures under impulsive blast loads. The reason for 

this is related to the short duration of the blast loads and the extremely nonlinear 

behaviour of the structural responses under such dynamic impulsive load (Low, 2001). 

Another reason is the need to account for the inertia effects and the kinetic energy in 

dynamic analyses due to the abrupt changes in structures brought by the applied loads 

(Magnusson, 2007). From all the full scale experiments conducted by various 

researchers, they have demonstrated that there are different types of reinforced concrete 

failure which might be experienced under short duration blast loads. Some researchers 

have identified plastic failure at locations where ultimate bending moment is obtained 

(Hughes and Speirs, 1982; Lan et al., 2005; Zhou et al., 2005 and Luccioni and Luege, 

2006). This type of failure originated from the cracking of concrete and yielding of steel 

reinforcement. These actions enable the structural elements to attain some momentum 

and lead to flexural failure of the element. Another common plastic failure mode is the 

direct shear and diagonal shear mode near the structural supports or element joints 

where maximum shear stress develops (Ross, 1983; Krauthammer et al., 1986;             

Sr et al., 1998, Kishi et al., 2002; Ansell, 2005 and Zhu and Lu, 2007). These two types 

of shear failure are often classified as premature failure mechanism as structures have 

no time to undergo deflection and therefore they are brittle failures. Although much 

research have been conducted to study all the failure mechanisms on simple concrete 

structures under blast loadings, more investigations are needed to provide a greater in-

depth knowledge of each failure mechanism especially on bridge structures which were 

less focused upon in previous studies.  
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This chapter aims to review existing literatures on predicting the dynamic 

response of civilian building structures subjected to blast loads. It first focuses on the 

common approximate methodologies utilized by researchers and engineers to evaluate 

the ultimate structural responses and failure mechanisms under blast loading of simple 

structures.  It will then follow by researches which involve the application of computer 

programs for predicting the blast and shock effects on civilian structures. Lastly, it will 

be concluded with the recent studies which focus on the bridge’s performance and 

response in blast events. 

 

2.2 Modelling of Dynamic Structure Response 

Several simplified approaches have been proposed in the past years for 

determining the failure mechanisms of structural elements and predicting the global 

response of the structure system under blast impact. Amongst all the proposed methods 

in literature the three most common approaches for blast impact analysis are Elastic 

Plate Theory, Timoshenko Beam Theory and Single Degree of Freedom (SDOF) 

Approach.  

 

2.2.1 Elastic Plate Theory Approach (Flexural Failure Analysis) 

One of the earliest applications of Elastic Plate Theory to predict structure 

response was carried out by Baker (1959). This investigation focused on the response of 

containment shell subjected to confined internal blast loads using numerical approach. 

Two models were generated with one just purely governed by the elastic behaviour and 

the second model was created with modified Elastic Plate Theory to account for the 

changes in thickness and shell diameter. Responses from each model are later verified 

against experimental results. Solutions showed that only the numerical model that had 

accounted for the inelastic changes under dynamic loadings can predict the behaviour of 

the system within the accuracy of the experimental results. However, further 

improvement of the model is necessary such as incorporation of strain rate effects and 

better material behaviour modelling.    

Symonds (1980) analysed the response of a fully clamped mild steel beam under 

impulsive loading using both the Elastic Plate Theory and other approximate theoretical 

techniques. In this investigation the effects of elastic deformation, finite geometry 
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changes and strain rate enhancement effect were all incorporated to estimate the 

maximum permanent deformation of the structure. The author modelled the behaviour 

of the steel material in such a way which had confined the elastic effects entirely to the 

elastic region of the steel material and produced residual vibration once plastic 

deformation occurred (Zhu and Lu, 2007). Because Symonds had restricted the study to 

elastic kinematic, reasonable solution was achieved only for the early deflection stage 

(i.e. elastic behaviour only).  

Yankelevsky (1985) studied the deformation of an elasto-plastic plate under 

impulsive dynamic loadings. The plate was modelled with rigid segments 

interconnected by hinge lines. This enabled the development of displacement field 

which is often employed to simulate collapse mechanisms and to minimize the 

inaccuracy in predicting the plastic behaviour of structure system. The evaluated 

dynamic reactions and permanent displacements are found to compare well with both 

the mild steel and the aluminium plate experimental test results.  

Although the use of the Elastic Plate Theory Method has been claimed to be 

feasible in predicting the flexural response of the structure, it fails to simulate the shear 

response of the structure under dynamic impulsive impact. Hence, it is necessary to 

improve the method in order to achieve a precise structural response prediction.  

 

2.2.2 Timoshenko Beam Theory Approach (Shear Failure Analysis) 

 Much effort has spent in the past on permanent bending response and 

extensional deformation effects of structural elements under short duration impulsive 

loads. Comparatively fewer investigations have focused on the shear response which is 

of particular importance in dynamic blast analysis. The shear effect on concrete 

structure was first studied by Bleich and Shaw (1960) who demonstrated that beam 

structures under sufficiently high velocity impact will undergo shear mode failure prior 

to yield in bending. As a result, researchers proposed the use of Timoshenko Beam 

Theory to account for the shear failure on concrete structures when subjected to high 

impact load. The governing equations of the system under distributed load f(x, t) can be 

written as:     

 

ψ
ρ
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where ψ is the bending angle, γ  is the shear angle, c1 and c2 are the shear and 

longitudinal wave speed respectively, A is the beam’s cross sectional area, r is the 

radius of gyration of the beam cross-section and ρ is the density of the medium          

(Au et al., 2004). The superscript dots and primes denote the differentiation with respect 

to position x and time t, respectively.  

One of the first studies which had adopted the Timoshenko Beam Theory was by 

Nonaka (1977) who had carried out a numerical study on a simply supported beam 

under uniformly distributed blast load. Combination of bending and shear sliding 

failures, which occurred near the supports, were observed from the numerical model. 

Based on the observation, the author concluded that the severity of the failures is 

governed by both the beam properties and magnitude of the load impact on the concrete 

beam. However, no experimental data was available for validation of Nonska’s 

numerical model. 

Ross (1983) extended the Timoshenko Beam Theory employed in Nonska’s 

study to incorporate rotational restraint at the beam’s supports and to assess strain rate 

effects on shear and flexural resistance of concrete elements under impulsive loadings. 

The numerical results have provided evidence that the extended theory can accurately 

predict the location of direct shear failure along the beam. In addition, strain rate effect 

appeared to have more significant influence on the shear resistance of element than the 

flexural resistance. The reason for this is due to the reduction in the domain of load 

parameters under the strain rate effect which had limited the region in which direct 

shear failure can occur. 

Krauthammer et al. (1993) broaden Ross’s study by examining the effect of 

different loading conditions on the dynamic behaviour of concrete beam and one-way 

slab. Diagonal shear damage was also considered in the study by incorporating shear 

hinges in the numerical model. By comparing the simulated results against the 

experimental results they have demonstrated the adequacy of Timoshenko Beam Theory 

in predicting the dynamic response and failure mechanism of one-way concrete 

structural elements under transient load. The authors also observed that the failure 

mechanism for most of the numerical models investigated in the study is attributed to 
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the diagonal shear which had agreed well with findings acquired by                  

Feldman and Siess (1958); Criswell (1970) and Sr et al. (1998).  

Owing to the lack of detail information on dynamic shear behaviour of structural 

elements, Au et al. (2004) put great attention on the development of internal shear stress 

in beam structure subjected to extreme impulsive loads via the use of Timoshenko 

Beam Theory. From the simulations, maximum shear response was noticed to take 

place immediately after load initiation. By analysing the stress development within the 

beam, the authors noticed the local stress wave propagation is the dominant factor in 

causing shear failure instead of the global behaviour of the system.  

Understand the importance to account for the localized behaviour in blast 

analysis as identified in Au et al. (2004), Gong and Lu (2007) employed combined 

continua and lumped mass model to study the effect of ground excitation, created by 

underground explosions, on a frame structure. To simplify the study, both column and 

beam structure were modelled separately. Each model comprised of basic beam column 

elements with distributed mass and stiffness, combined with lumped mass and spring at 

the two extremes of the structure to account for local and global response respectively.  

By conducting parametric studies of different excitation frequency on a single storey 

frame model, two important facts were drawn: 

1) For both column and beam systems, their response are attributed to the 

global sway mode and localized flexural behaviour for ground excitation 

with a frequency less than 10 Hz. 

2) When the system is subjected to ground excitation with frequencies above or 

equal to 100 Hz, nonlinear diagonal shears appeared to be the governing 

factor while the lumped mass response (i.e. global vibration) appeared to 

have insignificant effect. 

All numerical results acquired in this study were however determined without 

the consideration of strain rate effects. The use of the combined continua and lumped 

mass model can therefore be further improved for analysing other impulsive loading 

conditions. 
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2.2.3 Single Degree of Freedom Approach (Global Response and 

Combination of Failure Mechanism Analysis) 

The differences between structural response under static and dynamic loads are 

determined by the inertial component in the equation of motion and the total kinetic 

energy of the structural system in the equation of energy conservation           

(Magnusson, 2007). In this case, both factors are dependent on the mass of the structure 

and therefore it is the key consideration in conducting dynamic analysis. In most of the 

analyses, only the final state of the structural response is of interest to engineers in 

designing reinforced concrete buildings. Therefore structural elements in many cases 

can be reduced to a single degree of freedom (SDOF) system, especially in conducting 

blast loading analyses which is characterised as a non-oscillatory load and only the peak 

fundamental response mode (i.e. overall structure behaviour) is required             

(Hudson and Darwin, 2005). The general equation of motion of a SDOF structure is:  

 

)(tFKyyCyM =++ &&&  (2-3) 
 
where M is the structure mass, C is the damping coefficient of the structure, K is the 

structure resistance and F(t) denotes the impact load. For the case of blast loading 

investigation, the equation can often be simplified by neglecting the damping term 

because the attenuation of the displacement is negligible in such a short impact. By also 

treating the blast load as an idealize load function (i.e. triangular loading with peak 

reflected pressure (Pr) and positive phase duration (td)) Equation (2-3) can be rewritten 

as: 

 

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛ −
=+

d

d
r t

tt
PKyyM && , dtt <≤0  

 
(2-4) 

 
It is very common to express the dynamic response as a Dynamic Load Factor 

(DLF) which is a ratio of the maximum dynamic displacement to the static displacement 

which would have resulted from static peak load Pr as shown in Equation (2-5): 
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where δ  is a function of td/T and T is the natural period of the structural system.  
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From Equation (2-5) it is evident that the structural response to blast loading 

impact is strongly influenced by the ratio td/T (or ωtd where ω is the natural frequency of 

the system). Diagrams have also been developed in determining the maximum response 

for various SDOF systems with the inclusion of bilinear resistance function and simple 

load functions. For example, Figure 2-1 presents the chart based on Biggs (1964) 

findings. According to this chart, it shows that the ratio td/T and the ratio of internal 

resistance to applied load (Rm/F) are the main factors to define the structural response, 

described by the ratio of maximum to elastic response (ym/yel).  

 

 
Figure 2-1: Maximum deflection of elastic-perfectly plastic SDOF systems subjected to a triangular 

load (Biggs, 1964) 

 
However, building structures can scarcely be represented by a SDOF system.  

Therefore an equivalent SDOF system is usually used to idealize a multiple degree of 

freedom system. The derivation of the equivalent SDOF system is based on the 

normalized deflection shape of the structure (ξ(x)) as well as the establishment of the 

equivalent peak force (Pe), the equivalent mass (Me) and the equivalent stiffness (Ke) so 

that the displacement of the new equivalent system is similar to the real structure. 

Figure 2-2 illustrates the transformation of a simply supported beam system into a 

lumped mass equivalent system. 
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Figure 2-2: A lumped mass equivalent system 

 
With the assumed deflection shape the equivalent mass and force can be 

computed as: 
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Using these equivalent parameters Equation (2-3) can now be written as 

Equation (2-8) shown below and be solved using the same approach as for an ordinary 

SDOF system. 

 

eee FyKyM =+&&  (2-8) 
 

One example of structure response approximations using the SDOF approach 

was carried out by Krauthammer (1984). In this study the author analysed the flexural 

response of roof slabs under dynamic blast load. The simulated results demonstrated the 

enhancement of ultimate flexural resistance due to the membrane effect attributed by the 

boundary constraints. Krauthammer et al., (1986) then improved their previous study to 

account for both shear and thrust effects generated by airblast loading. In this case, the 

authors employed the shear stress-shear slip relationship developed by Murtha and 

Holland (1982) to examine the shear response under blast loading. To further improve 

the accuracy of the response prediction, modifications were introduced to the 

relationship to include the effect of compressive stress and strain rate effect on shear 

strength. According to the previous researches, flexural response and shear deformation 
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of structures under dynamic loads never occur simultaneously. The reason for this is 

because of insufficient time for the structure to develop the flexural mechanism (i.e. 

yielding of steel reinforcement). Therefore Krauthammer et al. (1986) adopted two 

separate SDOF models, a decoupled system, with one to evaluate flexural response at 

the center region of the slab and the second model to examine shear reaction near 

supports. The numerical results exhibited the fact that the decoupled piecewise linear 

method can claim within adequate accuracy of the experimental results. The authors 

have also conducted tests on the procedure and proved to be highly sensitive to 

alterations in behavioural mechanisms. Hence further modifications are necessary. 

Although many researchers proposed the use of decoupled analysis, such as 

Baker and Spivey (1989); Crouch and Choip (1989) and Winget et al., (2005a), to study 

the structure response under dynamic blast impact, it ignores the fact that shear response 

can also induce damages to the remaining structural elements in the system. There are 

some studies that use coupled analysis approaches in order to overcome this weakness. 

For example, Luckyram et al. (1992) developed a binary response model to examine the 

response of reinforced concrete slab under contact blast loads. The model is represented 

by a 2 DOF coupled system and evaluated with Newmarks step by step integration 

method to study the flexural and shear behaviour. Even though the simulations 

exhibited direct shear as the dominant failure of the slab system, the latter flexural 

deformation still has an effect of softening the structural element. 

Another example is Low and Hao (2002) who had employed a proven statistical 

approach to incorporate uncertainties to study the combination of flexural and direct 

shear response of a one way slab subjected to impulsive blast loads. For this study, two 

loosely coupled SDOF systems and a performance function were employed to predict 

the failure probability of the slab. Random variation of different parameters, such as 

material strength, structure dimensions and blast loads, were accounted for by assuming 

that the parameters were normally distributed with different magnitudes of coefficient 

of variations. The simulated results indicated that the slab tends to fail in direct shear 

mode under short duration blast impact and in flexural mode for long duration and low 

magnitude blast load. The stiffness of the material was also found to affect the failure 

mode in which for relatively flexible and long span structures the chance of direct shear 

mode reduces significantly.   

Other than failure mechanism analyses, SDOF approach has also been utilized in 

blast retrofit technologies. Salim et al. (2005) created an equivalent SDOF system to 
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evaluate the structural performance of a steel stud wall systems against blast pressure. 

Static resistance function, based on previous experimental and analytical static results, 

was incorporated into the model to simulate the wall behaviour. However, due to the 

assumption of uniform blast pressure and negligence of the sheathing resistance of the 

system, the proposed analytical model could only estimate the response conservatively. 

As a result, the maximum difference between the experimental and numerical 

displacement of the wall was determined to be more than 20 %. Hence, improvement of 

the method is needed. 

Similar approach was adopted by Urgessa et al. (2005) and Fitzmaurice et al. 

(2006) to analyse the effectiveness of polymer sheets for retrofit design of masonry wall. 

Various tests were conducted using SDOF model in both research studies and these tests 

include connection and component tests to verify its accuracy in predicting response. 

Although reasonable results were depicted in the investigations, authors suggested some 

recommendation to modify the simplified models. These include: 

1) Bonding mechanism to simulate the delamination of polymer, 

2) Incorporate the negative phase of the blast load which was found to have a 

significant effect on wall’s response and 

3) Incorporate ductility and tear strength limit of polymer which can control the 

failure of the retrofitted wall under localized stress concentration.  

With the rapid advances in computering technology these days, more research 

are carried out with the use of finite element approach as it can reduce the level of 

uncertainty  compared to approximate methods. Nevertheless, some researches have 

concluded that the SDOF approach can still provide adequate global structural response 

where results are still found to be in good agreement with those from finite element 

method. For example, Iycngunmwena and Virdi (1996) performed a parametric study to 

examine the end reactions in a reinforced concrete beam under dynamic blast loadings. 

The study was executed using equivalent SDOF and assuming concrete to be a perfectly       

elasto-plastic material. The blast loading was defined as a triangular load time history to 

simplify the case study. By validating the results with the finite element program, 

DYNA3D, it was noticed that the shear forces acquired by the analytical technique were 

approximately 15 % greater than those obtained from the finite element method. Hence, 

authors concluded that SDOF approach might exhibit conservative reactions due to the 

simplification of the equivalent system and can lead to a safe design against blast 

loadings. 
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Another example is Shope (2006) who studied the response of wide flange steel 

columns under the combined axial loads and non uniform lateral blast loads. In this 

study, Shope used a commercial package, ABAQUS, to investigate the behaviour of an 

axially loaded steel column subjected to impulsive blast loads. By examining the 

magnitude of the blast impulse and residual stresses of the column, it was found that 

there is a critical lateral blast impulse at which any blast impulse above this magnitude 

will result in column collapse prior to reaching the deflection criterion. A simplified 

analysis method was then proposed using the SDOF method to determine the critical 

impulse based on the simulated results. Two SDOF systems were derived for this 

particular study. The first system employed a bilinear resistance function to account for 

the axial load on the column. The second system utilized a nonlinear resistance function 

to model the gradual yielding of the column that occurs in dynamic response. By using 

a column with linear elastic rotational supports as an example, it proved that the new 

analysis method can provide a close agreement in critical impulse, less than 10 % 

difference, with that determined by the finite element method. Thus this approach is 

believed to be suitable for simple preliminary design and quick vulnerability 

calculations.  

 Even though reasonable global response can be achieved via the SDOF 

approaches, the visualization of structural deformation, determination of crack positions 

and damages induced on the reinforced concrete structure by blast loads and wave 

propagation are not achievable through the SDOF approach. Thus the structural damage 

level cannot be classified precisely as only the global response is available from the use 

of previously mentioned approximate methods. Owing to this weakness, finite element 

approaches are considered to be the preferable engineering tool in blast analyses these 

days.  

 

2.3 Finite Element Methods for Blast Impact Analysis 

Utilization of finite element program has become necessary in predicting 

structural response under blast explosion because of the complexity involved. As stated 

in CFABT (1995) and Ngo et al. (2007) both the semi empirical methods and the first 

principle method are commonly adopted in estimating the blast loads on structures and 

structural responses to the blast impact. The main difference between the two methods 

is that the semi empirical computation method exploits extensive test data from 
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previous case studies and engineering judgement for development of simplified models. 

This method is often employed for civilian design purposes as it requires comparatively 

less calculation time than the first principle method. However, a flaw does exist in 

which it may not be applicable to all blast analyses as it is based on simplified models 

of physical phenomena. 

The first principle method predicts the blast load pressure and motion of 

structure by a combination of constitutive equations and conservation of energy theory. 

Some considerations need to be taken into account for accurate prediction in using the 

first principle method, which shall include: 

1) Provision of empirical parameters to govern the turbulent air flow in an 

explosion event. 

2) There are still many ongoing researches to gain more knowledge of the 

material behaviour when subjected to extreme loading. Currently there are 

very limited constitutive equations available for structural materials in 

estimating structural response. 

Nevertheless, these deficiencies are usually overcome by making reasonable 

engineering judgement (CFABT ,1995).   

Numerical analyses conducted through the first principle method can be 

categorized as either uncoupled or coupled analyses. Uncoupled calculations are 

commonly utilized for blast load simulation due to its efficiency. Yet, the calculations 

are performed with the assumption of rigid structures which often overestimates the 

blast pressure. This is mainly attributed by omitting structure movement and/or failure 

throughout the loading period. As a result, engineers and researchers favour the coupled 

analysis. There are two disciplines applied by the coupled analysis for blast effect 

evaluations: 

1) Computational Fluid Dynamics (CFD) – for prediction of the air blast impact 

pressure on structure surface. 

2) Computational Solid Mechanics (CSM) – for determining the structure’s 

response under blast load impact. 

In coupled computations, the CFD model for blast load prediction is resolved 

simultaneously with the CSM model for structural response. The advantage of this 

methodology is that more accurate results can be acquired as the motion of the structure 

is accounted in the load calculation. However there is a disadvantage in which the 

computation time will also be lengthened for the analysis. 
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Table 2-1 lists the computer programs that are most frequently used by 

researchers for studying blast effects on structures. 

    
Table 2-1: Computer programs for blast effect and structural response simulations (CFABT, 1995 

and Ngo et al., 2007) 

Title Purpose and Type of Analysis Inventor 
BLASTX Blast prediction, CFD code (semi empirical) SAIC 

CTH Blast prediction, CFD code (first principle) Sandia National 
Laboratories 

FEFLO Blast prediction, CFD code (first principle) SAIC 
FOIL Blast prediction, CFD code (first principle) Applied Research 

Associates, Waterways 
Experiment Station 

HULL Blast prediction (first principle) Orlando Technology 
SHARC Blast prediction, CFD code (first principle) Applied Research 

Associates, Inc 
DYNA 3D Structural response and CFD (Couple 

analysis) (first principle) 
Lawrence Livermore 
National Laboratory 

ALE3D Coupled analysis (first principle) Lawrence Livermore 
National Laboratory 

LS-DYNA Structural response and CFD (Couple 
analysis) (first principle) 

Livermore Software 
Technology Corporation 

EPSA-II Structural response (first principle) Weidlinger Associates 
FLEX Structural response (first principle) Weidlinger Associates 

ALEGRA Coupled analysis (first principle) Sandia National 
Laboratories 

Air3D Blast prediction, CFD code (first principle) Royal Military of 
Science College, 

Cranfield University 
CONWEP Blast prediction, empirical formulations 

(first principle) 
US Army Waterways 
Experiment Station 

ABAQUS Structural response and CFD (Couple 
analysis) (first principle) 

ABAQUS Inc 

AUTODYN Structural response and CFD (Couple 
analysis) (first principle) 

Century Dynamics 

 

All programs listed in the table have proven to be efficient and can produce 

results in good agreement with experimental results of structures under different static 

and dynamic loading conditions.  In the past years, there are many researches conducted 

using finite element methods to either reproduce the collapse mechanism of structures 

in an actual explosion event or to predict the possible structure responses under the 

impact of explosive blast pressure. Due to the complexity in modelling concrete 

material behaviour, many of the early researches focused on steel structures. For 

example, Houlston (1988) examined the response of a stiffened steel plate under the 
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airblast impact. An elasto-plastic material model and shell elements were used to model 

both the plate and stiffener elements. The displacement and strain solutions showed 

favourable agreement with the experimental results. However the agreement is only 

limited to the early stage of the simulation as Houlston neglected the in-plane forces 

which led to model’s response limitation in the study. Thus further improvement in the 

modelling technique is required in order to fully capture the dynamic response of the 

steel plate. 

An examination on the inelastic behaviour of a wide flange column with the loss 

of bracing due to extreme impact was carried out by Yoo and Plaut (1996). The 

commercial software ABAQUS was employed in this research to simulate an        

elasto-plastic material model with inclusion of vital properties such as strain hardening 

and residual stresses to model the behaviour of the wide flange column. From the 

numerical results the authors observed the plasticity development along the column 

during the simulation and in addition they have determined the critical collapsing load 

for this particular wide flange column. However, no experimental data were available to 

validate the accuracy of their results. 

A similar analysis was conducted by Shope and Plaut (1998) to examine one-

span steel columns subjected to a constant axial load and a uniform lateral blast load 

using ABAQUS. From the results of the one-span columns, the authors observed there 

is an existence of a critical blast impulse which can result in column collapse before the 

allowable deflection criterion is reached. Based on the analysis, the authors concluded 

that the critical impulse governs the collapsing response when the axial load is high, 

while the deflection criterion governs when the axial load is low. In addition, Shope and 

Plaut have examined the column performance after the introduction of both the residual 

stresses and the strain rate dependent yielding into the analyses. From the analysis the 

authors noted that the two factors can either (1) reduce the maximum axial load capacity 

of the column at low blast impulses or (2) increase the critical impulse of the column at 

low axial loads. Shope and Plaut (1999) then extended from their previous work to 

conduct an analysis on a two-span steel columns scenario. In this case, Shope and Plaut 

have concluded that under the additional stiffness and inertial effects from the adjacent 

span, the critical impulse of the two-span column was found to be significantly higher 

than one-span column. 

As most terrorist attacks may aim to demolish important reinforced concrete 

structures (e.g. embassies and government departments) many researches in recent years 
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investigate the interaction of blast wave with concrete structures and various failure 

mechanisms and damage of concrete structures under blast loadings. One of the earliest 

blast wave interaction studies was conducted by O’Daniel and Krauthammer (1997) 

who assessed the capabilities of a finite element code DYNA3D in simulating the 

dynamic interaction of a reinforced concrete structure system. In this study the structure 

system, composing of geological backfills, shock insulation material and partially 

buried structure, is subjected to high explosive at various standoff distance. By 

comparing the simulated results against the large scale experiment, it was noticed that 

the simulated results have overestimated the structure response by 15 % and 40 % for 

the 2 m and 3 m detonation, respectively. The cause of the discrepancy may be 

attributed to the inadequate mesh size and inaccurate material models employed. 

Nevertheless, it has demonstrated that it is possible to derive reasonable approximations 

of associated phenomena via the use of finite element code. 

Luccioni and Luege (2006) performed numerical analysis of a concrete plate 

subjected to various blast loads with different charge weights. Two commercial 

softwares, ABAQUS and AUTODYN 3D, were used to reproduce the damage zone of 

the concrete plate identified in a dynamic blast experiment so that its actual failure 

mechanism can be determined. In this study, both programmes had captured the 

deformation of the plate and observed the internal circumferential crack near the base of 

the concrete plate from the yielding of the lower reinforcement. However, akin to                  

O’Daniel and Krauthammer (1997), there is a significant difference in the vertical 

displacement acquired from the numerical analysis as compared to the experimental 

data. The reason for this discrepancy may be due to the deficiency in the simplified 

constitutive material model employed to represent the complex concrete material. 

Therefore, a more realistic concrete material model is essential in order to account for 

compressive and tensile failure under the blast impact.  

The effect of different dynamic loading conditions on concrete structure was 

studied by Ma et al. (2006). The authors used the LS-DYNA hydrocode to examine the 

instability of simply supported reinforced concrete beam subjected to (1) concentrated 

and (2) uniformly distributed loads. For this particular research, boundary condition was 

set to enable the development of axial forces and constrain the movement in axial 

direction. According to the simulations, the beam exhibited a counter intuitive response 

for some certain magnitude of pulse. This behaviour is believed to be initiated by the 

build up of compressive axial load during the rebound stage of the concrete beam and 
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created a snap-through response (Shope, 2006). Under these combined actions, the 

beam is observed to displace in the opposite direction to the applied pulse load.  

After many successful blast impact response prediction on simple structure 

components, Luccioni et al. (2004) and Mattern et al. (2006) have individually extended 

their researches to predict the collapse kinematics of a medium-rise building subjected 

to blast pressure. In Luccioni et al.’s case study, their aim was to regenerate the 

structural failure of reinforced concrete building caused by an internal explosion based 

on an actual terrorist event in year 1994. This study was conducted using a hydrocode 

program, AUTODYN, to model the detonation and propagation of blast wave as well as 

the wave interaction with structure. The spherical blast wave was firstly treated as one 

dimensional and the results of this analysis were then mapped into a three dimensional 

model which represents the surrounding environment. Doing so, the computational cost 

was reduced significantly. All building components were modelled in the study as they 

all have potential to disturb the blast wave propagation. For this study, the elasto-plastic 

material model was adopted for the reinforced concrete modelling to minimize the 

number of elements needed for the simulation and hence reduce the computational time. 

Simulated results have demonstrated that the use of the elasto-plastic material model is 

capable in reproducing the global response and the demolished region of the building in 

the actual event as shown in Figure 2-3 and Figure 2-4. 

 

 
Figure 2-3: Comparison between analytical simulations and actual damage (Luccioni et al., 2004) 
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Figure 2-4: Remaining region of structure after blast impact (Luccioni et al., 2004)  

 

In order to further minimise the computation time required for finite element 

simulation, Mattern et al. (2006) carried out an investigation on the use of combination 

of finite elements and rigid bodies to model the collapse kinematic of the reinforced 

concrete structure, similar to Luccioni et al. (2004)’s model, in a blasting process. 

However, because of the complexity of the kinematic system during collapse process, 

the numerical results were noticed to differ from the actual response captured. The main 

contributions to the differences are over simplified description of the material behaviour 

and ignoring the effect of debris impact in the explosion event. Hence the authors 

concluded that development of accurate structural material and failure criteria is 

essential for reliable building collapse prediction.    

As the use of eight nodes solid mesh elements is considered to be 

computationally expensive, Chen and Liew (2005) investigated the potential of using a 

combination of shell and beam elements to study the effects of internal explosion and 

fire on a portal steel frame. In this research, the frame members were modelled with 

shell elements for locations presumed to be influenced by the combined effects of fire 

and explosion while the beam elements were used for non critical members of the frame 

illustrated in Figure 2-5. The purpose for this approach was to achieve computational 

efficiency for large scale structure modelling and to accurately capture the behaviour of 

the steel frame. Authors have concluded that the use of beam elements has successfully 

modelled the frame structure but their application is only limited to sections that are not 

subjected to loads that can result in localized damage such as inelastic torsional 

buckling and shear yielding. 
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Figure 2-5: Modelling the collapse mode of frame using combined element approach (Chen and 

Liew, 2005) 

 
Another common approach to improve the efficiency of numerical simulation is 

homogenized material modelling. Wu and Hao (2005) used LS-DYNA to study the 

response of a single storey masonry infilled RC frame under the simultaneous ground 

shock and airblast impact generated by surface explosion of 1000 kg TNT. In this study, 

the authors used constitutive material law to define material constants and to account for 

various behaviour such as equivalent elastic properties, strength envelope and damage 

threshold of masonry. Based on the results acquired, it was found that in general airblast 

load governs structural damage and response when the standoff distance is less than      

2 m/kg1/3.  Nevertheless, as the standoff distance increases the effect of ground shock 

will progressively dominates the surface explosion effect on structure. Hence authors 

have concluded that structural damage will be underestimated by excluding the ground 

shock at large standoff distance.  Analysis was also conducted to study separately the 

effect between the two loadings as they are decoupled at large standoff distance. From 

the analysis, it was noticed for this particular case study of a single storey structure the 

ground shock had significant influence on the structural response of columns at high 

frequencies. However there is no observable difference in beams’ response under the 
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effect of airblast alone and combined load regardless of the standoff distance from the 

structure. 

Other than the focus on the structure response from the blast loadings impact, 

the effectiveness of retrofitting measures was also verified by the use of finite element 

approach. Moreland (2005) had conducted a thorough numerical study on the response 

of retrofitted masonry wall against air blast impact to justify Hamoush et al. (2002) and 

Tolba (2002) findings (i.e. the changes in performance of structures retrofitted with 

different thickness and fibre reinforced polymer (FRP) configuration, respectively). 

Moreland has analyzed various retrofit materials in the study which include low and 

high ductility steel plate composite, FRP arranged in different patterns (e.g. strips, ‘X’ 

brace layout and sheet) and spray on polymer at various scaled distances ranged from    

1 kg/m1/3 to 5 kg/m1/3. To make the simulations more realistic, she has divided all wall 

models into small segments so that each individual segment had different blast pressure 

applied onto it in accordance to their standoff distance away from the blast load. 

Bonding between the wall structures and retrofits were also accounted via the contact 

options available in LS-DYNA. From the simulations, Moreland has demonstrated the 

steel plate composite had provided a better resistance against blast impact than the FRP. 

However, FRP still provided a great improvement of the wall’s strength and exhibited a 

significant reduction in fragmentation. The layout of the FRP also played a vital part in 

determining the performance and in this case both the sheet and strip layout gave a 

higher resistance than the ‘X’ brace FRP arrangement which agrees well with the 

previous findings by other researchers. 

Motley and Plaut (2006) studied the blast resistant enhancement of steel portal 

frames when retrofitted with fibre ropes using the software ABAQUS. For this 

investigation several blast magnitude and rope stiffness coefficients were considered to 

examine the performance of the retrofitted steel frame. The force elongation behaviour 

of fibre ropes in tension was evaluated using both bilinear with initial slackness model 

and power law. The numerical results demonstrated that the fibre ropes can drastically 

reduce the frame’s dynamic response and prevent catastrophic failure. However 

experimental results are required for numerical model verification in order to minimize 

various uncertainties involved in the problem studied, and to provide better response 

predictions.   

For the current investigation, both AUTODYN and LS-DYNA computer 

programs are employed to determine the blast load pressures and to simulate the 
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structural response respectively. More discussions will be provided regarding the 

methodology in creating the numerical model in later chapters.  

As presented here that most of the researches had only limited to analyses of 

simple structures exposed to blast loadings. This might be due to both the limitation of 

computer and lack in the construction detail of actual building structures. Since there is 

a great possibility of explosion event which involve more complex structures, such as 

high rise buildings and bridge structures, it is essential to have a detailed understanding 

of their failure mechanisms so that they can be incorporated for the resistant design in 

the future.  

      

2.4 Research on Bridge Structures 

It has become evident in the past years that bridge structures are possible targets 

of terrorist attacks, in particular those large landmark bridges such as Golden Gate 

Bridge and Brooklyn Bridge (Mahoney, 2007). The reason that bridges, especially those 

that are constructed as an intersection point of highway network and/or act as the only 

route due to constraints of local geographic, have become attractive targets for terrorist 

actions is mainly due to easy accessibility and enables the most undesirable impact on 

human lives and economical disaster as evident in the collapses of Oklahoma Weber 

Falls Bridge and the I-35 Bridge in Minneapolis.  Having considered these factors, 

bridge engineers have paid special attention on the security of the bridge structures as a 

critical issue. However, detail studies of bridge structure damage to blast loadings are 

very limited in the open literature. To have an in depth understanding of the possible 

responses of different bridge structures under blast loads, more detailed analyses of 

bridge structures to blast loads are needed.  

Winget et al. (2005a and 2005b) focused on the analysis and design of different 

bridge components subjected to blast load. In this study they have employed the 

equivalent SDOF approach to examine the response of a hypothetical bridge under the 

impact of 1800 kg explosive. To further simplify the analysis, the bridge structure was 

constructed as an uncoupled system to reduce the computational effort. For the above 

ground components (i.e. girders, decks and beams), blast load was placed at various 

positions to determine the worst possible bridge response. From the analysis, authors 

observed the fact that below deck explosion induced greater damage in comparison to 

above deck explosion scenario. The reason for this outcome is attributed to the 
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reflection of blast wave in a confined area causing a significant enhancement in the blast 

pressure acting on the bridge. The bridge girder failed under this action since it was not 

designed for a tremendous uplift action. Through the use of coupled SDOF systems in 

modelling the structural pier, Winget et al. concluded the most likely failure modes of 

the bridge pier are the combined flexural and diagonal shear under the lateral blast 

pressure of 1800 kg explosive. The severity of these two failure modes may be reduced 

by the installation of steel jackets and FRP wraps around the pier to increase the pier’s 

flexural stiffness and shear resistance (FHWA and AASHTO, 2003). The authors also 

recommended that round shaped piers should also be used in constructing new bridge 

structures as their curved surface can increase the blast wave’s incident angle and hence 

reduce the loads acting on the pier. Yet, experimental validation is needed to verify its 

effectiveness in lessening the blast impact.  

Islam (2005) completed his dissertation entitled the Performance of AASHTO 

Girder Bridges under Blast Loading. The aims of the study are to assess the 

performance of AASHTO Type III concrete girder bridges, which is the design adopted 

for more than 90 % of highway bridges in Florida, USA, and to act as reference source 

for the development of blast resistant design guidelines for this bridge type in the future. 

For this research, a two span dual lane concrete girder bridge model, Figure 2-6 and 

Figure 2-7, was constructed in accordance to AASHTO Load and Resistance Factor 

Design (LRFD) methods using commercial software STAAD.Pro. The magnitude of the 

airblast pressure was estimated by employing the software ATBLAST. In order to 

simplify the study, Islam converted the blast loading of 500 pounds TNT in open air 

explosion into equivalent static loads in the analysis.  

 

 
Figure 2-6: Perspective view of AASHTO concrete girder bridge model (Islam, 2005) 
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Figure 2-7: Elevation of AASHTO concrete girder bridge model (Islam, 2005) 

 
Effect of blast loads was examined at five different locations in this research and 

they include; (1) beneath the mid span, (2) above the mid span, (3) above the end span 

of the bridge, (4) close proximity to the pier cap and (5) 1.2 m away from pier. Both 

moments and shear forces for the critical components were calculated for each blast 

load case. Information from simulations was then compared to the respective structure 

component’s ultimate capacity for failure classification. Based on the results acquired, 

Islam concluded the existing Type III AASHTO girder bridges cannot withstand the 

airblast pressure created by 500 pounds TNT explosive and all simulations have 

resulted in bridge girder collapse. Islam had also extended the investigation to 

determine the maximum blast impact resistance of the bridge’s components (i.e. 

minimum standoff distance and acceptable charge weight) using the trial and error 

approach. In this case Islam did not address the strain rate effect of materials in his 

research which could have led to overestimation of structural response because of 

inaccurate material modelling. In addition, the author had limited the structural 

behaviour under the effect of equivalent static loads. As RC structures behave vastly 

different under static load and dynamic load, the use of the equivalent static loads could 

have caused the numerical models to exhibit discrepancy to the structure performance in 

an actual event where blast load is in a close proximity to the structure (Bounds, 1998).   

To understand the response of different bridge type subjected to blast loads, 

Mahoney (2007) had investigated the effects from the consequences of a typical car 

bomb attack on bridge decks of three different bridge types: namely (1) prestressed 

concrete beam, (2) continuous steel plate girder and (3) cantilever truss bridge. All 

bridge models investigated were constructed with a nonlinear structural analysis tool 

SAP2000 and they were designed in accordance to AASHTO’s Standard Specifications 

for Highway Bridges for an HS20-44 live load. Parameters of all explosives attack 

scenario (i.e. weight and location of the explosive charge) were randomly generated via 

the probability distribution of the Monte Carlo simulation so that uncertainty can be 
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accounted for. Airblast pressure of the specific explosive weight was estimated using 

the software ATBLAST. Replacement cost of the bridges was also determined based on 

the damaged area, down time and casualties which were all assumed to undergo uniform 

probability distribution. The mean and standard deviation values of each probability 

distribution (i.e. the cost components) were calculated in order to approximate the upper 

and lower limit cost. From the results, none of the bridge can withstand the explosive 

charges randomly generated. In addition, the overall consequence varies between 

bridges due to different levels of damage experienced. Based on the estimated cost, both 

the casualties cost and down time cost were the governing factors in cost determination.  

In recent years there has been a dramatic increase in the number of suspension 

and cable-stayed bridges constructed due to their economical and construction 

advantages over ordinary concrete girder bridges when very long spans are needed.  

Thus it is of critical importance to understand the behaviour of these bridges under the 

action of blast loadings. With such information of long span bridges, appropriate 

protective and strengthening measures can be devised and implemented. 

For ordinary concrete girder bridge, explosion event occurred above deck might 

not necessarily cause bridge collapse depending on the size of the explosive. However, 

for cable supported bridges this action might not only give rise to a localised crater on 

bridge deck but also detachment of cables due to weakening of concrete at the anchor 

locations. Therefore, this action can have some influence on the stability of the overall 

structure for cases where the main supporting cables are damaged or disconnected from 

the deck. Realising the consequence of cable supporting bridge deck failure,              

Son et al. (2005) used a nonlinear finite element approach to study the behaviour of two 

different types of cable supported bridge deck (i.e. steel orthotropic box and composite 

plate girder deck) when subjected to a typical car bomb. In particular the authors 

focused on the dynamic failure mode of different steel and concrete materials that are 

commonly used for bridge construction in USA. The responses of orthotropic box deck 

have demonstrated the fact that ductility of steel is the key factor in determining the 

blast impact resistibility. In this case, steel with higher ductility exhibited better 

performance in both element and nodal responses in comparison to high strength steel. 

This is attributed to the greater brittle behaviour of the high strength steel leads to a 

poorer performance in blast event. For the composite deck, Son et al. had manipulated 

the thickness of the concrete material in constructing the bridge deck model in order to 

achieve the same plastic bending capacities. Based on the simulated results the use of 
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normal strength concrete has demonstrated better performance than high strength 

concrete. This is due to a thicker concrete slab used for the normal strength concrete 

simulation which enabled a greater total area of steel contribution. As a result, the 

normal concrete slab exhibited higher ductility and sustained less damage.     

Suthar (2007) studied the effect of combination of dead, live and blast load on 

Chesapeake Bay Suspension Bridge. Software SAP2000 was employed to construct the 

suspension bridge model for carrying out non-linear analysis of blast loadings. Blast 

loads of 500 pounds TNT were placed at three different positions and for this research 

the author had limited all cases to above deck explosion. Locations of blast loads were 

(1) middle of the end-span, (2) middle of the mid-span and (3) position on deck closest 

to the tower. By analysing the moments, axial loads and structural member 

deformations, Suthar concluded the suspension bridge experienced severe localized 

damage resulted from the blast load. The author had also carried out progressive 

collapse analysis by using nonlinear hinges for the members’ connections for areas in 

close proximity to the blast loads. The function of the nonlinear hinges is to redistribute 

the load to other members when deformation capacities are reached. This method 

enables progressive collapse to be simulated easily and require less computational 

efforts. Simulated results showed that although damages were identified on the bridge 

under the effect of blast loadings, collapse of the suspension bridge is unlikely to 

happen due to damages being highly localized on the bridge deck.  

As can be seen from the two investigations above, the authors have focused 

primarily on bridge deck explosion events and hence limited the possible response of 

the bridge structure after the blast impact. Therefore, further investigation is necessary 

by considering explosive impact on the vertical load supporting components in order to 

have a broaden perspective of all the possible response of cable supported bridge 

structures.     

 

2.5 Summary 

This chapter presents the four common approaches adopted by researchers to 

predict the dynamic response of structure elements subjected to blast and impact loads. 

These approaches include: 

1) Elastic Plate Theory 

2) Timoshenko Beam Theory 
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3) Single Degree of Freedom Approach 

4) Finite Element Method 

All approaches are found to be applicable in estimating the responses of both 

unretrofitted and retrofitted structures, however care and modifications must be 

incorporated in employing these methods depending on the nature of the case study and 

assumption made in the investigation. With the notice of the importance of wave 

propagation in dynamic blast event simulation, finite element method is chosen to 

simulate the blast effect on a cable-stayed bridge structure for the current research. 

Up to the present time, there is a limited investigation conducted regarding the 

response of bridge structures under the blast loading impact. In this chapter, the author 

has given detail description of some up to date bridge structure investigations which 

have focused on several issues such as predicting dynamic bridge response, damage 

induced on bridge due to contact blast load, cost analysis due to bridge failure and the 

effect of combination of different loading conditions. However, many of the studies 

have only focused on bridge deck explosion events and ignored other possible scenarios 

of blast loads on bridge structure which could result in bridge collapse. Another 

weakness noticed is the use of simplified material models and the simplified assumption 

in determining the blast load magnitude so that the numerical models may have not 

predicted reasonable responses.  Taking these important issues into account, precise 

finite element modelling is performed in the current investigation to study the damage 

and global response of a cable-stayed bridge structure under the influence of dynamic 

blast load placed at different positions on or near the bridge structure.    
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CHAPTER 3. Blast Loading Theory 
 

 

3.1 Introduction 

This chapter will present an overview of the nature of explosions such as blast 

wave’s mechanism and damage associated with the blast wave propagation. Discussion 

will also be made to state the difference between blast and seismic load as well as their 

effects on building structures. Lastly, it will review the Hopkinson-Cranz scaling law 

and other formulas proposed by various researchers which are commonly employed to 

estimate the blast overpressure for predicting building structures response. 

 

3.2 Definition of Explosion 

Explosion is defined as an action of violent release of energy in a short period of 

time to form a more stable substance. During the explosion process, part of the energy is 

released as thermal radiation and the remainder is coupled into the atmosphere as 

airblast and into the ground as ground shock (Marchand and Alfawakhiri, 2005). Highly 

explosive materials, such as trinitrotoluene (TNT) and cyclotrimethylenetrinitramine 

(RDX), must undergo the detonation process, which is defined as a rapid chemical 

reaction between explosive components to produce shock waves, to generate explosive 

effects. Both solid and liquid explosive materials are converted into high temperature 

pressure gas under the detonation process and this fast reaction is considered as the 

source of the strong blast waves propagating in air  (Meyers, 1994 and Mays and Smith, 

1995). During the propagation of the blast wave, air particles in the direction of the 

wave will be accelerated as intense hot gases at extremely high pressure and expand 

away from the center of the explosion. This blast wave will undergo changes during the 

propagation which include: (1) decay in strength, (2) elongation in the wave duration 

and (3) decrease in velocity. All these changes are caused by both divergence of the 

spherical blast wave in the atmosphere and the fact that the chemical reaction is 

reaching completion. 

Depending on the structure size and standoff distance between the explosive and 

structure, a building structure might be fully engulfed by the blast wave as it impinges 

on the targeted structure. The magnitude and the blast loads distribution on the 
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structure’s surface are governed by factors including explosive charge characteristics 

(e.g. weight and type), standoff distance between explosive and structure and the 

pressure enhancement due to interaction either with ground or structure itself or the 

combination of the two. All these factors need to be accounted as they have strong 

influences on the structural response (TM5-1300, 1990).  

 

3.2.1 Blast Waves in Air 

An explosion in air creates a blast wave as a consequence of energy 

accumulation, forcing the surrounding air particles to displace. An idealistic 

representation of a blast wave profile at a particular distance away from the centre of the 

explosive charge is depicted in Figure 3-1. 
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Figure 3-1: Blast wave pressure profile 

 
Figure 3-1 shows that the pressure remains at the ambient pressure level (Po) 

prior to the arrival of blast wave. As the shock front arrives at a specific location at time 

ta, the magnitude of the pressure rises instantaneously to a peak overpressure (Pso). This 

pressure will then decay to the ambient pressure level at the time ta + to. This part of the 

blast wave profile (i.e. from ta to ta + to) is often referred as positive phase. The pressure 

will eventually drop to the minimum negative pressure (Pso
-) below the ambient pressure 

which creates a partial vacuum in the local atmosphere. The pressure profile will then 

slowly increase to the ambient pressure at the time ta + to + to
-. This part of the pressure 

profile is termed negative / suction phase and it usually exhibits a longer duration than 

that of the positive phase. Besides the magnitude of the peak pressures, both positive 

and negative specific impulses are the important wave parameters of the pressure profile 
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governing the structural response to blast impact. The positive and negative impulses 

are defined as follows (Baker, 1973): 
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As the incident blast wave strikes a solid surface the wave will be reflected 

while the properties such as pressure, density and temperature are reinforced due to the 

interaction between the reflected and incident waves. The level of enhancement is 

dependent on two major factors: the peak incident overpressure and the angle of 

incidence. The greatest enhancement happens when the blast wave strikes at a 

perpendicular direction to the solid surface (i.e. normal reflection). This reflected blast 

wave (Pr) can have magnitude ranging from twice to twenty times the incident 

overpressure value in some extreme blast events (Mays and Smith, 1995). Figure 3-2 

shows that the results of both incident and reflected pressures are a function of scaled 

distance acquired by Balazs (1998).    

 

 
Figure 3-2: Comparison of incident and reflected overpressure and negative pressure (Balazs, 1998) 

 
Another important loading associated with blast wave is the dynamic pressure (q) 

that is formed by the movement of air particles at lower velocities (u), behind the shock 
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front. Although this loading impact is insignificant in comparison to the direct 

overpressure it still has great influence on the structure due to its wind drag effect. The 

dynamic pressure and its respective impulse are calculated by the following formulae: 
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3.2.2 Blast Load Induced Damage 

There are three types of localized concrete damage under direct impact of blast 

loads. They are named compression failure, spalling and scabbing. As the blast 

pressure in contact with the surface of an obstacle (i.e. a building structure) there will be 

an instantaneous rise in the compressive stress on the external face of the structure. 

These stresses can be sufficiently large to result in cratering surface (compressive 

failure). Compressive stresses will then propagate through the concrete in a form of a 

compressive shock wave which will continue to travel into the interior face of the 

concrete structure until it hits the boundary. Reflection of shock wave takes place at the 

boundary interface and initiates the tensile stress. Since tensile strength of concrete is 

much weaker than its compressive strength, tensile fracturing usually occurs on the 

interior face, resulting in debris being projected into the building structure (Mills, 1987). 

Another commonly occurred damage is known as scabbing. This happens when large 

and rapid plastic deformation of structure causing lumps of concrete to be detached 

from the interior face. The lumps might then be projected into the interior in a similar 

manner to spalling. Figure 3-3 illustrates the damage of a concrete slab under blast load 

impact. 

 

 
Figure 3-3: Contact detonation on a concrete slab (Gebbeken and Ruppert, 1999) 
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Besides the immediate and localized blast effects, progressive collapse must also 

be considered as it not only imposes threats to the building structural integrity but also 

public safety. Progressive collapse of building is triggered by the alteration in either 

boundary conditions or loading pattern (or combination of the two) such that structural 

elements are loaded beyond the design ultimate strength and then collapse. Under these 

circumstances, the residual structure will search alternative paths for redistribution of 

excess load. This can be accomplished either by finding a stable alternative load path or 

by shedding load (i.e. as by-products of failing elements). 

 Many guidelines are proposed (e.g. Balance Survivability Assessment, (SwRi, 

1994) and Structural Design for Physical Security – State of the Practical Report, 

(Conrath et al., 1999)) and incorporated in subsequent British Standards (e.g. HMSO, 

1991; BSI, 1996 and BSI, 2000) in constructing civilian structures such that the 

structural damage severity can be reduced when exposed to either accidental or hostile 

explosion threats. Although the effectiveness of these guidelines has been attributed to 

the good performance of numerous buildings that were subjected to actual blast loading, 

it might not always be possible to quantify the risk of progressive collapse of the 

structure as there are various crucial factors that can influence the failure process of the 

building (Krauthammer, 2004).  

 

3.3 Comparison of Blast and Seismic Load Effect on Structures 

As there is a dramatic increase in incidents of civilian structures being partially 

damaged or completely demolished under dynamic loading, many buildings have now 

incorporated protective design to act against dynamic loads such as blast impacts and 

seismic activities. The focus of structural design against these dynamic loads is mainly 

on life security. The blast resistance design includes life protection issue, progressive 

collapse mechanisms and structure redundancy (NIST, 2001 and Islam, 2005).  

Although blast and seismic loadings are both classified as dynamic loadings, 

there are differences exhibit between the two. For instance, blast loads damage 

structures by the spherical/hemispherical blast wave generated by explosive charges 

while seismic loads damage structures indirectly by the ground shaking. Another 

dissimilarity of the two loads is that explosion impact is comparatively localised so that 

the structures in close proximity to the explosive charge could suffer severe damages 

whereas seismic epicentre develops far below the earth surface and its effect is more of 
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a global nature. As a result of localized nature of blast impact, this can be the 

mechanism for triggering progressive or disproportionate collapse of structures as the 

worst consequence associated.  

While both loadings are considered to be unpredictable, seismic activities can be 

categorized based on the geographical locations. In addition, its magnitude can be 

specified from the aftermath of an earthquake. A diagrammatical representation and a 

summary of the differences between the two dynamic loadings are displayed in      

Figure 3-4 and Table 3-1 respectively. 

 

 

 
             Short Duration,                                          Long Duration, 

Significant Above Ground Pressure Pulse     Various Ground Shaking Magnitude 

 

 
Localized Damage                                  Global Damage 

Figure 3-4: Comparison of blast and seismic action on structures (NIST, 2001) 
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Table 3-1: Summary of difference between blast and seismic load (Islam, 2005) 

BLAST LOAD SEISMIC LOAD 
1. Damages structures through propagating 

hemispherical/spherical pressure waves. 
1. Damages structures through lateral 

ground shaking. 
2. Targeted structure will suffer pressure of 

high amplitude.  
2. No specific targeted structure. 

3. Direct contact with the structure. 3. Seismic epicentre is deep below 
earth surface. 

4. Short impact duration (i.e. in terms of 
milliseconds). Thus material strain rate 
effects become critical and must be 
accounted in predicting structure 
performance. 

4. Long impact duration (i.e. seconds). 

5. Unpredictable occurrence. 5. Unpredictable but can be described 
in the aftermath of an earthquake. 

6. Predominantly localized action. 6. Global action. 
7. Dependant on geographic location. 7. Highly dependant on geographical 

location. 
8. Categorized by standoff distance and 

explosive charge weight. 
8. Categorized in accordance with the 

geographical locations. 
9. Prevention is possible via implementing 

security measures. 
9. Prevention is not possible. 

 
Over the years, a significant knowledge base exists for seismic resistant design 

while there is only very limited information for the explosion knowledge base and 

protection design. Because of the extensive knowledge with regards to the seismic 

loadings, continuous researches have been conducted to investigate the applicability of 

seismic strengthening and energy dissipation technology to blast resistance. For 

example, Corley (2002) and Hayes et al. (2005) concluded that, based on numerical 

approach, application of earthquake resistant detailing and mechanical full capacity butt 

splices to strengthen the external elements of the Alfred P. Murrah Federal Building 

could have reduced the damage induced by external blast load, lower the chance of 

progressive collapse and hence improved the survivability of the building.  Nevertheless, 

since blast loading invokes a more dramatic response than those associated with seismic 

event, the adequacy of seismic design in blast event is still in doubt.  

 

3.4 Evaluation of Blast Impact Pressure 

Accurate dynamic blast pressure is one of the key parameters in both reflecting 

the blast pressure characteristics and determining the dynamic structural response after 

the impact of a specific charge weight. However, full scale explosion testing is not 

always possible as it is prohibitively expensive in terms of equipment setup and large 
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area required in conducting the experiment. As a result, engineers and researchers often 

utilize the scaling laws to determine the blast wave’s parameters for large scales 

explosion using smaller scales explosion tests database with similar atmospheric 

condition. 

Amongst all the scaling laws, the Hopkinson-Cranz law is the most common law 

exploited to estimate the blast wave’s characteristic from explosion and that it has been 

thoroughly verified by many large range explosive charge energies experiments 

conducted (Baker, 1983). To explain the concept behind the Hopkinson-Cranz scaling 

law the best is to consider two individual TNT charges with mass W1 and W2 of 

diameter d1 and d2 respectively such that the ratio is ξ, i.e. d1/d2. Since the mass of the 

TNT explosive charge is proportional to the cubic of its diameter it follows that: 
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The scaling law states that under the same atmospheric condition if identical 

blast pressure with amplitude P is created from two charges then the ratio ξ will be 

preserved for the ratio of positive phase duration (td), positive impulse (I) as well as the 

distance between the charge and the measurement point (R). Hence, the expression 

above can be extended to the relationship shown below and diagrammatically 

represented in Figure 3-5.                       
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Figure 3-5: Representation of the scaling law 
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For simplicity it is common to characterize the pressure loading in terms of 

scaled distance Z (= R/W1/3). From Equation (3-6) it shows that Z is a constant of 

proportionality and as long as its magnitude remains the same, the same parameters for 

the explosive effects (i.e. peak pressure, positive duration, etc) should be acquired 

(Mays and Smith, 1995). The specification of scaled distance is useful for this field of 

work as it enables efficient presentation of complicated blast wave database for a wide 

range of scenarios and it is currently employed in the army manual TM5-1300 as shown 

in Figure 3-6 and Figure 3-7.  

 

 

 
Figure 3-6: Positive shock wave parameters for spherical charge at various scaled distance (TM5-

1300, 1991) 
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Figure 3-7: Positive shock wave parameters for hemispherical charge at various scaled distance 

(TM5-1300, 1991) 

 
It should be noted that the Hopkinson-Cranz scaling law and data in Figure 3-6 

and Figure 3-7 neglect the effect of incidence angle between blast wave and structure 

(i.e. pressures measured are normal to the impact surface). Any increase of the 

incidence angle between the blast wave and structure surface can result in a significant 

decrease in the reflected pressure (Williams et al., 2007). Thus, it is important to 

account for the effect of incidence angle in determining airblast pressure so that 

accurate structural response prediction can be achieved.   

 

3.5 Review of Blast Pressure Empirical Formulae  

As mentioned in Section 3.2.1, the blast pressure time history comprises of both 

the positive phase and the negative phase. However, many researchers and structural 

engineers tend to ignore the negative phase of the blast pressure time history to 

minimize the effort required to conduct numerical simulations since the effect of the 

negative phase is negligible as compared with the positive phase. Hence the blast 

pressure time history can be simplified to a linear function as shown in Equation (3-7): 
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From this equation it states that both the peak reflected pressure and positive phase 

duration are the essential parameters to describe the blast pressure time history. 

There are numerous empirical equations developed to estimate the peak blast 

pressure due to explosions on open sites over the past decades. One of the earliest 

equations proposed is derived from Brode (1955). He expressed the peak pressure at the 

shock wave front in unconfined atmosphere in relation to the scaled distance as follows: 
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where the scaled distance is measured in m/kg1/3. 

Similar formulae were proposed by Henrych (1979) who defined the peak 

pressure in an unlimited atmosphere by three functions in relation to the scaled distance: 
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Mills (1987) suggested the following empirical formulae to calculate the peak 

pressure: 
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Many researchers have proposed different methods to determine the peak blast 

pressure for spherical explosion. These researchers include                  

Naumyenko and Petrovskyi (1956), US Air Force Manual AFM 88-22 (1969),    

Kingery and Bulmah (1984) and Conwep (1992), a computer package developed with 
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estimation based on TM5-1300 code (1990). In order to relate these formulae to 

hemispherical explosion cases (i.e. ground contact explosion) a scale factor ’2’ should 

be applied to the charge weight in calculating the scaled distance, i.e. 3/1)2/( QRZ = . 

The empirical formulae above are used to estimate the peak pressure of the 

shock wave as it travels through the atmosphere. However as the blast wave reflect off 

the structure, interaction between incident and reflected waves will increase the 

magnitude of the effective pressure acting on the structure (Mills, 1987). The enhanced 

peak reflected pressure can be calculated by the formula below: 
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A plot of the peak reflected pressure, as predicted by various researchers, against 

the scaled distances is shown in Figure 3-8. It shows that there is generally a good 

agreement between the experimental and numerical results, except for the case that 

scaled distance is below 0.3 m/kg1/3 and above 10 m/kg1/3 where the experimental and 

numerical results appear to deviate from each other. In addition, this deviation increases 

as the scaled distance reduces below 0.3 m/kg1/3 or increases beyond 10 m/kg1/3. The 

reason behind this observation may be due to difficulties experienced in measuring the 

air blast pressure accurately at small scaled distance either those from explosion tests or 

derived from numerical simulations (Wu and Hao, 2005). 
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Figure 3-8: Peak pressure prediction by various researchers 
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Instead of treating the blast loading history to be a simple linear function many 

researchers believe that the blast loading decays exponentially as shown in the equation 

below: 

 
t

r ePtP α−=)(  (3-15)

 
where α is the decaying rate for cases in which only the positive phase of the blast 

pressure time history is considered. The decaying rate can be determined from the 

loading duration (td) of an idealised triangular blast load history by postulating the 

conservation of positive impulse as follows (Low, 2001): 
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The derivation shows that the decaying rate is dependent on the blast loading 

duration as for which references such as TM5-1300 and AFM 88-22 can provide 

guidelines. These references also provide details for incident impulse (Is), normal 

reflected impulse (Ir), blast wave arrival time (ta), shock front velocity (U) and 

wavelength of positive phase (Lw), in which they are all given against scaled distance as 

shown in Figure 3-6 and Figure 3-7. 

Friedlander equation (Baker, 1973) can also be adopted to illustrate the blast 

pressure time history. It is expressed in the following form: 
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where Pso is the peak incident pressure, td is the positive duration and b is the waveform 

parameter which governs the decay rate of the pressure time history. The waveform 

parameter can be determined by using the plot in Figure 3-9.  
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Figure 3-9: Additional blast wave parameters for spherical charges of TNT in free air (Mays and 

Smith, 1995)  

 

Wu and Hao (2005) derived blast pressure history equation which accounts both 

rise time (Tr) and the decay time (Td) of the blast pressure. These two parameters can be 

calculated using the equations 
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The total positive duration is calculated by a summation of Tr and Td. Using these two 

parameters a linear rising and exponential decaying equation are defined for the blast 

pressure time history. 
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As stated previously blast wave interactions would increase the magnitude of the 

peak blast pressure, thus it is necessary to convert the peak incident pressure to peak 

reflected pressure to avoid underestimating the blast pressure. In this case,                  

Wu and Hao (2005) derived an equation based on numerical simulation of surface 

explosions with a rigid wall located at a distance R away from the center of the 

explosive charge. The equation is expressed as follows: 

 

206.1)(85.2 soProP =   for 50<soP  MPa (3-23)

 
By comparing the results evaluated by Wu and Hao’s equations with some of the 

previous studies produced by Henrych and TM5-1300 as shown in Figure 3-10, 

comparable predictions are obtained by the three approaches.  

 
 

Henrych

Wu and Hao

TM5-1300

 

Henrych

Wu and Hao

TM5-1300

 
Figure 3-10: Validation of Wu and Hao against other standard results (Wu and Hao, 2005) 

 

More aspects will be discussed later in Chapter 5 regarding the methods chosen 

to estimate and simulate the air blast pressure in the structural model for all the case 

studies conducted in this research.  

 

3.6 Summary 

This chapter reviews the blast wave theory and the types of damage may be 

experienced in an explosion event. Discussion on the difference between seismic and 

blast load impact is also made. Although suggestions from researchers have brought 

forward the utilizing of seismic resistant and strengthening design for blast loading 
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protection, more investigation on their applicability is needed due to the difference 

between the loading characteristics. 

Various blast loading equations are reviewed in this chapter. Comparison of 

numerical results shows that there is a good agreement between numerical results and 

experimental results. Nevertheless, under extreme situations (i.e. charge in close 

proximity or located at a scaled distance greater than 10 m/kg1/3) disagreement is 

identified. This could have resulted from inadequate set up of numerical model, such as 

mesh size and material properties, and difficulties in conducting experimental 

measurements. In order to minimize the chance of incorrect prediction of blast loading, 

both numerical blast simulation and experimental results from TM5-1300 are 

implemented for the current investigation to calculate the blast pressure created from the 

explosive charge. More will be discussed in Chapter 5 of the thesis.  
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CHAPTER 4.  Finite Element Analysis  
 

 

4.1 Introduction 

Due to limitations in computing technology in the past, many structural analyses 

were conducted based on the simplified SDOF model. Although the SDOF method is 

capable of providing engineers with a reasonable estimation of structural response, it 

cannot provide detailed analysis on the localized structural failure under extreme blast 

loading. Nowadays, finite element method is more commonly used for structural 

analysis and in particular it has become a necessary tool to model and simulate 

reinforced concrete system. This chapter aims to provide information on the function of 

the commercial software LS-DYNA and discusses the concepts for the explicit finite 

element analysis. In addition, methods currently employed for finite element modelling 

of reinforced concrete structures are reviewed. 

 

4.2 Description of LS-DYNA 

Finite element method has become an essential tool in engineering research and 

industrial design these days. Its applications include earthquake engineering, structural 

failure analysis, hydraulic simulations and others. There are numerous finite element 

softwares available in the market such as ABAQUS, AUTODYN and SAP2000. In this 

research, the commercial software LS-DYNA is employed for the structural analysis.  

LS-DYNA is a transient dynamic finite element code. It is commonly used to 

analyse structures experiencing large deformations using explicit time integration which 

will be discussed in Section 4.3. It is very efficient in solving highly nonlinear dynamic 

problems with rich material resources available. It is used throughout this research to 

model the bridge responses under the effect of blast loading. LS-DYNA comprises of 

two basic components as follows: 

1) LS-DYNA Pre-processor – The pre-processor named ‘Virtual Proving 

Ground’ (VPG 3.2) is employed to create the finite element bridge model. It 

contains various material resources, either from the material library or user 

defined material model, which enable users to accurately define the element 

properties and the structural behaviour. Other functions such as contacts for 
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treating interaction between disjointed parts, boundary conditions and load 

implementation are also provided for the model simulation. 

2) LS-DYNA Post-processor – This function is to assist users to interpret and 

visualize the output data. Some of the results that can be visualized include 

structural deformation, stress contours, strain contours and displacement 

contours. From the results, users can then predict the structural response of 

the actual system when subjected to a specific static/dynamic loading. 

 

4.3 Comparison of Implicit and Explicit Finite Element Analysis 

There are many engineering studies, as those highlighted previously, which 

involve non linear quasi-static situations. For these complicated studies, solutions can 

be determined either by implicit or explicit finite element analysis. Both of the functions 

are available in LS-DYNA. 

The main difference between the two methodologies is their procedures in 

calculating the state of motion of the finite element. In implicit solution techniques, the 

computation of the nodal displacement, 1+nu  at time t requires information of its 

derivatives (i.e. velocity 1+nu&  and acceleration 1+nu&& ). Hence, implicit methods can be 

expressed as the following equation:  

 

( )......,, 111 nnnn uuufu +++ = &&&  (4-1) 

 
Since the magnitude of 1+nu&& , 1+nu&  and 1+nu  are all unknown, application of 

simultaneous equations or iterations is necessary for determining 1+nu .  

Conversely, explicit solution techniques require only information of previous 

determined state of motion in estimating the current nodal motions which can be written 

in the form: 

 

( )......,,1 nnnn uuufu &&&=+  (4-2) 

 
In this case, the explicit solution can be solved directly as it does not require 

details of current time derivatives of displacement as for the implicit solution methods. 

The dynamic explicit approach is adopted for the current study as it has several 

advantages over the implicit approach. For instance, the formation of global stiffness is 

necessary when applying implicit solution approach in solving dynamic problems. As a 
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result, more computational effort is needed for inverting stiffness matrices to solve 

models with numerous degrees of freedom or cases with present of nonlinearities 

(Tavarez, 2001). On the other hand, global stiffness is not required when explicit 

approach is implemented since solution is acquired on an element-by-element basis. 

Consequently the explicit methods are characterized with high computational efficiency 

and less memory required in finite element simulations. Other advantages include easy 

implementation of studies involving large deformations, sliding and contact constraints 

and offer accurate treatment for nonlinearities. However, one shortcoming with explicit 

solution approach is that it is conditionally stable only when its operator is limited with 

the maximum time increment to be less than a critical value of the smallest transition 

times for stress wave to propagate through the element mesh (Kim et al., 2003). Given 

this, it may lead to excessive simulation time as the degrees of freedom of the model 

increases and thus its efficiency is greatly dependent on the mesh refinement.   

Among many explicit approaches LS-DYNA utilizes the central difference 

method, a widely used explicit approach, in solving the motion of the interested system. 

In this method, the solution of the equation of motion for the system is determined by 

direct integration through the use of the following formulae: 

 

2
111 +++ Δ+=
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The acceleration at the initial stage of the increment can be estimated with the 

following equation: 

 

( )nnn IFMu −= −1&&  (4-5) 

 
where M is the mass matrix, F is the applied force vector and I is the internal force 

vector. To ensure stability the explicit integration operator of the central difference 

method is subjected to a time step limitation: 

 

dC
Lt ≈Δ  

 
(4-6) 
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where L is related to the element dimension and Cd is the stress wave speed as it travels 

through the element.  

Although finite element analysis is an efficient tool, it must be used with care as 

even a minor factor can seriously affect the accuracy of the results. Some of the factors 

are the mesh size of the element adopted in the analytical model and boundary 

conditions pre-set in the model. Any inappropriate assumptions in developing the model 

can result in wrong conclusion which in turn leads to inaccurate design of the real 

structure. 

 

4.4 Common Finite Element Modelling Techniques 

Combinations of elements are often employed in finite element models to 

represent concrete and steel reinforcement in finite element models of reinforced 

concrete structures. As with today’s computational technology, there are three effective 

ways to model reinforced concrete in a three dimensional finite element model, namely 

(1) the discrete model, (2) the embedded model and (3) the smeared model.  Since 

each technique exhibits different advantages and disadvantages, users should choose the 

most appropriate technique depending on the application and the level of accuracy 

needed from the finite element model. However, it should be noted that realistic 

structural response not only depends on adequate modelling techniques but also correct 

material formulations. Further discussion on material formulation will be presented in 

Chapter 5 of this thesis. 

 

4.4.1 Discrete Modelling 

For discrete modelling, concrete and steel reinforcements are commonly 

modelled with solid elements and beam elements respectively. There are shared nodes 

for the connection between the solid concrete mesh and reinforcement beam elements as 

shown in Figure 4-1. A perfect bond assumption is usually made between the 

reinforcement and the concrete when applying this methodology. Due to the perfect 

bond assumption, the bond slip between reinforcement and concrete is taken as a 

property which is fully dependent on the failure of concrete element. For analysis in 

which the bond slip issue is of importance, it can be accounted for in finite element 

models either using one of the contact functions known as CONTACT 1D in LS-DYNA 

or use spring elements to model the bond slip between concrete and steel reinforcement 
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meshes. These spring elements are dimensionless in the physical model, only their 

engineering properties are vital in the simulations. The main disadvantage of using this 

method is that the size of the concrete mesh is controlled by the position of the 

reinforcement bars. This leads to excessive computational time as many solid concrete 

elements need to be created to suit the spacing of the reinforcement bars.  

 

 
Figure 4-1: Discrete modelling of reinforced concrete (Tavarez, 2001) 

 

4.4.2 Embedded Modelling 

This type of modelling has an advantage over the discrete modelling as the 

concrete mesh size is independent of the position of the reinforcement. In this approach, 

the reinforcement beam elements are built into the concrete meshes such that 

displacement of the reinforcement beam elements and the surrounding concrete meshes 

would be the same. In other words, the movement of the reinforcement elements is 

governed by the intersection points between the concrete and reinforcement elements as 

shown in Figure 4-2. In this case a special command known as CONSTRAINED 

LAGRANGE IN SOLID must be implemented to ensure the movement of the 

reinforcements is restricted by the concrete meshes. 

 

 
Figure 4-2: Embedded modelling of reinforced concrete (Tavarez, 2001) 
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The embedded formulation is generally implemented for cases where the 

concrete structures have a very complex reinforcement arrangement. Although this 

method offer the advantage of independent choice of concrete mesh size, the creation of 

extra nodes from the reinforcement elements increases the number of degrees of 

freedom in the structural system and hence increases the computational effort. As a 

result, careful use of this method is necessary to avoid excessive run time and this 

method is still considered to be too time consuming for industrial use in analysing the 

behaviour of actual reinforced concrete structures. 

 

4.4.3 Smeared Modelling 

Smear formulation is considered to be computationally efficient as compared to 

the discrete and embedded formulation. For this technique, the reinforcement is smeared 

into the solid element by assuming that it is uniformly distributed over the concrete 

meshes as shown in Figure 4-3.  

 

 
Figure 4-3: Smeared modelling of reinforced concrete (Tavarez, 2001) 

 

Consequently, the smeared model has the combined advantages of the two 

previous formulations in which the mesh size is not restricted by the position of the 

reinforcement and no additional nodes are created so that the computational effort can 

be kept to minimal. Under the uniform distribution assumption the material properties 

such as bulk modulus, shear modulus and yield strength of the smeared model are 

constructed based on the composite theory of the individual properties of concrete and 

reinforcement which can be expressed with the following equation: 

 

RrCr EfEfE +−= )1(  (4-7) 
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where E is the material property of the smeared model, fr is the percentage of 

reinforcement, EC is the concrete material property and ER is the reinforcement material 

property. However depending on the theme of the analysis, this technique is generally 

adopted when the structures are very large or when the detail of the reinforcement is not 

of interest. 

 

4.5 Summary 

This chapter reviews the difference between implicit and explicit finite element 

analysis in determining the motion state at every time step of the simulation. In order to 

minimize the computational effort required for the simulation, explicit analysis is 

adopted for this research.  

Three common techniques in modelling reinforced concrete are discussed. For 

this research, both discrete and smeared formulations are adopted to model the 

reinforced concrete element. The precise discrete formulation is applied to areas in 

which the air blast pressure is considered to have significant effect on the structure and 

the smeared formulation is for the remainder elements of the structure. Thus the purpose 

of smeared elements is to provide the dead load on the bridge element and to show the 

overall response of the cable-stayed bridge structure when specific component is 

damaged under extreme blast loading.  
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CHAPTER 5. Finite Element Model of the Cable-
Stayed Bridge 

 

 

5.1 Introduction 

The following chapter reviews the physical properties of the bridge model, 

describes the various element meshes adopted, and gives description on blast pressure 

modelling for this research study. It consists of four main sections. The first section of 

this chapter aims to provide a detail description of the cable-stayed bridge. Functions 

employed to establish boundary conditions, resist penetration of meshes and load 

application will also be discussed in detail. It then follows by a comprehensive 

description on the formulation of the material models, such as concrete, steel 

reinforcements, steel plate girders, cables and carbon fibre reinforced polymer (CFRP). 

It will also review the current recommendations in considering the strain rate effects for 

concrete and steel materials. Lastly, it will be concluded by presenting the 

methodologies employed to model the air blast pressure for different case scenarios. 

 

5.2 The Finite Element Models for the Cable-Stayed Bridge 

A three-dimensional basis approach was chosen for analysing the bridge 

structure subjected to dynamic blast load for all case studies conducted. This technique 

is important in examining the correct failure mechanisms of the structure since a highly 

accurate finite element model is required to produce results that are comparable to the 

actual physical system. Due to the limitation of both the one-dimensional and two-

dimensional approaches in simulating the failure mechanisms of the rather complex 

bridge structure analysed in this study, the initial unsymmetrical local damage of the 

structures during the blast loading phase, and hence the subsequent global response of 

the bridge, the three-dimensional analysis is considered to be the most appropriate. 

 



CHAPTER 5                                        Finite Element Model of the Cable-Stayed Bridge 

58 

5.2.1 Bridge Description 

In this research, a modern cable-stayed bridge is chosen as an example to 

investigate the response of bridge structures when subjected to air blast pressure arisen 

from a typical truck bombing event. Total length of the bridge analysed is 1600 m with 

a steel-concrete composite main span of 1018 metres long and prestressed concrete back 

spans of 210 metres each on the two ends of the bridge. All dimensions adopted for the 

purpose of the studies are made based on the cable-stayed bridge data recorded in 

HKSAR (2006) and Kite and Hussain (2007). Approximations of shape and geometries 

of the cable-stayed bridge are made in the finite element modelling process owing to the 

limited information available. Using these references, the general arrangement of the 

bridge model is shown in Figure 5-1.   

 

 

Main Span Cable Spacing ~ 18 m

Back Span Cable Spacing ~ 10 m

Main Span: Composite Steel Girder (1018 m) Back Span: Prestressed 
Concrete Girder (210 m)

70 m

298 m

74 m A Total of 224 Parallel Wire Strand Cables

Main Span Cable Spacing ~ 18 m

Back Span Cable Spacing ~ 10 m

Main Span: Composite Steel Girder (1018 m) Back Span: Prestressed 
Concrete Girder (210 m)

70 m

298 m

74 m A Total of 224 Parallel Wire Strand Cables

 
Figure 5-1: Finite element model of the prestressed cable-stayed bridge structure 

 

5.2.1.1 Tower Configuration 

The 298 m tall towers are shaped such that at the base it is in a circular shape 

with a diameter of 18 m and elongated by 6 m long straight sides. Both the straights and 

radius of the curved sections reduced as the towers increase with height. The towers are 

circular with a diameter of 14 m at the deck level, approximately 74 m above the ground 

level, and further reduced to 11 m at 175 m above ground level. This diameter is 

maintained constant for the full height at 298 m above ground. The hollow section wall 

thickness is constant of 2 m up to the deck level and then reduced to 1.4 m at the height 

of 175 m to 298 m (i.e. upper tower). In addition, 20 mm thick stainless steel plates are 

applied on the surface of the upper tower for the connection of cables.   

 



CHAPTER 5                                        Finite Element Model of the Cable-Stayed Bridge 

59 
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2 m18 m
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24 m

2 m18 m

11 m

8.2 m

(a) Ground Level            (b) at 175 m Height
  

Figure 5-2: Schematic view of structural tower and its cross section dimensions (not to scale) 

 

5.2.1.2 Pier and Cable Configuration 

The piers are designed with twin hollow box sections. Their dimensions are     

10 m in width and 4 m in depth with walls designed to be 500 mm and 1 m thick as 

shown in Figure 5-3. A total of 224 parallel strand wire stay cables, with a diameter of 

170 mm, are arranged in a fan layout. These cables are attached to the upper tower and 

outer edge of the bridge decks to maintain the stability of the long span. For this cable-

stayed bridge the stay anchorages are spaced at approximately 10 m at the back spans 

and 18 m at the main span, respectively.  

 
   

 
10 m

0.5 m

0.5 m 1 m4 m

10 m

0.5 m

0.5 m 1 m4 m

Figure 5-3: Schematic view of structural pier and its cross section dimensions (not to scale) 

 

5.2.1.3 Back Spans and Main Span Description 

Both the back spans and main span of the twin deck system are constructed to 

have a total width of 53.5 m (i.e. each deck is 26.75 m in width as shown in Figure 5-4 

and Figure 5-5, respectively). The back spans are hollow box section girders with both 

the flange and the web thickness approximately 500 mm. A similar shape is adopted for 
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the main span, with 250 mm thick concrete pavement placed above the 20 mm thick 

steel plates. In addition, the stiffeners of the main span are made of the 12 mm thick, 

250 mm high and 300 mm wide steel plate. They are spaced at 600 mm apart measured 

from the center of the adjacent stiffener. 
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Figure 5-4: Schematic view of concrete back span and its cross section dimensions (not to scale) 
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Figure 5-5: Schematic view of composite main span and its cross section dimensions (not to scale) 

 

The three-dimensional finite element meshes for all the bridge components are 

created in Virtual Proving Ground 3.2 (VPG 3.2/Prepost). Four different types of 

elements are adopted in the study. They are solid elements to represent the concrete, 

shell elements to model the steel components of the main span and the stainless steel 

skin for the upper towers, beam elements to represent the steel reinforcement and 

discrete cable beam elements for the stayed-cables. The use of the discrete cable beam 

elements enables users to input the initial cable force so that the bridge structure can 

remain in equilibrium under self weight and traffic loads. 

 As revealed from the previous figures, four different models are developed to 

investigate the response of the cable-stayed bridge when subjected to a typical truck 



CHAPTER 5                                        Finite Element Model of the Cable-Stayed Bridge 

61 

bomb. Due to the large size of the investigated bridge model, the dynamic analyses are 

conducted in three stages. Firstly, it is to simulate the air blast pressure caused by the 

charge weight and estimate the blast loads acting on the bridge. Secondly, it is to 

analyse the damage severity of each individual component near the blast center. Lastly, 

the structural component which has been seriously damaged by blast loads will be 

removed from the bridge model to scrutinize the bridge structure response under the self 

weight and traffic loads.  

 

5.2.2 Mesh Description 

Table 5-1 displays the number of elements used to develop different components 

of the cable-stayed bridge for each separate blast analysis as well as the bridge model 

employed in conducting progressive collapse analysis. It is worth noting that although 

LS-DYNA has an extensive library of element formulations, such as fully integrated 

solid and axisymmetric solid, simple constant stress element formulations are chosen 

for the efficiency purpose in constructing the finite element models for this 

investigation.  

 
Table 5-1: Total number of each element type for the finite element model of the bridge  

 Pier Tower Back Span Main Span Simplified Bridge 
Solid Elements 906814 837113 860128 736221 34187 

Beam and Cable 
Elements 

106400 132098 128711 81867 224 

Shell Elements - 1020 17128 167909 34088 
Total 1013214 969211 1005967 985997 68499 

 

5.2.2.1 Concrete Element Description 

In this study, 8-nodes constant stress solid elements with 1-point quadrature 

integration are employed to model the concrete members in the bridge as shown in 

Figure 5-2 to Figure 5-5. A drawback with the application of 1-point integration in finite 

element modelling is to necessitate the control of zero energy model development, 

known as hourglassing modes, which might initiate an error termination during the 

data processing. In the present study, the Flanagan-Belytschko viscous form is used as it 

is recommended for simulations associated with high velocity impact and highly 

distorted element meshes. 
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As will be discussed later, the mesh size has significant effects on the behaviour 

of the structure responses to dynamic blast loads. Usually a very small mesh size is 

needed to ensure a reliable prediction of structural responses to blast load. However, it 

is neither possible owing to the computer power limitation nor necessary to use very 

small mesh size throughout the entire bridge structure, as the direct blast damage is only 

limited to a small area of the bridge components near the blast center. Therefore the 

mesh size in the model increases progressively as the distance from the center of the 

explosive charge increases. Moreover, precise modelling (i.e. by discrete modelling 

method) of reinforcement and concrete is applied only to the areas that are postulated to 

be highly affected by the blast loads in order to predict the failure mode correctly. The 

position of the reinforcement elements is another factor that governs the size of the solid 

element for numerical modelling. In this study, the concrete meshes are established so 

that the reinforcement nodes coincide with the concrete nodes. More discussion will be 

provided in Chapter 6 regarding the selection of the appropriate mesh sizes in the model.  

 

5.2.2.2 Steel Bar and Cable Element Description 

The 2-node Hughes-Liu beam element with 2x2 Gauss quadrature integration is 

employed for modelling all the 500 MPa high strength steel reinforcements. It has 

several desirable qualities such as being simple and robust, yet results generated are 

compatible with the use of brick elements as its formulation is based on a degenerated 

brick element formulation. Each node of the created beam element has three rotational 

and three translational degrees of freedom. Initial orientation of the beam element can 

be achieved by specifying a reference node as shown in Figure 5-6. This reference node 

must be unique for each beam element to prevent run time error. 

 

n1

n2

n3

Node n3, the reference node, determines the 
initial orientation of the beam cross section

n1

n2

n3

n1

n2

n3

Node n3, the reference node, determines the 
initial orientation of the beam cross section  

 

Figure 5-6: LS-DYNA beam element (LS-DYNA, 2007) 
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In this study all the longitudinal reinforcement bars are assumed to have a 

circular cross section with a diameter ranging from 20 mm to 30 mm at a spacing of 

100 mm apart. Stirrups are modelled with 20 mm diameter at a spacing of 200 mm apart. 

A 50 mm cover space between concrete and steel rebar is assumed for all the models 

studied. It should be noted that the bond slip between concrete and reinforcement is not 

considered in the analyses. Thus, the perfect bond assumption is adopted in this study in 

which each beam element shared two nodes of a concrete solid element. As a result, the 

bond slip between the reinforcement and concrete is taken as a property which is fully 

dependent on the failure of concrete. This method has been used in various dynamic 

analyses on reinforced concrete structure by many researchers such as Tavarez (2001),                  

Lan et al. (2005) and Wu et al. (2006) and they all have demonstrated that the numerical 

results agree well with the actual experimental data.  

The discrete beam/cable elements are used to efficiently model the elastic cables 

of the cable-stayed bridge. Only the cable cross section area needs to be defined (i.e. 

cable area = π x 0.172/4 ~ 0.0227 m2) for this element type. For this investigation, no 

reliable information is available regarding the properties of the anchors utilized for the 

prototype cable-stayed bridge. Consequently, all cable elements are simply merged with 

either the nodes of the concrete elements (at the back span) or the steel shell elements 

(at the main span) assuming infinitely strong connection. With this assumption, the 

failure mechanisms of the cables are either caused by the direct blast pressure generated 

from the explosive or failure of the concrete/steel elements in which the cables are 

connected to. This assumption is believed to be adequate for the bridge performance 

analysis since in actual blast event there is a higher risk for blast explosive to damage 

the surrounding concrete/steel elements around the anchor position or snap of the cable 

than inducing direct damage to the anchors. 

 

5.2.2.3 Steel Girder Element Description 

For the main span components, such as the stiffeners and the steel girder, and 

the upper towers’ skin, the 4-nodes Belytschko-Tsay shell element formulation with two 

thickness integration points is employed for the Gauss integration process. Compared 

with other shell element formulations, Belytschko-Tsay shell element is more 

computationally efficient, robust and simple to apply. In this case the cable-stayed 
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bridge is modelled such that the thickness of the stiffeners, steel girders and steel skin of 

the towers are 12 mm, 20 mm and 20 mm, respectively. 

 

5.2.3 Boundary Conditions  

Boundary condition is one of the crucial factors in governing the behaviour of 

the finite element model, especially in explosion analysis. Based on the study conducted 

by Li et al. (2006), sliding of the foundation base of the structure is possible under the 

effect of the direct blast overpressure, ground shock and decrease in soil strength. In the 

present study, the foundation components (i.e. piles, etc) and local soil characteristic are 

not considered as no information is available from public resources. Under this 

limitation, the nodes at the base of the piers and towers are constrained against 

translational and rotational movements to simulate the actual support conditions (i.e. in 

x, y and z direction are fixed). One shortcoming of this approach is the development of 

stress concentration at these locations. Nevertheless, the stress concentration level is 

found to be insignificant and hence sensible and reliable data can still be acquired with 

the fixed boundary conditions. 

 

5.2.4 Contact – Impact Algorithm 

The treatment of sliding and impact along interfaces of different elements has 

always been an important issue in finite element modelling, especially for problems that 

involve large deformation. There are three distinctive methods offered by LS-DYNA to 

control the actions along interfaces. They are namely the kinematic constraint method, 

the distributed parameter method and the penalty method. The penalty method 

approach is adopted for creating the contact interfaces in this research because of its 

effectiveness and simplicity for explicit analysis. This approach requires both master 

and slave elements to be defined so that examination for penetration of a slave element 

through a master segment at every time step of the analysis can be proceeded.   

The method resists the slave nodes penetration via the placement of imaginary 

normal interface springs between the shooting nodes and contact surface. Each slave 

nodes defined is checked at every stage of the computer simulation for penetration 

through the master surface. When penetration is detected, an internal force provided by 

the interface spring is applied between the slave node and contact point to oppose the 

penetration action as illustrated in Figure 5-7. The magnitude of the internal force is 
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directly proportional to both the spring stiffness of the master surface and the 

penetration distance (l) of the slave node. The interface spring stiffness (ks) is calculated 

as a function of bulk modulus (Kb), volume (Ve) and face area of the master element (Ae) 

(Hallquist, 1998). 
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Figure 5-7: A schematic representation of the penalty algorithm (LS DYNA, 2007) 

 
Two different contact algorithms, namely CONTACT AUTOMATIC 

SURFACE TO SURFACE and CONTACT AUTOMATIC NODES TO SURFACE, in 

LS-DYNA are employed for all finite element simulations. The first contact algorithm 

is employed to avoid penetration at the interface of meshes with different material 

properties and mesh size. On the other hand, the second contact algorithm is invoked to 

disallow slave node penetrations at the blast impact surface where different mesh sizes 

with the same material model are used for finite element modelling as illustrated in 

Figure 5-8.  

 

Penetrating slave nodes 
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REFINED ELEMENT

Merged nodes between masters and slaves

Penetrating slave nodes 
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Figure 5-8: Penetration of free nodes 
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5.2.5 Self Weight and Traffic Loads Implementation 

Three loading conditions are considered in the study. They are the self weight 

(gravitational force), the traffic live loads and the dynamic blast load. In LS-DYNA, 

body force can be assigned into the models by prescribing a base acceleration or angular 

velocity at any global direction of interest. For this case, a constant base acceleration 

time history curve of 9.81 m/s2 is defined in the global z axis direction to simulate the 

gravity. 

Traffic loads are included in this study in accordance with the M1600 moving 

traffic load stipulated in Australian Standard AS 5100.2 (SAI, 2004), consisting of both  

uniformly distributed load and truck axial load. To minimize the modelling effort these 

loads are all converted into segment pressure, resulting in a 1.2 kPa uniformly 

distributed load and 9.6 kPa moving truck loads. These loads are obtained by assuming 

a truck with a total weight of 720 kN distributed over a 15 m long and 5 m wide lane 

section as specified in AS 5100.2. The live traffic loads are then applied onto the bridge 

deck by the use of the function LOAD SEGMENT SET. Two traffic loading conditions 

are considered in the current study. The first scenario assumes that the traffic live loads 

are applied onto the whole bridge structure and the second scenario assumes that the 

loads are applied onto the main span only as shown in Figure 5-9.  

 

Case 1

Case 2

Case 1

Case 2

 
Figure 5-9: Pattern of the two traffic loading 

 
There are some investigations conducted which have neglected the effect of 

traffic loads (e.g. Islam, 2005 and Winget et al., 2005a). This assumption is 

conservative for most bridge piers as application of a low level of axial compressive 

load can decrease the pier flexural resistance. It would only be unconservative for 

situations where axial load with a magnitude greater than the moment-axial balance 

point of the bridge pier. However, this is not common for typical bridges (Winget et al., 
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2005a). This is not the case for cable-stayed bridge considered in this study. Applying 

traffic load will generate an axial compressive force in towers, but it will reduce the 

axial compressive force in piers because of the relatively larger traffic load in the main 

span, and increase the tensile force in the cables. Moreover, with or without the traffic 

load will also affect the progressive collapse of the bridge. Therefore in this study, the 

traffic load is also included in the analysis.  

Details on the blast loading implementation for each individual bridge 

component will be discussed later in Chapter 6 of the thesis. 

 

5.3 Material Modelling 

As discussed previously, in order to achieve a credible simulation of reinforced 

concrete structure it is important to incorporate realistic material models, with 

appropriate physical parameters, into the finite element system. For this research, 

concrete, steel (e.g. reinforcements, girders and cables) and fibre reinforced polymer 

(FRP) are modelled with the material models available in the commercial software    

LS-DYNA. These material models and the corresponding input parameters used in the 

study are presented in the following.  

 

5.3.1 Typical Grade 60 MPa concrete for bridge structure   

Modelling of reinforced concrete structures is considered to be one of the 

biggest challenges for researchers due to their complex characteristics.  Some factors 

which govern the behaviour of reinforced concrete include (Tavarez, 2001): 

1) Nonlinear behaviour of concrete such as stress strain response, tension 

cracking, biaxial stiffening and strain softening phenomena. 

2) Post fracturing behaviour. 

3) Interaction between concrete and steel reinforcement. 

4) Definition of material failure under multiaxial stress state. 

5) Shear transfer behaviour of reinforced concrete. 

These factors can further complicate the modelling process depending on the 

situation of the case study. For example, the stress and strain response is highly 

dependent on the confinement level of concrete and loading rate being subjected to. 

Thus, it is vital to incorporate the mentioned behaviours to establish the constitutive 

relation of this complex material accurately.  
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In the last decade, many reinforced concrete models have been developed by 

researchers to determine the structural response when subjected to dynamic loading 

such as earthquake and blast loading. Some of the models proposed include      

Govindjee et al., (1995); Malvar et al. (1997); Lu and Xu (2004); Wu and Hao (2005);               

Xu and Lu (2006) and Wang et al. (2006). These concrete formulations can be 

categorized with regards to their damage function such as elasticity-based models, 

plasticity-based models, elasto-plastic damage models and plastic-fracturing models. 

Although these models have been proven to be highly satisfactory in estimating the 

structural response, further research in this field is still necessary in order to precisely 

define the complex behaviour of reinforced concrete. 

There is a wide range of concrete materials offered by LS-DYNA. The most 

commonly used ones are Material Model 16 (MAT PSEUDO TENSOR), Material 

Model 72Rel3 (MAT CONCRETE DAMAGE REL3), Material Model 78 (MAT SOIL 

CONCRETE), Material Model 96 (MAT BRITTLE DAMAGE) and Material Model 

111 (MAT JOHNSON HOLMQUIST CONCRETE). Material 16 and Material 72Rel3 

are chosen to model the concrete in the present investigation as other material models 

have been proven to yield less accurate concrete behaviour under the blast loading 

condition (Yonten et al., 2002). Both of the chosen concrete material models are found 

to be accurate in predicting the response of concrete under simple static tests such as 

uniaxial and triaxial compression and tension tests. In addition, Malvar et al. (1997) has 

successfully demonstrated their reliability in predicting the response of reinforced 

concrete structure when subjected to blast loads. 

 

5.3.2 Failure Surfaces of Concrete Material  

It is necessary to consider both the uniaxial and triaxial stress states to construct 

the reinforced concrete material model accurately. To achieve this objective, precise 

failure criterion must be defined. Generally, concrete failure boundaries are defined as a 

region created by two surfaces namely the yield surface and the maximum failure 

surface in a three-dimensional principal-stress space as displayed in Figure 5-10. From 

this figure, it can be seen that the maximum failure surface and yield surface are located 

in the principal stress space separated at some distance away from each other. Based on 

the findings from previous researchers, three failure modes can be identified when the 

concrete’s loading surface intercepts the failure surface (Thabet and Haldane, 2000). 

The three failure modes are cracking, crushing and their combined effects. 
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Figure 5-10: Schematic failure surfaces of concrete material in three-dimensional stress space 

(William and Warnke, 1974) 

 
For isotropic materials, like concrete, state of stress invariant functions are 

commonly used to develop the failure criterion and in this present study the concrete 

material failure criterion is defined by the stress invariants. With the stress tensor, ijσ , 

the basic component of stress invariant functions is defined as the summation of two 

components namely deviatoric stress tensor, ijs  and hydrostatic stress tensor, ijhδσ . The 

general expression of ijσ is as follows: 

 

ijhijsij δσσ +=  (5-1) 

 
and the pure hydrostatic stress is of the form 

 

( )zyxh σσσσ ++=
3
1   

(5-2) 

 

where xσ , yσ  and zσ  are the principal stresses in x, y and z direction, respectively. By 

rearranging Equation (5-1), the deviatoric stress, or the pure shear state equivalent, can 

then be calculated using the expression.  

 

ijhijijs δσσ −=  (5-3) 

 
Both deviatoric and hydrostatic components are crucial to the concrete model as 

they govern the behaviour of the material. In this case, the hydrostatic component has a 

significant influence on the strain hardening of the concrete material and the deviatoric 
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component determines the behaviour of concrete when compressive failure is 

experienced. 

For the two concrete materials employed in this research their failure surfaces 

are constructed based upon the boundary created by the stress states. The simplest 

representation of the stress state at a point in failure surface of a three dimensional stress 

space is illustrated in Figure 5-11. 

 

 
Figure 5-11: Stress component in principal stress space 

 
From this figure, the vector OB represents the state of stress interested in which 

it can be divided into two components: OA, the hydrostatic component which lies along 

the hydrostatic axis, and AB, the deviatoric component which lies on a deviatoric plane 

and this plane is perpendicular to the hydrostatic axis. Both the hydrostatic and 

deviatoric planes can be constructed by the extension of their respective axis.  

With the assistance of these defined planes, the shape of the concrete failure 

surface can then be easily described with the stress meridians. The stress meridians of 

the failure surface are characterized as the intersection curves of the failure surface and 

the meridian plane which is a plane consisting of hydrostatic axis. To successfully 

develop the shape of the failure surface, two extreme meridian planes are needed and 

they are known as the compressive and tensile meridian. These two meridian planes 

are characterized as the meridian planes that are farthest and closest intersections from 

the hydrostatic axis respectively. Using these planes, the triangular shape failure surface 

is simply defined by a point in the compressive meridian and a point in the tensile 

meridian. The path between the extreme meridians is defined by an elliptical curve as 

displayed in Figure 5-12.  
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Figure 5-12: Defining the deviatoric plane (William and Warnke 1976) 

 

This two dimensional failure plane can then be extended to represent the 

concrete material failure surface cross sections in a three dimensional space. This is 

achieved by defining the interaction of curves between the failure surface and the 

deviatoric plane. Using the defined failure planes, the initial yield surfaces, strength 

envelope and subsequent stress-strain relationships can then be constructed to model the 

crushing and cracking behaviour of the concrete material under loading (Tavarez, 2001). 

The constitutive behaviour of concrete under the impact loading is best 

described by the stress strain relation as shown in Figure 5-13. During the initial loading 

stage, the deviatoric stress components maintain within the elastic region until the stress 

state reaches the initial yield surface which will onset the weakening of the material 

under the increasing load. Damage of the material will not be observed until the stress 

state increases to the maximum surface. Any increase in load beyond this stage will 

result in either permanent plastic response of the material or softening of material to a 

residual strength as shown in the figure.    

 

 
Figure 5-13: Constitutive behaviour of concrete (Malvar et al., 1997) 
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Both concrete models employed in this study are developed with plasticity-

based formulation with three pressure dependent failure surfaces as shown in        

Figure 5-14.  

 

 
Figure 5-14: Failure surfaces of concrete (Malvar et al., 1997) 

 

The pressure on the failure surface of the concrete model is defined as: 

 

( )zyxp σσσ ++−=
3
1   

(5-4) 

 
where both pressure and stresses are positive in compression. Hence the curves in 

Figure 5-14 that are above the p axis correspond to the compressive meridians and vice 

versa for the tensile meridians.  

In this study the pseudo tensor material, Material Model 16, is used as smeared 

model (i.e. the reinforcement is assumed to be uniformly distributed over the concrete 

meshes) for regions considered to be not directly subjected to the blast load impact. It 

has three failure surfaces defined as follows (Malvar et al., 1997): 

 

paa
pam
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0 +
+=Δσ   

(5-5) 
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( ) rrmyy σσσησ Δ+Δ−Δ=Δ  (5-7) 
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where mσΔ  , rσΔ  and yσΔ  are the maximum failure surface, the residual failure 

surface and the yielding failure surface respectively, yη  is a constant for defining the 

yielding failure surface of concrete, a0 is the cohesion of the concrete material, a1 and a2 

are the pressure hardening coefficient for the maximum failure surface, a0f is the 

cohesion for the failed concrete material, a1f  and a2f  are the pressure hardening 

coefficient for the residual failure surface. 

 For this material model the current stress state is evaluated with regard to the 

maximum failure surface ( mσΔ ) and either the yield ( yσΔ ) or the residual failure 

surface ( rσΔ ) using the formula below: 

 

( ) minmin)( σσσλησ Δ+Δ−Δ=Δ m  (5-8) 

 
where )(λη is a function of the modified effective plastic strain (λ ), minσΔ is taken as 

either yσΔ  or rσΔ depending on whether the modified effective plastic strain is smaller 

than the magnitude measured at the maximum surface (i.e. if mλλ ≤  then minσΔ = yσΔ ) 

or greater than the magnitude measured at the maximum surface (i.e. if mλλ >  then 

minσΔ  = rσΔ ). The modified effective plastic strain employed for this material model 

is defined as:  
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(5-9) 

 
where the effective plastic strain increment is given by ( )p

ij
p

ij
pd εεε 3

2=  and b1 is a 

damage scaling factor.  

 As can be seen from Equation (5-7), the concrete yielding failure surface is 

presumed to be linearly related with the other two failure surfaces. This simplified 

expression cannot accurately define the brittle-ductile transition point of the concrete 

material and hence some degree of disagreement with the experimental results can be 

noticed as stated in Malvar et al. (1997). Nevertheless, as mentioned previously, this 

material is only utilized for regions that are not directly subjected to the blast load      
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(i.e. only its basic concrete property is required to capture the behaviour of concrete 

under the gravitational force) and that it is still capable to capture a satisfactory solution.  

Knowing the fact of the deficiency in the original material model a modified 

version of the pseudo tensor material, the Concrete Damage Rel3 model is introduced. 

The maximum failure formulation is maintained for this material model but with a 

change of the residual failure surfaces and the yielding failure surface so that three 

independent failure surfaces can be constructed. The new modified residual and yield 

failure surfaces are expressed as below in Equations (5-10) and (5-11) respectively 
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p

r
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(5-10) 
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where a1f and a2f   are the pressure hardening coefficient for the residual failure surface 

as previously defined, a0y is the cohesion of the concrete material at the yielding surface, 

a1y and a2y are the pressure hardening coefficient for the yielding failure surface. In 

addition, this new concrete material model has improved the previous modified 

effective plastic strain (Equation (5-9)) in order to consider the different damage 

evolution for tension and compression situation. The new expression is defined as:  
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 (5-12) 

 
 

(5-13) 

 
where rf is a scaling parameter for the failure surfaces, ft is the tensile strength of 

concrete and b1 and b2 are parameter for compressive (p ≥ 0) and tensile case (p < 0) 

respectively. Previous studies have shown that this modified concrete material model 

provides an accurate representation of complex concrete response and can be applied to 

analysing structural response when subjected to blast load (Shi et al., 2007a). 

As there is limited information regarding the material properties of the concrete, 

the self generated concrete properties function offered by these two material models is 

for p ≥ 0   

for p < 0   
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used in the present study. In this case only the mass density (i.e. 2400 kg/m3 for the 

constitutive concrete model and 2500 kg/m3 for the smeared concrete model) and the 

unconfined concrete strength (f’c = 60 MPa) need to be specified into the computer 

program. LS-DYNA will then generate various concrete properties based on the 

unconfined concrete strength of the concrete material. These properties include the 

tensile strength of the concrete (f't), the cohesion strength of concrete, pressure 

hardening coefficient for the failure surfaces and the scaled damage parameters under 

compression and tension stated previously. The magnitudes of the generated parameters 

are tabulated in Table 5-2. 

 
Table 5-2: Self-generated parameters for the constitutive concrete material model 

f't (MPa) a0 a1 a2 a1f a2f a0y 
4.609 1.77E+07 0.446 1.37E-09 0.442 1.97E-09 1.34E+07 

a1y a2y b1 b2    

0.625 4.29E-09 1.6 1.35    

 
The self generating function of the two concrete material models also helps 

defining the non-linear compressive behaviour of the concrete material with an equation 

of state (EOS TABULATED COMPACTION). It is a function which relates the current 

pressure (P) with the volumetric strain ( Vε ) and internal energy (EI) as: 

 

),( IV EfP ε=  (5-14)

 
In this expression, the volumetric strain is expressed as the natural logarithm of 

the relative volume (V) and in LS-DYNA the relative volume is defined as the ratio of 

current density and reference density (ρ/ρo) (LS-DYNA, 2007). EOS TABULATED 

COMPACTION is commonly used to model porous solid material in LS-DYNA. 

Generally, the pressure-volumetric strain relationship of the porous material is divided 

into three sections as shown in Figure 5-15. In this case, Region 1 is characterised as a 

linear elastic behaviour region. Region 2 is referred as the transition region in which the 

concrete element is assumed to undergo gradual compaction to transform into a granular 

material slowly. Region 3 corresponds to the state when concrete is under full 

compaction in which air voids are completely removed. 
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Figure 5-15: Equation of state for concrete material 

 
Parameters that are needed to define the above EOS, such as volumetric strains 

and bulk moduli, are also evaluated using the self generating function of the two 

material models based on the unconfined compressive strength of concrete specified. 

Using the volumetric strains, LS-DYNA then calculates the pressures using the function: 

 

IVjVi ETCP )()( εε +=  (5-15) 

 
where Ci and Tj are constant coefficients. In this research, the built in function of the 

two material models approximate the plastic compaction path (i.e. Region 2 and 3) via 

the use of piecewise linear functions. The self-generate volumetric strain and pressure 

pairs are shown in Table 5-3. 

 
Table 5-3: Self generated volumetric strain and pressure pairs 

Volumetric 
Strain 

0.000 -0.0043 -0.0101 -0.0305 -0.0726 -0.0943 -0.1740 

Pressure 
(MPa) 

0.000 64.46 103.49 196.63 420.77 643.73 3758.29 

 

5.3.2.1 Erosion of Solid Elements 

Element erosion is a process which eliminates elements that do not further 

contribute to resisting the blast loads during the analysis procedure and produce 

discontinuities in the material due to both brisance effect and fracture induced. With this 

procedure, it enables the release of adjacent elements to the eliminated one and thus 

fragments formations occur. Since both of the concrete material models and any other 
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materials in LS-DYNA library do not allow failure and erosion of element, the function 

MAT ADD EROSION is used to account for the deletion of element when a failure 

criterion is met. In the present study, two failure criteria are used for the concrete 

material models. They are the minimum pressure at failure (Pmin) and the maximum 

principal strain ( maxε ). Thus erosion of element will occur either when the pressure 

experienced by the element, P1, is lower than the specified minimum pressure or the 

principal strain 1ε exceeds the limit maximum principal strain (i.e. P1 < Pmin or 

max1 εε > ). In this investigation, because there is no experimental data available on the 

tensile strength of the concrete material, the failure pressure was assumed to be the 

unconfined tensile strength of concrete which was calculated in accordance to the 

formula proposed by CEB-FIP Model Code (1990). 
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(5-16)

 
where f’t is the unconfined tensile strength of concrete, b0 is a unit conversion factor    

(= 145 MPa) and f’c is the unconfined compressive strength.  

Using this equation, the minimum failure pressure is calculated to be 5 MPa. 

Specifying the failure strain of concrete is often a difficult task especially when no 

experimental data is available. As a result, many researchers justified damages through 

either the stress developed or the maximum structure distortion. To model the brittle 

behaviour of concrete material, a parametric study is conducted on a hollow cross 

section to examine the changes in failure response under different failure principal 

strains. Three magnitudes of strain are examined. They are 0.05, 0.10 and 0.50. It is 

found that when the failure principal strain is 0.50, unrealistic concrete deformation at 

the back of the hollow section occurs (i.e. concrete still attach to the structure when 

displaced by 0.8 m) as shown in Figure 5-16. Whilst both 0.05 and 0.10 failure strain 

have captured the brittle behaviour of the concrete, as shown in Figure 5-17. Although 

the two simulations displayed very similar failure pattern under the airblast pressure the 

0.10 failure strain is adopted in the study because it is more computation efficient, and 

also keeps the concrete material at a larger deformation level before eroding it away. It 

should be noted that erosion is only a numerical manipulation to avoid finite element 

simulation overflow when deformation is too large. It should be used with caution since 

it removes the concrete materials which violate the mass conservation of the structure.  
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a) Front View 

Unreasonable 
Deformation
Unreasonable 
Deformation

b) Side View 
Figure 5-16: Displacement contour of hollow section with failure strain = 0.50 

 

a) Front View b) Side View 
Figure 5-17: Displacement contour of hollow section with failure strain = 0.10 

 

5.3.3 Steel Material Modelling 

As with the concrete material models there are a number of material models 

available in LS-DYNA which allows users to define the property of steel materials and 

hence model their behaviour accurately. Material model 24 (MAT PIECEWISE 

LINEAR PLASTICITY) is used for all the steel components of the bridge such as the 

reinforcements, steel girders and stiffeners. The advantage of this material model is that 

it allows an arbitrary stress strain curve and arbitrary strain rate dependency to be 

defined so that more accurate response can be acquired. Combination of different steel 

types (e.g. high strength carbon and stainless steel) is used for modelling all the steel 

elements of the bridge. Figure 5-18 (a) and (b) illustrate the engineering stress and strain 

relationship of the stainless steel and high strength carbon steel material, respectively. 

The material properties of the steel components of the bridge structure are shown in 

Table 5-4. 
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Figure 5-18 (a) and (b): Engineering stress versus strain of steel materials (ArcelorMittal, 2006) 

 
Table 5-4: Mechanical properties of steel material 

 Steel girder Stiffeners Reinforcements 
Thickness/diameter 20 mm 12 mm Longitudinal rebars: 20 - 30 mm 

Stirrups / ties: 20 mm 
Mass density ( ρ ) 7850 kg/m3 

Young’s modulus (E) 200 GPa 

Poisson’s ratio (ν ) 0.3 

Yield stress 500 MPa 

Failure strain 0.13 

 

As discussed previously, smeared material models are considered for the 

concrete elements that are postulated to be unaffected by the direct air blast pressure. 

Because the reinforcement ratios of the bridge components under consideration are not 

exactly known, some assumptions are made in the model. With reference to the design 

details of other cable-stayed bridges, as well as the BS 5400-2:1978, and suggestions 

from several bridge structures experts, the percentage of reinforcement for each 

component (i.e. the ratio of reinforcement area and concrete area) employed in this 

study are tabulated in Table 5-5. 

 
Table 5-5: Percentage of reinforcement for different bridge component 

 Bridge Components 

 Piers Concrete Deck 
(back span) 

Lower Tower 
(0m – 30 m 

height) 

Middle Tower 
(30 m – 60 m 

height) 

Upper Tower 
(60 m – 296 m 

height) 
% ratio 1.21 1.44 2.1 2.4 4 
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Material model 71 (MAT CABLE DISCRETE BEAM) is used to model the 

elastic stayed-cables. In this case only the mass density (7850 kg/m3
) and Young’s 

Modulus (200 GPa) need to be specified. Similar to previous material model 24, it has 

an advantage of allowing users to specify an arbitrary stress strain curve to accurately 

model the behaviour of the parallel wire strand cables. Based on the information in 

Warner et al. (1998) the stress strain curve shown in Figure 5-19 is incorporated into the 

cable material. 
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Figure 5-19: Stress strain curve for the 7 mm diameter prestressing strand (Warner et al., 1998)  

 
In order to maintain the bridge in equilibrium state under both the self weight of 

the bridge structure and traffic loads it is necessary to specify initial tensile force for 

each individual stayed-cable in the material command card of the cable material. By 

applying the gravity load and the traffic loads to the entire bridge model as discussed in 

Section 5.2.5 and assuming that all cables have a diameter of 170 mm (i.e. consist of 

approximately five hundred and ninety 7 mm diameter wires), the tensile forces of the 

stay cables are found to have magnitude in the range of 3.20 MN and 11.60 MN.  

 

5.3.4 CFRP Material Modelling 

Accurate finite element modelling and simulations of retrofitted structures under 

blast load is always a great challenge to researchers because of the number of issues 

needed to be considered. Some of the challenges include modelling the interface 

between retrofits and structures, incorporate the arching effect to the retrofitted model 
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by studying the interaction between the retrofits with the supports and accurate material 

modelling to stimulate the behaviour of the retrofit when subjected to high shear and 

tension under blast loads of high strain rates (Davidson et al., 2005).   

Of the various types of reinforced polymer available, the CFRP composite is 

chosen for the protective measure modelling. This type of fibre composite is 

characterised by its low mass density, high modulus of elasticity and high ultimate 

tensile strength, all of which are dependent on the treatment of fibres in the production 

process. Compared with GFRP, the CFRP exhibits poorer flexural characteristic such 

that they have a lower failure strain with values in the range of 1 % - 3 % elongation. 

Unlike other construction materials, the stress strain behaviour of FRP is often 

considered to be linear, especially in conducting numerical simulations, in which it 

exhibits only elastic yielding behaviour along the path to its ultimate tensile strength as 

shown in Figure 5-20 (ISIS Canada, 2003). However according to Soden et al. (1998)’s 

experimental results, the assumption of linear stress strain behaviour is only valid for 

some FRP composite while the behaviour is highly nonlinear in some other cases. Thus, 

further research in this field of study is necessary to enable an accurate prediction of the 

composite’s behaviour.  
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Figure 5-20: Stress-strain properties of typical fibres (ISIS Canada, 2003) 

 
In this investigation, the constitutive Material Model 58 (MAT LAMINATED 

COMPOSITE FABRIC) is selected to model the CFRP composite because of its 

efficiency in modelling the failure criterion of the composite and also the limitations of 

the other material models which may not give a reliable modelling of the composite 

material behaviours. Since no experimental data is available the linear stress-strain 
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behaviour of FRP is adopted for the study. This material model is only valid for thin 

shell elements and thus the composites are represented by the Belytschko-Tsay shell 

element which offers better computational efficiency than other formulations. By 

employing material model 58 and Belytschko-Tsay shell elements, users are able to 

assign different number of plies in the composite skin by defining a through-thickness 

integration point for each ply. Also, the stacking sequences of the plies can be generated 

by specifying a unique angle orientation to the shell elements (Han et al., 2007).  

There are four common fibre failure modes in structural application. The failure 

modes are fibre breakage, micro buckling of fibres, matrix failure and debonding at the 

fibre interface. These failure modes are incorporated into the model in accordance to the 

Hashin’s failure criterion which assumes the defects on the material cause primarily 

stiffness degradation with small permanent deformations. Following expressions are 

utilized in the study in order to demonstrate the four different types of composite in-

plane damage mechanisms. The four in-plane failure modes are; 1) tensile failure mode, 

2) compressive failure mode, 3) tensile matrix mode and 4) compressive matrix mode. 

These failure modes are evaluated as follows:  

 
Tensile failure mode (Fibre rupture): 
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Compressive failure mode (Fibre buckling): 
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Tensile matrix mode (Matrix cracking under tension and shear): 
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Compressive matrix mode (Matrix cracking under compression and shear): 

If σbb < 0, then  1
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where Sc = shear strength. 

σaa and σbb  = stresses in fibre direction and normal direction. 

τ = shear stress. 
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Xt and Xc = tensile and compressive strengths in fibre direction. 

Yt and Yc = tensile and compressive strengths in matrix direction. 

 

Although this model can precisely define the four different failure mechanisms 

of the composite, it has a limitation in which the strain rate effects can not be 

incorporated into the material model. There are some materials available in LS-DYNA 

which allow users to model the composite with the consideration of strain rate effects 

(e.g. Material model 162 (MAT COMPOSITE MSC) and Material model 141 (MAT 

RATE SENSITIVE POLYMER)). However, these materials can only be modelled with 

eight nodes solid meshes which will inevitably increase the simulation time and may not 

give an accurate modelling of the fibre behaviour and failure models such as 

compressive buckling mode. Moreover, based on the experimental results acquired by 

Welsh and Harding (1985) and Kimura and Itabashi (2001), the strength enhancement 

of CFRP under high strain rate impact is insignificant as compared to both concrete and 

steel material. Therefore the strength enhancement under different strain rates is not 

considered in the current study.     

 For this study, the FRP mechanical properties are found in Han et al.(2007) 

who have analysed the stress strain behaviour of four different common types of fibre 

composites with detailed description of the method of lay-up (e.g. unidirectional,   

angle-ply, cross-ply, quasi-isotropic), the layer thicknesses, stacking sequences and 

loading conditions. The mechanical properties are tabulated in Table 5-6. 

 
Table 5-6: Mechanical properties of CFRP composite (Han et al., 2007) 

Fibre Type Carbon/epoxy braid 
Density (kg/m3) 1512 
Longitudinal modulus, E1 (GPa) 118 
Transverse modulus, E2 (GPa) 5.5 
In-plane shear modulus, G12 (GPa) 4.8 
Poisson’s ratio, ν 0.25 
Longitudinal tensile strength, XT (MPa) 1095 
Longitudinal compressive strength, XC (MPa) 712.9 
Transverse tensile strength, YT (MPa) 26.4 
Transverse compressive strength, YC (MPa) 84.4 
In-plane shear strength, S12 (MPa) 84.3 
Maximum failure strain for fibre (%) 2.3 

 
As can be seen from the material properties that the fibre composite is an 

anisotropic material in which it has high strength along the fibre direction but much 

weaker strength across the fibre axis. Because of this weakness, the bi-directional 
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composite material is employed in the current study in order to strengthen the structure 

in both directions. Therefore, the properties in the transverse direction are taken to be 

the same as those determined in the longitudinal direction.  

Continuous sheets of CFRP composites are applied to both the internal faces of 

the hollow box section girders and the rear surface of the cable-stayed bridge concrete 

back span, shown in Figure 5-21, as the CFRP should be working in tension to best 

exploit its structural properties.  

 

CFRP bonded to the wall of hollow 
sections and the base of the 
prestressed concrete deck Concrete bridge deck

CFRP bonded to the wall of hollow 
sections and the base of the 
prestressed concrete deck Concrete bridge deck

 
Figure 5-21: Applying CFRP to bridge deck 

 

5.3.5 Bonding Contact Interface Modelling 

FRP is commonly externally bonded to concrete structure by the use of epoxy 

adhesive. As discussed in previous section, their function is to provide a mechanism for 

load transfer and to give additional shear resistance. For this research study, the contact 

options namely AUTOMATIC SURFACE TO SURFACE TIEBREAK and TIED 

SHELL EDGE TO SURFACE available in the LS-DYNA contact library are used to 

model the adhesive contact between the bridge girders and FRP. The first contact option 

will remain functioning to represent the bond between materials until the failure 

criterion below is reached.   
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where σn and σs are the normal and shear stresses, respectively at the interface surface 

whilst NFLF and SFLF are the normal tensile and shear stresses at failure, respectively. 

The mechanical properties of the adhesive adopted for this case study are based on the 

properties reported by Sayed-Ahmed (2006) tabulated in Table 5-7.   

 
Table 5-7: Properties of epoxy adhesive (Sayed-Ahmed, 2006) 

Property  
Tensile Strength (NFLS) 32 MPa 
Tensile Modulus 11.7 GPa 
Shear Strength (SFLS) 29.4 MPa 
Compressive Strength 60 MPa 
Poisson’s Ratio 0.2 

 

In addition, anchors are applied in the finite element model to minimize the 

chance of premature debonding of the fibre matrix. This is incorporated by the contact 

interface TIEBREAK NODE TO SURFACE, between the deck and the FRP. This 

function enables user to specify both the normal and shear failure force so that nodes 

will be tied together until the following failure criterion is fulfilled: 
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where fn and fs are the normal and shear force, respectively acting on the interface 

surface while NFLF and SFLF are the user specified normal and shear failure force, 

respectively. In this case the anchors are assumed to be positioned 0.5 m apart and fail 

at a normal force and shear force of 260.75 kN (= 0.25 π x 202 x 830/1000) and 100 kN, 

respectively.   

 

5.4 Strain Rate Effect 

Building structures undergo large inelastic deformation when subjected to the 

impact of extreme loading. Therefore, the ultimate capacity of the building is greatly 

dependent on the capability of the structure to deform inelastically under extreme load 

and thereby dissipate the energy prior to failure. For reinforced concrete structures, the 

strength of the structural materials such as concrete and steel reinforcements are strain 

rate dependent as their dynamic mechanical properties can be enhanced significantly 

under the effect of strain rate (Bischoff and Perry, 1991 and Low and Hao, 2002). For 
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the past decades, a lot of efforts have been spent in evaluating the strain rate effects on 

construction materials under different loading. Figure 5-22 illustrates the approximate 

ranges of strain rate for various loading events. As shown in the figure ordinary static 

loading exhibits strain rates ranging from 10-6 s-1 to 10-5 s-1. For earthquake events the 

expected strain rate ranges from 10-3 s-1 to 10-1 s-1, while the strain rates associated with 

blasting have magnitudes in the range between 102 s-1 and 104 s-1. 

 

10-6 10-5 10-210-4 10-3 10-1 100 101 102 104103 105

Quasi-static Earthquake Impact Blast

10-6 10-5 10-210-4 10-3 10-1 100 101 102 104103 105

Quasi-static Earthquake Impact Blast

 
Figure 5-22: Expected strain rates for different loading conditions (Ngo, 2005) 

 
From this figure it can be seen that blast loads produce very high strain rates and it is 

vital to take their effect into consideration in material modelling so that accurate 

material behaviour can be achieved. 

As stated in Krauthammer et al. (1993), straining rates are commonly varied 

with time when the structural members are subjected to variable dynamic excitations 

like earthquake and blast loads. However, the time varying characteristic of strain rate 

introduces many difficulties in material modelling. Some of the difficulties include the 

requirement of greater computational and mathematical effort for both linear and non 

linear material models. Secondly, many uncertainties retain in implementing the non-

linearity feature of material for severe dynamic cases with strain rates beyond the range 

of existing database. To avoid these difficulties, many researchers only considered 

constant average enhancement under high strain rate effect. More complications arise 

for cases in which homogenized material is used to model the non linear concrete and 

steel material. Hence the strain rate enhancement effect is simply assumed to be 

identical for both materials to overcome the problem (Ross, 1983). Nevertheless the 

validity of this method is yet to be confirmed. 

Three general methods are adopted by researchers to account for the strain rate 

effect on the dynamic behaviour of reinforced concrete. The first technique utilizes 

dynamic increasing factor (DIF), a ratio of the dynamic-to-static strength against strain 

rate, to enhance the material properties, i.e. the compressive (and tensile) yield strength 

of concrete/steel material, under strain rate effect. The modified properties are then 

employed for the derivation of relationship such as moment curvatures, diagonal shear 

and direct shear (Krauthammer et al., 1993). The second method uses the DIF to 
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enhance the resistance capacities of the material. This is achieved by simply 

incorporating the enhancement factor with the overall flexure and shear capacities of the 

reinforced concrete. For the third technique, the resistance functions of materials are 

derived by the utilization of strain rate dependent constitutive models             

(Soroushian et al., 1986; 1986). In this study the first method is employed to model the 

strength of the materials under high strain rate blast pressure event. 

 

5.4.1 Strain Rate Effects on Concrete Material 

Out of all building materials, concrete exhibits the most significant enhancement 

of dynamic strength under high strain rate loadings. While the dynamic stiffness 

remains similar as compared to the static stiffness the sustainable stress level under 

dynamic conditions may gain values that are remarkably greater than the static 

compressive strength as shown in Figure 5-23. 

 

 
Figure 5-23: Stress-strain curves of concrete at different strain rates (Ngo et al., 2007) 

 
Researchers have spent a lot of efforts in conducting experimental studies on the 

compressive and tensile strength of concrete at various strain rates. Their published 

results are presented in Figure 5-24 and Figure 5-25.  From the figures the test results 

are more scattered as the strain rates increase. Many factors may attribute to the 

relatively large scatter such as specimen size, moisture content, experimental technique 

and analysis methods (Bischoff and Perry, 1991). Thus all these factors must take into 
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account in order to justify the results of the concrete strength properties from different 

research. 

 

 
Figure 5-24: Strain rate effects on the concrete compressive strength (Bischoff and Perry, 1991) 

 
 

 
Figure 5-25: Strain rate effects on the concrete tensile strength (Magnusson, 2007) 

 
Clearly, there are two intervals with different strain rate dependencies for both 

compressive and tensile loading. Also, there is a relatively sharp transition zone 

between the intervals. As summarized in Johansson (2000), the increase in strength for 

the first interval is due to the viscous effects associated with free water in the 

microspores. When a specimen is loaded under compression, an internal pressure within 
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the specimen builds up because of the free water movement inside the specimen. This 

pressure has the ability to resist the external load, delay the crack initiation thereby, 

contributing to a higher compressive strength. The presence of water will work in a 

similar way to enhance the tensile strength as a thin layer of water is trapped between 

two planes and parallel plates moving apart, which creates a resisting force to act 

against the separation of material and consequently help to increase the tensile strength. 

For the second interval, where strain rates exceed the transition zone, a steeper 

increase in both the compressive and tensile strength can be observed from the two 

figures. Researchers believed that this behaviour is ascribed to the inertia effects and 

lateral confinement of the concrete material.  

 

5.4.2 Review of Formulae Derived for Concrete Strain Rate Effect 

Many formulae for calculating the dynamic increasing factor (DIF) to account 

for the strain rate enhancement of concrete’s peak stress have been developed in the past 

decades.  However, due to the difficulties in experimental arrangement, there is no data 

available for concrete material subjected to events with strain rate greater than about   

102 s-1 as shown in Figure 5-24 and Figure 5-25. Thus many of the present strain rate 

formulations are based on strain rate events with magnitudes less than or equal to 102 s-1. 

Some of the works conducted with regards to the straining rate effect on concrete 

material are reviewed in the following. 

Mihashi and Wittmann (1980) developed a power function, using 

thermodynamic and stochastic fracture theory, to estimate the rate sensitivity of 

concrete’s compressive strength under the strain rate between 10-6 s-1 to 10-3 s-1. The 

proposed equation is shown below: 
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where dσ signifies the dynamic compressive strength at stress rate dσ& , sσ is the 

reference compressive strength at reference loading rate sσ&  and β  is a material 

parameter. 

Sorushian et al. (1986) conducted a series of straining rate experiments with 

rates from 10-5s-1 to 10 s-1. Figure 5-26 and Figure 5-27 illustrate their findings on the 
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study regarding the enhancement of dynamic to static compressive strength and secant 

modulus of elasticity respectively. By gathering the compressive strength data of 

concrete at various strain rates, as shown in Figure 5-26, equations have been proposed 

to account for the strain rate effect for concrete material. This plot comprises of three 

curves, two of them are based on the formulae proposed by Dilger et al. (1984) and 

Seabold (1970). A new equation was derived by Sorushian et al. (1986) via least 

squares curve fitting of a second-degree polynomial, in terms of log10 ε& , to the test 

database gathered. The equations proposed by the authors are presented as follows: 

 

From Dilger et al. (1984)      
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From Seabold (1970)    
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From Sorushian et al. (1986)  

( )210log0127.010log160.048.1 εε && ++=
csf
cdf

 

 
 
 

(5-26) 

 
where fcd and fcs are the dynamic and static compressive strength respectively. In these 

studies the strain rate of 10-5 s-1 is considered as the static condition. 

Equation was also proposed by Sorushian et al. (1986) with regards to the strain 

rate effect on concrete’s secant and tangent modulus of elasticity based on the test 

results acquired by Watstein (1953), Cowell (1966) and Shah et al, (1983) using the 

least squares curve fitting methodology as illustrated in Figure 5-27.  
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(5-28) 

 
where Ecd and Ecs are the dynamic and static secant modulus of elasticity of the concrete 

material. Etd and Ets are the dynamic and static tangent modulus of elasticity, 

respectively. 
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Figure 5-26: Strain rate effect on compressive strength of concrete (Soroushian et al., 1986) 
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Figure 5-27: Strain rate effect on concrete’s secant modulus (Soroushian et al., 1986) 

 
Similar study was conducted by Liu and Owen (1986). In their study the 

ultimate load behaviour of a reinforced concrete slab was examined under the impact of 

high strain rate dynamic transient loading. In this investigation the dynamic alteration of 

the concrete strength under strain rate effect was accounted for using Equation (5-29) 

founded by linear regression analysis. 
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where sε&   is the strain rate value in which for any magnitudes below this value show no 

evidence of rate sensitivity effect and this value is approximately 10-5/s for concrete 

material. Parameters a0 and a1 are concrete material dependent constants. For concrete 
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with compressive strength (f’c) lower than 43 MPa a0 and a1 are equal to 0.028 and 

0.330 respectively. For f’c equals to 60 MPa a0 is taken to be 0.012 and a1 is 0.385. 

However, the invalidity of these equations for the use of strain rate beyond 30 s-1 

was noticed as many of the previous researches were established based on low strain 

rate events. Hence, a bilinear relationship was developed by the CEB code (1990) and 

Malvar and Ross (1998) to calculate the dynamic strength. In tension, the DIF of the 

tensile strength is given by: 
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where ft is the dynamic tensile strength at strain rate ε&  in the range of 10-6 s-1 to 160 s-1, 

fts is the static tensile strength at tsε& , 26log −= δβ , )/81/(1 coc ff ′′+=δ , cf ′  is the 

static uniaxial compressive strength of concrete (in MPa) and cof ′ is taken as 10 MPa. 

In compression, the equations are given as follows: 
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where fc is the dynamic compressive strength at strain rateε& , fcs is the static compressive 

strength at csε& , 49.0156.6log −= αγ , ( )4/35/1 cuf+=α  and fcs is the static cube 

strength (in MPa).   

In the present study the equations recommended by CEB code (1990) and 

Malvar and Ross (1998) are adopted for the inclusion of strain rate effect into the 

concrete model. Using these equations, the strain rate curve for concrete can then be 

defined and assigned to the concrete material in order to account for the strength 

enhancement at different strain rate. Figure 5-28 shows the plot of both concrete tensile 

strength and compressive strength enhancement against the strain rate employed in this 

study.  
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Figure 5-28: Tensile strength enhancement of concrete under different strain rate 

 

5.4.3 Review on Strain Rate Effects on Steel Material 

Similar to concrete, steel material properties also undergo significant 

enhancement when subjected to high strain rate loading. Figure 5-29 illustrates a low 

carbon structural steel’s stress strain curves under the influence of two different strain 

rates where the solid line represents the static test result and the dashed line represents 

the high strain rate test. This figure shows that there is a substantial increase in both the 

yield and the ultimate stress of steel. 

 

 
Figure 5-29: Stress strain curve of low carbon steel (TM5-1300, 1990) 

 
It is obvious from the figure that both the elastic modulus and ultimate strain are 

less dependent on the strain rate. This finding was also noticed in a separate study by 
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Liu and Owen (1986) and Soroushian and Choi (1987). In particular,              

Soroushian and Choi (1987) noticed that steel with higher yield strength was proved to 

be less sensitive to loading rate under the same condition. Based on the data from the 

average strain rates, empirical relationship for determining the dynamic yield strength of 

steel was derived as follows: 
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From Soroushian and Choi (1987) 

ε&10log)0927.071020.9()46.1610451.0( +−×−++−×−= yfyf
ysf
ydf

 

 
 

(5-35) 

 
where the parameters ydf  and ysf  are the dynamic and static yield strength of steel, 

λ is taken as 0.03 and sε&  is estimated to be 10-2 s-1 for steel. 

Johnson and Cook (1985) concluded that other factors such as temperature and 

pressures can also contribute to the strength enhancement. Under this assumption an 

equation is expressed as: 
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where A, B, C, m and n are defined material constants; pε is the effective plastic strain; 

0
* /εεε &&& p=  is the plastic strain rate with 0ε& equals to 1 s-1 and 

)/()(*
roommeltroom TTTTT −−= . 

If only the strain rate effect is considered, Equation (5-37) can be transformed 

into a famous relation known as Cowper-Symonds relation to determine the DIF as 

shown below: 
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where D and g are the Cowper and Symonds constant respectively. 

Malvar (1998) conducted a review on static and dynamic properties of 

reinforcing steel under high strain rate. From the available database the author 
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concluded that the DIF data can be approximated by a straight line in a logarithm of 

DIF versus logarithm of strain rate plot which is valid for strain rates between 10-4 s-1 

and 225 s-1. The adopted DIF formulation for both yield and ultimate stress is: 
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Both the Cowper and Symonds relation and Malvar’s recommendation for steel 

materials are implemented for this investigation. Because Malvar’s recommendation is 

based on experiments conducted on high strength reinforcing steel the formula is only 

applied to the steel reinforcement in this investigation. Figure 5-30 shows the curve of 

steel strength enhancement at different strain rate employed for the steel reinforcement 

in the study. The Cowper and Symonds relation is adopted to account for the strain rate 

effects for other steel elements of the bridge model. 
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Figure 5-30: Strength enhancement of steel reinforcement under different strain rate 

 

5.5 Evaluation of Explosive Loads  

Many empirical formulae have been introduced over the past decades and 

proven to be acceptable in estimating the magnitude of the peak air blast pressure, as 

discussed in Chapter 3. Some numerical simulations were also conducted to simulate 
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shock wave propagation and blast pressure on structures. In these simulations, the blast 

pressure and structure interaction is usually neglected by assuming the structure is rigid. 

Another limitation in numerical simulations is sometimes insufficiently small mesh has 

to be used owing to computer memory and simulation time constraint. These can result 

in underestimation of both the blast overpressure and impulse in free air                  

(Gong et al., 2006). Compensation of the air shock underestimation can be achieved by 

imposing a charge adjustment factor of 1.5-3 depending on the standoff distance of the 

target structure. However the validity of this method is yet to be verified. Due to the 

ambiguity of the mesh size many researchers prefer to use the army manual TM5-1300 

for generation of blast pressure. Its database is based on numerous experiments 

conducted. Nevertheless the code fails to provide information for explosive events with 

scaled distance less than 0.167 ft/lb1/3 (0.067 m/kg1/3). 

All damage analyses in this study are performed in two stages. The first stage 

involves the estimation of the explosive pressure from the detonation and the second 

stage involves examining the interaction and the effect of explosive blast wave with the 

structure. 

Two approaches are used for estimating the peak blast pressures. Due to the 

limitation of the TM5-1300, commercial package named AUTODYN is used to 

determine the air blast pressure when the explosive charge is placed in close proximities 

to the piers and towers. This is achieved by generating the initiation of the 1000 kg TNT 

equivalent explosive and the propagation of blast wave in air. Owing to the symmetry, 

only half of the structure is modelled for the blast pressure estimation. In addition, the 

ground is assumed to be a perfect reflecting surface when calculating the blast load so 

that blast shock waves would be expanded hemi-spherically into the atmosphere. 

 To improve the accuracy and minimize the computation time it is suggested by 

Zhou et al., (2005) and Zhou and Hao (2006) that the propagation of hemi-spherical 

blast waves can be modelled in a two dimensional space first using fine mesh until the 

waves encounter the structure surface. Results are then remapped into the three 

dimensional simulation when the blast waves interact with the structure. Doing so, the 

peak reflected pressure time histories at various positions on the surface of the three 

dimensional structural model are obtained. For the current study, the high explosives are 

modelled with Jones-Wilkins-Lee (JWL) equation of state with an expression as: 
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(5-41)

 
where P  is the hydrostatic pressure, χ  is a specific volume, e is the specific internal 

energy and A1,r1, A2, r2 and ϑ  are constants. Using the data available in AUTODYN, 

which are gathered from numerous dynamic explosive tests, the magnitude for the 

constants employed are A1 = 3.7377×105 MPa, r1 = 4.15, A2 = 3.7471×105 MPa, r2 = 0.9 

and ϑ = 0.35. Air is modelled with the ideal gas equation of state in which pressure is 

related to energy with the empirical formula:  

 

eP ργ )1( −=  kPa      (5-42)

 
where  γ  is a constant, ρ  is the density of air and e is the specific internal energy. The 

magnitude of the constants used are based on the information available in the 

AUTODYN material library such that ρ  = 1.225 kg/m3, γ  = 1.4 and with the initial 

assumption of the internal specific energy of air being 2.068×105 kJ/kg.  

As stated previously, simulation of explosive detonation using hydrocode 

package is sensitive to mesh size. In this research the simulation of the blast wave 

propagation is conducted using 25 mm meshes and slowly increased in size with height 

above ground level. Improvement of results could have been achieved by reducing the 

mesh size nevertheless this would cause computation overflow. Figure 5-31 displays 

one of the simulated blast pressure time histories when subjected to a 1000 kg TNT 

equivalent explosion at a distance of 0.5 m away from the target structure. As shown, 

the maximum positive pressure is 1210.8 MPa and the positive impulse is 

approximately 0.082 MPa.s, and the maximum negative pressure is 0.0092 MPa and the 

negative impulse is about 0.00034 MPa.s.  
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Figure 5-31: Simulated blast pressure time history 

 
  By plotting the maximum pressure at various heights along the structure it 

shows that the maximum airblast pressure simulated is 1210.8 MPa, occurring at 0.10 m 

above the ground level, and it reduces drastically to 2.39 MPa when the height of 10 m 

is reached as shown in Figure 5-32. 
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Figure 5-32: Blast pressure magnitude at various heights 

 
In this case, verification of the simulated blast history with the TM5-1300 

experimental data is not possible for positions in close proximity to the explosive charge. 

This is because the data recorded in the TM5-1300 are bounded with scaled distance 

between 0.067 m/kg1/3 and 39.67 m/kg1/3, whilst the scaled distance employed for the 

contact blast case scenarios is 0.05 m/kg1/3. However, verification of results can be 



CHAPTER 5                                        Finite Element Model of the Cable-Stayed Bridge 

99 

achieved for positions further away from the explosive charge as shown in Figure 5-33 

and Table 5-8. From the table, it shows that the simulated peak blast pressures and 

positive impulses are on average 31 % and 22 %, respectively, less than those recorded 

in TM5-1300. This is primarily attributed to the insufficiently small mesh employed for 

the simulation. Although discrepancies are identified in the simulated results, they are 

still implemented for these positions in studying the structure response in order to 

maintain consistency with the blast pressure history used at positions that are not 

available in the TM5-1300 manual.  
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Figure 5-33: Comparison of blast curve at (a) 2 m height, (b) 5 m height and (c) 10 m height 

 

(a) 

(b)

(c) 



CHAPTER 5                                        Finite Element Model of the Cable-Stayed Bridge 

100 

Table 5-8: Difference between the blast pressure characteristic 

 Simulated 
Peak 

Pressure 
(MPa) 

TM5-
1300 
Peak 

Pressure 
(MPa) 

% of 
Difference

Simulated 
Positive 
Impulse 
(MPa.s) 

TM5-
1300 

Positive 
Impulse 
(MPa.s) 

% of 
Difference 

2 m height 13.06 19.10 31.61 0.0070 0.0092 23.27 
5 m height  3.35 4.87 31.23 0.0019 0.0025 22.30 
10 m height 0.93 1.35 31.00 0.0017 0.0021 21.68 

 
The second approach used to evaluate blast load on structure is the use of 

software named ATBlast. It is a proprietary program developed by the US General 

Services Administration (GSA), based on the databases recorded in TM5-1300 code to 

estimate the blast loads developed in an open air explosion. It enables users to input 

parameters such as minimum and maximum range increment, weight of explosive 

charge and incident angle. Using these parameters ATBlast then calculates values such 

as range distance (R, ft), shock front velocity, time of arrival (ta, msec), Pressure (P, Psi), 

impulse (I, Psimsec) and duration (td, msec). Final pressure and impulse are displayed in 

a tabular format in which their respective curves can also be displayed graphically. For 

all the bridge deck explosion case scenarios, the blast loading time histories are 

assumed to be a triangular loading function as shown in Figure 5-34. 

 

 

Time 

Pressure 

Pr 

ta Tof 
 

Figure 5-34: Idealised blast pressure time history (TM5-1300, 1990) 

 
The positive pulse is modelled with an abrupt rise to peak reflected pressure, Pr, 

by the arrival time ta. Pressure will then decay to ambient pressure after the fictitious 

positive phase duration, Tof, is reached which is calculated using the equation: 

 



CHAPTER 5                                        Finite Element Model of the Cable-Stayed Bridge 

101 

r

r
of P

IT 2
=  

 
(5-43)

 
where Ir signifies the positive impulse.     

In this research study, the air blast wave generated by the external blast load is 

the only dynamic load considered. Ground shock from blast loading is not considered as 

all the simulations are truck bombing events in which the explosive charge is supposed 

to be located on truck bed with a clearance of one metre with the ground level. Due to 

the isolation from the ground as well as the truck itself could also act as a barrier 

between the explosion and ground, the associated ground shock effect would be 

negligible in comparison to the peak reflected air blast pressure. Also, for case studies 

of explosion beneath the bridge it is reasonable to assume that a truck used to transport 

the 1000 kg TNT equivalent explosive charges cannot be less than 0.5 m to the bridge 

structure. Thus, the minimal standoff distance of 0.5 m from the point of detonation is 

used for the on-ground components analyses. Fire damage associated with explosion is 

neglected in this research due to the complexity in finite element modelling and large 

computational time required.    

Another assumption made in this research is that for positions which 

experienced air blast pressures with less than 0.1 MPa, they are assumed to have 

minimal influence on the structure. Hence these pressures are neglected in the numerical 

analyses. Figure 5-35 reveals the elevation view of the blast pressure distribution 

generated by a 1000 kg explosive on bridge deck and the maximum and minimum blast 

load history determined using ATBLAST. Based on the stated assumption the spherical 

pressure distribution of the blast pressure extends to 30 m from the center of explosion 

in all direction as displayed in the figure. The angle of incident of each blast load is 

evaluated using the Pythagoras Theorem.  
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Figure 5-35: Blast pressure distribution and two blast load histories employed on bridge deck 

 

5.6 Summary 

This chapter presents a thorough description of the cable-stayed bridge 

investigated in this research. Four numerical models are built to simulate the explosion 

effects on four major elements of the cable-stayed bridge. These structural elements are 

towers, piers, back span and main span with inclusion of cables. Details of the elements 

and crucial functions used to construct these models are described in the chapter. They 

include: 

1) The use of solid, beam and shell elements. 

2) Boundary conditions employed to simulate the structure’s foundations. 

3) Contact algorithms considered in the numerical models. 

4) The method adopted to input blast load on structure. 
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5) Material and their failure criterion modelling in order to quantify the severity 

of damage from blast explosion load. 

6) Empirical formulae derived to calculate the strain rate effect for both 

concrete and steel material. 

7) Methodology in evaluating the blast loads. 

All these factors must be considered in order to have an accurate prediction of 

structural response. Although a great detail of the bridge structure has been modelled in 

this investigation, some components of the bridge structure are not modelled in detail in 

this investigation. These include connections between different structural elements (e.g. 

pier and girder, deck and slab and the intersection of the main span and back span), the 

foundation system and the anchoring system for the cables. Appropriate boundary 

conditions and assumptions are made to compensate these deficiencies. With the 

assistance of the numerical models, the bridge structure performance against dynamic 

blast loads will be discussed in Chapter 6 and 7 of the thesis. 
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CHAPTER 6. Bridge Performance under Contact 
Blast Loads 

 

 

6.1 Introduction 

As discussed in Chapter 2, a majority of the previous researches adopted 

approximate methods to estimate the flexural and shear failure modes of reinforced 

concrete structures under explosive loading. However, these approaches are only 

applicable for the prediction of the global response and performance against blast 

loadings of simple structures. For realistic complicated structures, such as multiple span 

bridges and those having unusual shapes, equivalent systems may over simplify the 

actual characteristics of the structure. This may result in an over estimation of the 

structural response and lead to erroneous predictions in explosive load analyses, where a 

lot of uncertainties, such as construction materials and blast loading characteristics, are 

involved. Also, these methods cannot incorporate the blast wave propagation into the 

calculations which leads to problems in analysing structural damage.  Consequently, 

Bounds (1998) concluded that the equivalent analysis methods using the SDOF 

approach can only provide reasonable results for studies involve very simple structural 

systems and/or cases with relatively large standoff distance between the explosives and 

the structure. In order to achieve a more reliable prediction of structure response under 

the effects of explosive blasts, it is essential to conduct finite element analyses. 

This chapter is devoted to demonstrating the ability of using highly physics 

based finite element models in predicting the structural dynamic responses of four 

different components of a cable-stayed bridge under the blast loads generated from a 

1000 kg TNT equivalent explosion. It first presents the results of convergence tests 

conducted in order to determine the appropriate mesh size needed to simulate the 

dynamic structure behaviour. It then follows by the damage analysis of the four 

principal cable stayed bridge components: namely the structural pier, tower, back span 

and main span. After completing the damage investigation of each individual structural 

component, bridge performance analysis is carried out to evaluate the likeliness of 

bridge failure due to the deterioration of the structural strength of the damaged 
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components. All analyses are carried out in a PC with a Pentium 4 CPU processor with 

main frequency 3.40 GHz and 2.00GB RAM memory. 

 

6.2 Convergence Test Analysis 

Adequate mesh size and appropriate element type are important in performing 

finite element analysis, especially for dynamic blast analysis. The main reason is 

because they are the key factors that ensure all frequencies generated from blast waves 

are captured by each of the elements, so that accurate damage response can be acquired.  

In finite element method formulations, element types are divided into two major 

classes namely linear elements and quadratic elements.  In general, the linear elements 

take a relatively shorter time to evaluate the stiffness matrix because of the use of first 

order differential equations. However, solutions calculated may be less accurate and 

they are strongly governed by the aspect ratio (Cho et al., 1996). These days most of the 

three dimensional analyses are conducted using quadratic elements as they enable more 

precise solutions and are less affected by the aspect ratio in comparison with linear 

elements. Nevertheless, the computation effort is more expensive compared with linear 

element analyses because of the incorporation of second order interpolation functions 

for calculating solutions.   

To avoid the risk of computer memory overflow, an adequate element size must 

be determined to provide both accuracy and efficiency. In this element sensitivity 

analysis, a simple concrete slab model with dimensions 2 m x 2 m x 0.3 m is simulated 

under the effect of spherical blast waves generated at a scaled distance of 0.1 m/kg1/3 

(i.e. 1000 kg of TNT equivalent detonated at 1 m height above the concrete slab). By 

taking the advantage of geometrical symmetry of the slab model, only half of the slab is 

modelled in the analysis. Four different mesh sizes are examined: 1.56 mm, 3.13 mm, 

6.25 mm and 12.50 mm (1). For this investigation, comparison is made by utilizing the 

peak reflected pressure acquired at five different locations on the slab model. The 

locations are 12.5 mm, 25 mm, 50 mm, 100 mm, 200 mm and 250 mm into the slab 

from the impact surface. The reason for using the peak reflected pressure instead of 

other parameters, such as displacement, is because the pressure will converge at a 

slower rate than displacement. Therefore, many researchers consider it to be  

                                                 
 
 
1 Because of the limitation of both the computer and software capacity, smaller mesh is not possible. 
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insufficient to examine the convergence of displacement alone for high strain rate 

events (Cho et al., 1996 and Department of Mechanical Engineering of University of 

Alberta, 2001). Graph of the results and the computing time for each simulation are 

given in Figure 6-1 and Table 6-1, respectively. 
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Figure 6-1: Comparison of mesh size’s sensitivity 

 
Table 6-1: Computing time for different mesh model 

Mesh Size 1.56 mm 3.13 mm 6.25 mm  12.5 mm 
Simulation Time   39 hr 30 min 21 hr 14 min 10 hr 36 min 5 hr 20 min 

 
As shown in the figure, the 12.5 mm mesh exhibited the greatest difference 

ranging from -15.2 % at the 12.5 mm measuring point to -41.5 % at the 204 mm 

measuring point. Thus, this mesh size is believed to be inadequate for positions in close 

proximity to the blast center. It demonstrates that the 1.56 mm, 3.13 mm and 6.25 mm 

meshes exhibit similar results with the maximum difference determined to be -13.6 % 

for the 6.25 mm mesh at the 200 mm position when compared with the 1.56 mm mesh. 

However, longer computational time is required for both the 1.56 mm and 3.13 mm 

mesh as shown in Table 6-1. By taking both the accuracy and computational time into 

account, it is decided to adopt the 6.25 mm mesh size as the smallest mesh in 

constructing the numerical models in the study. In addition, due to the large size of the 

numerical models and the limitations of the commercial software, adaptive mesh 

refinement is adopted in which refined mesh is used at regions where accurate stresses 

are of interest and are close to the explosion center. Mesh size is then increased 

progressively as the distance from the explosion center increases. For all numerical 
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models constructed in this research, a mesh size of 200 mm or greater are used in 

regions of the structure that are not affected directly by blast loads so that the dead load 

can be accounted for to simulate the structural collapse. In another words, these are the 

regions in which the response is not governed by the blast load induced stress wave 

propagation, rather by vibration of the overall structure caused by the blast load acting 

on other portion of the structure. Therefore, it is not necessary to use very small mesh 

size in these regions.             

 

6.3 Dynamic Response Analysis 

Past incidences provided evidence that blast attacks on bridge structures can be 

initiated by either accidents (e.g. vapour cloud explosions, tanker explosions from 

vehicle collisions and fuel explosions) or intentional attacks (e.g. military operations 

and terrorist attacks). Based on the recorded damage from individual bridge components 

and the failure mechanisms of various bridge structures, researchers suggested that 

bridge components can be categorized into three classes (Bulson, 1997). They are: 

Class 1: this includes towers of cable supported bridges and the piers of single 

pier bridge structures. Complete demolition of these components lead to enormous 

disruption to the load carrying capacity of the bridge and resulted in bridge collapse. 

Class 2: destruction to the components, such as the main girders of bridges 

which comprise of multiple girders for load support, will reduce the load carrying 

capacity significantly. However, repair can maintain the lowered capacity to avoid 

bridge collapse.  

Class 3: failure of components in this class causes localized disruption to the 

load carrying capacity of the structure. Repair of the damaged components enables the 

restoration of full strength capacity. Such components, e.g. the deck slab, are those that 

are highly redundant in the bridge system,  

All these classifications provide vital information to bridge engineers in the 

design of new bridges. They also assist in determining the level of mitigation/protection 

measures need to be incorporated for each individual component in order to minimize 

the risk of bridge collapse. However, since each bridge structure exhibits dissimilar 

characteristics, further investigation needs to be conducted to gain a better 

understanding of the possible failure mechanisms for different bridge types under 

dynamic blast loads.    
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6.3.1 Pier Case Study 

Bridge piers are often defined as an axially loaded member. Both flexural and 

shear stress can be developed within members if any eccentric forces, due to the 

combination of the bridge’s dead load and traffic live loads, are applied to the 

components. In general, these elements are considered to be critical components of 

bridge structures because they are responsible for both determining the failure 

mechanism and ensuring the stability of the overall bridge. Various blast loading 

scenarios examined in the past showed that piers are more susceptible to damage from 

ground level blast attacks than above deck blast impacts as their size is usually large 

enough to withstand modest above deck explosion loads (Winget et al., 2005a). 

Depending on the bridge type (e.g. single pier bridge or multiple span concrete box 

girder bridge) and the criticality of the subjected pier, any damage or failure of the pier 

may initiate collapse of the entire bridge. Knowing the importance of piers in terms of 

the overall bridge performance, extreme care is needed in designing and analysing the 

response of the piers.  

Given that the arrival time and amplitude of the blast pressure are dependent on 

the standoff distance of the blast load, it is necessary to divide the impact surface of the 

structure into individual segment sets in order to accurately model the interaction of the 

blast load acting on the structure. For the pier contact explosion case scenario, the 

segments are constructed such that the first segment set has an area of 0.4 m wide and 

0.2 m high as shown in Figure 6-2. The dimensions of the consecutive segment sets then 

increase progressively as the distance from the blast center increases. Blast loads are 

then assigned to their corresponding segment set using the command LOAD 

SEGMENT SET in LS-DYNA. Figure 6-3 shows some of the blast pressure histories 

acting on the bridge pier at different locations subjected to a 1000 kg TNT equivalent 

explosion at a distance of 0.5 m from the pier and 0.1 m above the ground. In this case, 

the smallest scaled distance is 0.05 m/kg1/3 and gradually increases with the increase in 

distance between the center of each segment and the explosion center. In order to 

simplify the finite element model, the blast load is assumed to be expanding in a 

rectangular ring from a blast center instead of a hemispherical ring. This simplification 

is considered to be appropriate and believed to make minimal difference in the damage 

zone in comparison to the simulation using hemispherical ring expansion of blast 

pressure for the case of close distant explosion as the damage under such blast load is 

extremely localised.   



CHAPTER 6                                           Bridge Performance Under Contact Blast Loads 

110 

 

Segment 61

Segment 1

Segment 10

Segment 22

4 m

0.4 m2 m

4.4 m

8.8 m10.4 m 

10 m

0.2 m

 
Figure 6-2: Segmentation of structural pier for contact explosion analysis (Not to scale) 
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(d) Segment 61(10.3 m Above Ground) 

Figure 6-3: Blast pressure time histories at various positions above ground 
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Furthermore, the structural pier is found to be fully engulfed by the air blast 

pressures in this event. Hence, dynamic blast pressures are also applied onto the side 

and rear surfaces of the pier. There are a total of 105 blast load curves employed for the 

structural pier dynamic response simulation. For the current pier dynamic analysis, the 

self weight of the bridge deck, estimated to be 2.60 MPa, is introduced into the pier 

model located at the end of the bridge by incorporating an additional mass with artificial 

increased mass density reflecting the aforementioned self weight. This procedure is used 

in order to reduce the computational effort as the stress state and the integrity of the 

bridge deck is of no concern in this assessment.  

 

6.3.1.1 Pier Damage Analysis 

 Figure 6-4 illustrates the failure process of the pier when subjected to the air 

blast pressures generated at a scaled distance of 0.05 m/kg1/3. By using the function 

incorporated in Material 72Rel3, the damage contour is also plotted in Figure 6-5. This 

damage contour defines the damage with a magnitude ranging from 0 to 2 to represent 

the evolution of the concrete element from elastic stress state to elastic-plastic stress 

state (i.e. 0-1) and to the softening of material (i.e. 1-2) (Lan et al., 2005). From the 

simulation, it is observed that the pier is severely damaged on the front surface at       

0.50 seconds after the impact.  

Unlike results acquired from other researchers who have identified global failure 

behaviours such as flexural or shear failure of concrete structures, the pier studied in 

this investigation is predominantly damaged by highly localized crushing and spalling 

of concrete elements resulting from the stress wave created by the blast loads. The 

reason for this observation is due to the close proximity of the blast center to the 

structure studied (i.e. 0.5 m). At this scaled distance, the blast pressure-time history 

developed is characterised by both an extremely high magnitude of reflected peak blast 

pressure    (i.e. 1210.8 MPa) and very short positive phase duration (i.e. less than 0.001 

seconds). As a result of this blast load’s characteristic behaviour, no flexural or shear 

failure response is identified in this numerical study. These responses are usually caused 

by blast loadings with a relatively lower pressure and longer positive duration to allow 

the build up of the global structure deformation before local crushing failure associated 

with the stress wave propagation inside the structure. 
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Figure 6-4: Failure of structural pier under blast load of scaled distance of 0.05m/kg1/3 
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Time = 0.00 seconds Time = 0.01 seconds  

Time = 0.05 seconds Time = 0.10 seconds 

Time = 0.20 seconds  Time = 0.30 seconds 

Time = 0.40 seconds Time = 0.50 seconds  
Figure 6-5: Damage contour of the structural pier 
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The simulation results indicate that the blast pressure generated from this close 

range explosion causes a highly localized damage with an area measuring 10 m wide 

and 5.6 m high, as shown in Figure 6-6. The reason for localized damage only is due to 

the increase in the blast pressure angle of incidence along the pier’s surface, which leads 

to a reduction in pressure at each height level.  The damage zone at the inner face of the 

pier facing the explosion center extends to a height of approximately 10.2 m due to the 

pulling of steel reinforcement and spalling of concrete owing to tensile damage as 

shown in Figure 6-6. As also shown in the figure, the rear face of the pier in the 

opposite side of the explosion center also suffers intensive damage. This will be 

explained later. 

 

Figure 6-6: Failure of structural pier after blast impact at a scaled distance of 0.05 m/kg1/3 

 
The reinforcement axial stress history, as shown in Figure 6-7, also reflects the 

area of the damage zone created. As the blast waves got in contact with the pier surface, 

an abrupt increase in the axial stress of the steel reinforcement is observed. Under the 

strain rate enhancement effect initiated by the dynamic blast load, the ultimate stresses 

of the steel reinforcements measured are roughly 1.2 times greater than its ultimate 

stress under normal static loading condition (i.e. 660 MPa). In this case, an ultimate 

tensile stress of 787 MPa is recorded at ground level and at points along the centerline 

of the pier, 2 m and 5 m from the base. The immediate drop from the ultimate values 

suggests the failure of the elements at these positions. The steel reinforcements at other 

positions, such as 7 m and 9 m height, all undergo inelastic deformation. In this case the 

maximum axial stress of 685 MPa and 501 MPa are recorded at 7 m and 9 m positions, 

respectively.  
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Figure 6-7: Steel reinforcement axial stress history at various heights along the pier (impact surface) 

  
As shown previously in Figure 6-6, damage also occurs on the rear surface of 

the pier under the combined actions of blast pressure, due to the pressure engulfment 

around the pier, and stress wave propagation from the impact surface transmitted 

through the webs. The failure of concrete elements on the rear surface first occurred at 

region near the web section of the pier at approximately 0.004 seconds after the blast 

impact on the front face and those elements are completely demolished by 0.15 seconds.  

Figure 6-8 illustrates the progressive damage during the simulation. The overall damage 

on the rear surface by the time 0.50 seconds is shown in Figure 6-9.  Since the pier is 

designed as a twin box section, the result gives evidence that the damage may be 

initiated predominantly by the stress wave propagation through the web section, instead 

of the engulfment of blast pressure.   

 

a) Time = 0.012 seconds  b) Time = 0.15 seconds  
Figure 6-8: Damage at the web section of the pier (view from base of pier) 
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Figure 6-9: Damage on the rear face of the pier 

 
A comparable demolished area occurs on the rear surface which is measured to 

be about 8.2 m wide and 11.6 m high. By collating the reinforcement axial stress time 

histories shown in Figure 6-7 and Figure 6-10, it can be seen that the reinforcement on 

the rear side of the pier exhibited lower ultimate stresses and a delayed response than at 

the front side of the pier. The reason for this is primarily attributed to the significant 

difference in the dynamic blast pressure being applied on the rear face, and the fact that 

the twin box section design has prevented the stress wave being fully transmitted. 

Hence, the combined effect of the two factors results in a slightly smaller damaged level 

at the rear side of the pier, although the damage area is not necessarily smaller.   
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Figure 6-10: Steel reinforcement axial stress history at various heights along the pier (rear surface) 
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6.3.1.2 Progressive Collapse Analysis after Pier Demolition 

Previous analysis revealed that the pier is severely damaged under the dynamic 

impact generated from a 1000 kg TNT equivalent explosion placed at 0.5 m from the 

structure. According to the results, it is believed that the pier will lose its capacity to 

support the bridge should such an explosion event occur and may lead to the collapse of 

the bridge. In order to examine the possibility of progressive collapse, the damaged area 

of the pier is removed, as recommended in both the US General Service Administration 

(GSA) and the US Department of Defence (DoD) guidelines. The damaged pier chosen 

for this progressive collapse analysis is the one furthest away from the tower as shown 

in Figure 6-11. This is because the back span cables are the main balancing cables for 

the load from the main span. The loss of the pier in this region can severely disturb the 

supporting strength of cables and thus trigger the progressive collapse of the bridge. To 

simplify the computational model as well as reduce the calculation time and number of 

elements, the stiffeners on the main span are not modelled in detail as discussed in the 

previous chapter in this progressive collapse analysis. Instead, many stiffeners are 

combined together to form larger stiffened strips in the model but maintain the 

equivalent stiffness and mass of the original model.  

Moreover, damping effect is considered for all progressive collapse studies 

conducted. In this case, the natural frequency of the bridge is taken to be 0.12 Hz, based 

on suggestion from some bridge experts, and thus a global damping constant of 1.5 (i.e. 

constant = 4π x bridge natural frequency as stated in LS-DYNA (2007)) is applied in all 

numerical simulations. As discussed in Section 5.2.4, both CONTACT AUTOMATIC 

SURFACE TO SURFACE and CONTACT AUTOMATIC NODES TO SURFACE, in 

LS-DYNA are employed for all progressive collapse analyses in order to prevent 

penetration of elements during structure collapse. 
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Damaged AreaDamaged Area

 
Figure 6-11: Simulating the progressive collapse of the bridge structure after pier damage 

 
As stated in Marjanishvili (2004) and Hao et al., (2006), the two guidelines 

provide four analytical procedures each with different advantages and disadvantages. 

They are namely Linear Elastic Static Analysis, Nonlinear Static Analysis, Linear 

Elastic Dynamic Analysis and Nonlinear Dynamic Analysis. For the present study the 

linear elastic dynamic analysis is performed. The GSA and DoD mandate the vertical 

load conditions as follows in conducting the dynamic progressive collapse analyses: 

 

LLDLLoads 25.0+=  (6-1) 

WLLLDLLoads 2.05.0 ++=  (6-2) 

 
where DL denotes the dead load of the structure, LL is the live load on the structure and 

WL is the lateral wind load. All bridge collapse analyses studied in this research are 

based on the DoD loading condition but the lateral wind load is assumed as zero. Two 

different live loading patterns are considered in the analyses in order to determine the 

worst possible bridge response after the loss of the structural component.  

CASE 1: In the first loading condition, the full traffic live loads are assumed to 

be uniformly distributed onto the whole bridge structure. The numerical result shows 

that, under the effect of the self weight and traffic live loads (i.e. 1.2 kPa uniform 

distributed load and 9.6 kPa moving truck load prior to the application of the 0.5 factor 

shown in Equation (6-2)), the loss of a pier provoked a maximum vertical displacement 

of 9.18 m at 70 m away from the middle of the main span 60 seconds after the damage 

as shown in Figure 6-12.  
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Figure 6-12: Vertical displacement contour (loss of a pier - Case 1) 

 
It can be seen that the pier failure has induced shear failure of bridge deck near 

the adjacent pier and led to complete deck collapse at the end span of the bridge as 

shown in Figure 6-12. By detailed examination of the bridge model, Figure 6-13, it can 

be observed that the failure of the deck also causes the adjacent pier to buckle. This 

response is primarily attributed to the imbalance of dead loads above the pier which 

resulted in the progressive increase of deflection beyond 3.94 m calculated at the end of 

the numerical analysis.  

 

Buckling of pier Uplift of the deck

Figure 6-13: The damage at the back span after the loss of the pier support (Case 1) 

 
The cables which are connected to the end of the back span, all undergo 

significant axial force enhancement, as illustrated in Figure 6-14, due to the pulling of 

the falling structure component. This force enhancement continues until the time 

10 seconds when the concrete elements on the bridge deck begin to deform/fail and the 

cables are found unable to provide the original supporting force at the end of the 
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simulation. Although some of the back span cables experienced a small force 

enhancement near the end of the simulation, as shown in Figure 6-14, due to the pulling 

of the collapsing deck and bending of the structural tower, this enhancement is only for 

a short period of time owing to the element failure around the connection of the cable.  

The combined action of both the change in cable force and the dead load of the 

main span has caused the left tower to deflect 4.91 m rightward. This action has also 

raised up the remaining bridge deck at the left end of the bridge with a maximum 

displacement of 4.65 m. Lateral displacement of the right tower is observed as a 

consequence of the main span movement but with a smaller deflection of 3.31 m as 

compared with the left tower. 
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Figure 6-14: Cable force time history with loss of a pier (Case 1 loading) 

 
The effect of the loss of the cable supports is also reflected in the vertical 

displacement time history (Figure 6-15). In this case, the ratio of the maximum 

deflection/span length is calculated to be approximately 1.56 % (i.e. 9.18/588 = 1.56 %). 

No upward displacement is identified at the main span even though the cable forces at 

the back span all increased to a greater magnitude at the early stage of the simulation. 

The reason is because of the reduction in the lateral force component of these cables 

during the bridge structure deformation and triggers the deflection of the structural 

tower in the analysis. Although the deflection ratio of the main span is negligible, both 

the downward displacement rate of the main span and the failure of the adjacent span 

give evidence that if the simulation time is extended to a longer period, there is a great 

possibility of bridge collapse with the loss of this pier support. 
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Figure 6-15: Vertical displacement time history with loss of a pier (Case 1 loading) 

 

CASE 2: The second loading condition assumes that the full traffic live loads 

are uniformly distributed onto the main span only. Doing so, the deflection of the 

structure is maximized as fewer loads are applied onto the back span. Figure 6-16 shows 

the vertical displacement contour of the cable-stayed bridge after the loss of the pier 

support. By the application of the DoD loading condition, the maximum downward 

displacement recorded at the main span after 60 seconds of numerical simulation is 

approximately 11.52 m.   

 

Max displacement on 
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Max displacement on 
main span = 11.52 m

 
Figure 6-16: Vertical displacement contour (loss of a pier - Case 2) 
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Akin to the previous analysis, complete demolishment of the furthest back span   

is observed as shown in Figure 6-17. Buckling of the adjacent pier is also noted in this 

case study but with a smaller lateral deflection of 2.90 m measured at the end of the 

numerical calculation as no traffic live loads are implemented onto the back span. The 

cables’ axial force time history shown in Figure 6-18 demonstrates that the cables 

experienced an increase in axial force due to the collapse of the damaged back span. 

This enhancement continues until 11 seconds after the simulation, where there is an 

abrupt decrease in the axial force which suggests the deformation/fail of the back span 

by this time.  

 

 
Figure 6-17: The damage at the back span after the loss of the pier support (Case 2) 
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Figure 6-18: Cable axial force time history (loss of a pier – Case 2) 
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Owing to the fact that the traffic live loads are implemented onto the main span 

only, higher deflection is recorded for the left towers, i.e. 5.42 m rightward, as 

compared to that acquired in the previous study. Furthermore, pulling of the main span 

cables resulted in an upward displacement of the adjacent concrete span is noted with a 

peak displacement of 5.83 m.    

The loss of cable supports and deflection of the structural tower also causes 

continuous downward movement of the main span throughout the simulation as 

illustrated in Figure 6-19, the vertical displacement time history of the main span. Based 

on the damage of the bridge model from the two case scenarios, it can be concluded that 

there is possibility of bridge collapse as a consequence of pier damage under the loading 

criteria specified in the DoD guideline. Hence, it is necessary to provide adequate 

protection measures to minimize the risk of catastrophic bridge failure. 
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Figure 6-19: Vertical displacement time history (loss of a pier - Case 2) 

 

6.3.2 Tower Case Study 

Cable supported bridges, such as cable-stayed and suspension bridges, are 

preferred over ordinary composite bridges in situations where there are geographical 

constraints and construction cost limitations, or when very long span sections, generally 

more than 200 m long, are required. In order to maintain the long span in equilibrium 

under both traffic and wind loads, it is vital to have a precise design of the structural 

towers so that the cables can function within their design capacity. There are various 

types of towers employed in the construction of cable-stayed bridges. These include    

‘A frame’ and ‘Diamond’ with their dimensions modified to satisfy the design 
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conditions. Since towers are the principal element governing the stability of the long 

span section of cable supported bridges, any damage to the tower would not just cause 

movement or imbalance of the bridge, but may also initiate progressive collapse of the 

bridge. Therefore, towers are often classified as the most critical component of cable 

supported bridge structures. Similar to structural piers, towers are more susceptible to 

damage from ground based explosion attack. As a consequence, their structural design 

and analysis must be addressed with great care. 

The blast load histories employed for this case have similar order of magnitude 

to those implemented in the previous pier dynamic analysis except for positions further 

away from the ground. The reason for this outcome will be explained in Section 6.3.2.1. 

The segmentation of the structural tower for implementing the blast loads is similar to 

the previous pier dynamic analysis where the first segment set has an area of 0.4 m in 

width and 0.2 m high as illustrated in Figure 6-20. However, the dimensions of the 

segment sets are doubled in size by the 12 m height of the tower. The use of larger 

segment dimensions from this point and onward is due to the larger mesh employed at 

these positions and the fact that the blast pressures measured at these heights exhibit 

minimal difference as shown in Figure 6-21.  
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Figure 6-20: Segmentation of structural tower for contact blast load analysis (Not to scale) 
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Figure 6-21: Comparing the blast load history at 12 m and 13 m point 

 
  Akin to the previous case, a 10.20 MPa uniform compressive stress is applied 

to the tower by increasing the mass density of the upper tower to account for the force 

imposed by the bridge structure. A total of 95 blast load curves are used for the this 

structural tower dynamic analysis.  

 

6.3.2.1 Tower Damage Analysis 

Figure 6-22 and Figure 6-23 show the dynamic response and the damage 

contour, respectively, of the structural tower when subjected to contact blast pressures 

created by a 1000 kg TNT explosive at a scaled distance of 0.05 m/kg1/3. It should be 

noted that in order to minimize the modelling effort and simulation time, the smeared 

material is modelled as linear elastic, thus the concrete elements at regions above 15 m 

height are shown to only undergo elastic deformation throughout the simulation, as 

shown in Figure 6-23. This simplification has only minimum effect on the overall 

stability of the tower and bridge structure as most damage is limited in the bottom 

region of the tower from the explosion on the ground surface. 
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Time = 0.00 seconds  Time = 0.01 seconds  

 
Time = 0.05 seconds  Time = 0.10 seconds  

 
Time = 0.50 seconds  Time = 1.00 seconds  
Figure 6-22: Failure of structural tower at a scaled distance of 0.05m/kg1/3 
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Time = 0.00 seconds  Time = 0.01 seconds  

  
Time = 0.05 seconds  Time = 0.10 seconds  

  

Time = 0.50 seconds  Time = 1.00 seconds 
Figure 6-23: Damage contour of the structural tower 

 
Similar to the pier simulation, noticeable localized damage due to crushing and 

spalling of concrete elements is identified on the blast impact surface of the structure. 

Yet there is a substantial reduction in the damaged area in comparison to the pier, even 

though the weight of the explosive is maintained. In this case, the dimensions of the 

damaged area are measured to be approximately 10.5 m wide and 5.8 m high. The 

reason for the smaller damaged area is due to the difference in structural design of the 

tower and pier. The bridge tower has larger dimensions and a higher reinforcement ratio 

as compared to the pier, thus leads to a higher structural resistance to dynamic loads 

than the bridge pier. Another factor that may have attributed to this result is the shape of 
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the tower. As stated in Chapter 5, the tower section tapers linearly from an elongated 

circular section at ground level to a circular section at a height of 175 m. Owing to this 

particular design both the pressure incident angle and the scaled distance at each height 

level is altered more than the pier scenario, hence a greater reduction in magnitude of 

the blast pressure acting on the impact surface. This can be clearly seen from the axial 

stress history of the reinforcement, as shown in Figure 6-24. The figure shows the 

failure of reinforcement at the ground level and at 2 m high above ground by the abrupt 

change of the axial stress at 0.0035 seconds after the explosion. The ultimate stress of 

787 MPa is recorded at these positions. On the other hand, relatively smaller ultimate 

stresses are recorded in the reinforcement bar at the 5 m, 7 m and 9 m height. 

Reinforcements at these positions experience no damage by the blast loading as they 

either just slightly above the static yielding stress of steel (i.e. 500 MPa) or remain in 

elastic state throughout the 1 second simulation.     
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Figure 6-24: Steel reinforcement axial stress history at various heights along the tower (impact 

surface) 

 
Unlike the bridge pier, the effect of the 1000 kg TNT equivalent blast caused no 

damage to other regions of the tower beside the blast impact surface. This can be 

observed from the cross section view of the damaged tower in Figure 6-25 and in the 

previous damage contour plots, which prove the fact that damage is concentrated on the 

front surface only. This is also reflected in Figure 6-26, which shows the axial stress 

history response of the reinforcement located 1 m away from the edge of the damaged 
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zone on the front face of the tower (refer to Figure 6-25). From this plot it can be seen 

that all reinforcements around this region remain in the elastic stress state.   

 

   
Figure 6-25: Cross sectional view of the damaged tower 
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Figure 6-26: Steel reinforcement axial stress history of tower (1 m from the edge of the damaged 

zone) 

 
 In addition to the difference in structural properties between the pier and tower 

as mentioned previously, another factor attributing to the front surface failure only is the 

hollow section design of the tower which significantly reduces the blast stress wave 

propagation. This also highlights the fact that hollow section design can provide some 

degree of mitigation of the blast loading effects. However, more investigation is 

required to confirm this. Engineers must also consider various factors in utilizing 

hollow sections for the reinforced concrete structures, such as the dimensions and the 
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steel reinforcement ratio, in order to withstand the design loads and optimise the cost of 

construction.  

6.3.2.2 Progressive Collapse Analysis after Tower Demolition 

Based on the previous dynamic analysis of the tower response under the impact 

of a 1000 kg TNT explosive, finite elements associated with the demolished area of 

9.5 m wide by 5.8 m high is removed in order to examine the post-blast response of the 

full bridge structure. This assessment was carried out to determine the structural 

integrity in relation to the overall deflection response. The following cases were 

considered: 

CASE 1: Under the combined action of the structural self weight and the full 

traffic loading condition as illustrated in Figure 5-9, the maximum vertical displacement 

measured is about 0.694 m downward at the middle of the main span as shown in Figure 

6-27 where the element deformation is scaled by 10 for displaying purpose.  

 

 

588 m

Damaged tower
 

Figure 6-27: Scaled vertical displacement contour (damaged tower - Case 1) 

 
Due to the loss of some elements at the base of the left tower and the imposed 

traffic loading, an inward lateral deflection (i.e. measured at tower top and moving 

inwards towards mid span) of 0.21 m is estimated for the damaged tower. The 

downward displacement of the main span has also caused the undamaged right tower to 

laterally deflect, albeit with a smaller magnitude of 0.14 m. By plotting the vertical 

displacement at various positions along the bottom of the main span, it is found that the 

deflection response reached a state of equilibrium by the end of the 20 seconds 

simulation, as displayed in Figure 6-28. In this case the results indicated that although 

intensive damage is generated by the blast load near the explosion center, the damaged 
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area is relatively small as compared to the size of the tower. Hence, the maximum 

deflection ratio of the bridge structure is estimated to be approximately 0.1 % located at 

the middle of the main span (i.e. 0.694/588 = 0.12 %), indicating complete collapse of 

the bridge is unlikely.  
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Figure 6-28: Vertical displacement time history (damaged tower - Case 1) 

 
CASE 2: By simulating the damaged bridge structure with traffic load acting on 

the main span only, the results show that there is an increase in the vertical 

displacement in the main span as shown in Figure 6-29. In this case, the left and right 

towers laterally deflected inwards by 0.48 m and 0.42 m respectively causing a 

maximum vertical displacement of 1.16 m at the middle of the main span. This gives an 

insignificant deflection ratio of 0.20 % over the long span bridge.  

 

 
Figure 6-29: Scaled vertical displacement contour (damaged tower - Case 2) 
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As achieved in the previous collapse study, stabilization can also be observed for 

the current case scenario at the end of the simulation as shown in Figure 6-30. Based on 

the results acquired from the two analyses, they give evidence that it is very unlikely for 

the bridge to collapse when subjected to a 1000 kg TNT contact explosion although the 

tower suffers significant damage. However, the damaged area under such an explosion 

is rather small as compared with the massive size of the tower. 
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Figure 6-30: Vertical displacement time history (damaged tower - Case 2) 

 

6.3.3 Bridge Deck Case Study 

A bridge deck comprises two major components: the bridge slab and girder 

section. Each component serves two important roles: (1) they transfer the superstructure 

dead load and traffic live loads to the substructure and (2) they protect the 

superstructure and substructure by providing redundancy against sudden collapse under 

significant impact. The deck girder system can respond in two ways to a blast impact: 

1) A downward dynamic response from an above deck blast and, 

2) Upward displacement caused by an explosion beneath the bridge deck. 

Since typical composite deck girder systems are designed to withstand 

downward bending moments and shears generated by various loadings, the design itself 

can thus provide some degree of resistance to blast actions. However, an explosion from 

below the deck will generate a large uplift force causing negative moments and shears 

which are often considered negligible under static condition in basic bridge design. 

Under such a condition, if shear connectors are capable of restraining the upward 

displacement of the system, forces will be transferred to the slab and girder system. 
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Alternatively, separation of the girder system may occur and cause the girders to 

contribute minimal resistance against the action. In this investigation, only above deck 

explosion is considered. The reason for this is because of the very high bridge spans 

from the ground or sea level, which results in a large scaled distance between the deck 

and explosive, i.e. 7.4 m/kg1/3. Blast loads generated from such a large scaled distance is 

not likely to cause significant damage to the bridge deck.  

For ordinary concrete box girder bridges, failure of a girder may lead to either a 

partial or complete closure of the bridge, depending on the size of the damage zone. 

However, for cable-stayed bridges, failure of girder, especially those connected to the 

main supporting cables, can lead to major imbalance of the bridge and possible 

progressive collapse. Taking this into account and their high vulnerability to vehicle 

blast attack, a detailed blast resistance investigation is essential.   

In this analysis, the explosive is positioned 1 m above the deck level and 2 m 

away from the stayed-cable to simulate the worst truck bomb explosion event, and the 

shock waves are assumed to expand spherically into the atmosphere. Consequently, the 

maximum pressure for this numerical simulation is only about 38 % of those generated 

in the previous discussions, i.e. the maximum blast pressure for the pier and tower case 

study is 1210.80 MPa while the maximum blast pressure for the deck explosion is 

464.47 MPa. Figure 6-31 and Figure 6-32 illustrate the bridge deck segmentation for 

the dynamic blast analysis and the blast pressure histories employed for the defined 

segment sets, respectively. 
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Figure 6-31: Segmentation of bridge deck for dynamic blast analysis (Not to scale) 
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Figure 6-32: Blast pressure time history employed for bridge deck analysis 

 
In addition to the impact pressure on the concrete elements, direct air blast 

pressures are also applied along the closest cable to the explosive charge. In this case a 

total of 85 blast pressure histories are employed for both the back span and main span 

dynamic analysis. 

 

6.3.3.1 Back Span Damage Analysis 

Although a much smaller blast pressure, as compared to that applied on the pier 

and tower is adopted in this scenario, its blast strength is still sufficient to induce 

disastrous structural damage as shown in Figure 6-33 and Figure 6-34. It should be 

noted that due to the large size of the back span model, smeared material is adopted at 

regions locate more than 16 m away from the explosive center. As a result, the concrete 

at these regions are shown to only undergo elastic deformation throughout the 

simulation as illustrated in Figure 6-34. 
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Time = 0.00 seconds  Time = 0.01 seconds  

Time = 0.05 seconds  Time = 0.10 seconds  

Time = 0.20 seconds Time = 0.30 seconds 

Time = 0.40 seconds  Time = 0.50 seconds  
Figure 6-33: Failure of concrete back span at a scaled distance of 0.1 m/kg1/3 
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Time = 0.00 seconds  Time = 0.01 seconds 

  
Time = 0.05 seconds Time = 0.10 seconds  

 
Time = 0.20 seconds Time = 0.30 seconds 

 
Time = 0.40 seconds Time = 0.50 seconds  

Figure 6-34: Damage contour of the back span 

Smeared Material 
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Under the dynamic impact generated by the 1000 kg TNT equivalent explosive, 

the entire area with detailed material modelling suffers severe damage with an 

approximate area measured to be 30 m by 21 m, as shown in Figure 6-35. It should be 

noted that the exact damage area is not known in this simulation because the smeared 

area is modelled with linear elastic assumption. Nevertheless, it can be seen in the figure 

that the damage intensity reduces significantly with the increase in distance from the 

point directly below the explosion center. The severely damaged area extends to about 

15 m from the point below the explosion center. The damage beyond the area with 

detailed modelling (i.e. 16m from the point below explosion center) is believed to be 

insignificant, and is assumed to not greatly affect the subsequent progressive analysis. 

 

 
Figure 6-35: Damages of the back span at time = 0.60 seconds 

 
The size of the damaged zone is also reflected in the axial stress history of the 

tensile reinforcement in the bridge slab, shown in Figure 6-36. Three different locations 

in the longitudinal direction are chosen for the analysis and they are directly below the 

center of explosion (i.e. 1 m), 5 m and 15 m away from the detonation point. Results 

show that the reinforcements at the 1 m and 5 m positions all experience an abrupt 

increase in axial stress with magnitudes of 787 MPa and 730 MPa respectively under 

the actions of blast loadings. They are followed by an immediate drop in amplitude 

which indicates the failure of the reinforcement. At locations away from the detonation 

center, the stress in the reinforcement increases continuously throughout the simulation. 

This is because the failure of the deck near the explosion center causes redistribution of 

21 m 30 m 

Cable 1 Cable 2 

Cable 3 
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forces to adjacent areas of the bridge. A similar behaviour is also observed in the 

transverse direction of the bridge. Numerical results show that the reinforcements 

further away from the detonation center fail at a delayed time with a smaller ultimate 

stresses. This is due to the response strain rate of the structure reduces as the stress wave 

propagates away from the detonation center, and it therefore results in a decreased 

ultimate strength of the reinforcement bars.       
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Figure 6-36: Steel reinforcement axial stress history at the back span (bottom of the slab) 

 
Compared with the damaged area simulated in the previous cases, a larger 

damaged area is seen in this simulation. This is because the pressures generated from an 

explosion at a relatively larger standoff distance may well distribute over a larger 

structural area as compared to an explosion at a shorter distance although the absolute 

scaled distance is larger. This phenomenon is illustrated in Figure 6-37. 
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Figure 6-37: The difference in the decaying rate of two blast events 

 
This figure depicts the peak pressure distributions along the deck surface 

induced by detonations at 1 m and 2 m above the deck. By considering the location of 

the explosive alone and assuming normal blast wave incidence, it is apparent that the 

pressures from the 1 m blast case are always greater than those from the 2 m blast case. 

However, this is not always true when the blast wave incident angle is considered in 

calculating the reflected blast pressure at each position. As shown, inclusion of the 

incident angle causes the blast loads from the 2 m detonation to decay slower along the 

deck surface than those generated by the 1 m explosion. From the 1.50 m position and 

onwards, the reflected pressures from the 2 m detonation case are actually larger than 

those from the 1 m detonation case because of the smaller incident angle of the blast 

wave from the 2 m detonation. As a result, the area of the blast pressure impact is 

relatively large as demonstrated in this simulation. 

Under the effect of blast stress wave propagation, concrete failure at the bottom 

of the deck first occurs at 0.003 seconds after the blast impact near the web section at 

the edge of the bridge deck. This failure area, i.e. the region with detailed material 

modelling, then enlarges to approximately 30 m by   24 m by the time of 0.60 seconds 

and concentrates mainly at the region directly beneath the explosion, as shown in Figure 

6-38.  
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Figure 6-38: Structural damage beneath the deck 

 
Severe stress development is also perceived at the reinforcements located at the 

bottom of the deck as shown in Figure 6-39. In this case, failure of steel reinforcement 

is identified at position near the edge of the deck where direct transfer of blast stress 

wave is allowed. The ultimate stress recorded at 3 m below the surface of the bridge 

deck is 721 MPa at time 0.0085 seconds. Failure of steel reinforcement is not evident at 

locations further away from the blast (i.e. the plot of 5 m away from the reference point) 

but undergoes plastic deformation with an ultimate stress of 640 MPa recorded at time 

0.60 seconds. The less severe stress development in the reinforcements is attributed to 

both the increase in distance from the blast and the hollow box girder design which has 

minimized the stress propagation to the bottom of the deck. 
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Figure 6-39: Reinforcement axial stress history at the back span (bottom of the deck) 
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Three stayed-cables fail under the dynamic load generated from the 1000 kg 

TNT equivalent blast. The axial force time history of the cables (Figure 6-40) shows 

that the cable located closest to the explosive, i.e. cable 2 in Figure 6-35, experiences an 

increase in the axial force, from 11.34 MN to 12.42 MN, followed by an immediate 

drop in magnitude. Since the ultimate force in the cable is well below the breaking force 

of the designed cables, i.e. Breaking load of each 7 mm wire = 68.1 kN and there are 

590 wires in each 170 mm diameter cable => Breaking Force = 590 x 68.1 = 40.2 MN, 

the failure of cable is due to the damage of the bridge deck that causes the loss of 

anchorage to the cable.   
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Figure 6-40: Cable axial force time history 

 
Both cable 1 and cable 3 experience a greater axial force enhancement to 11.95 

MN and 13.70 MN respectively before failure as compared to cable 2. The reason these 

two cables sustained a greater increase in axial force before failure is mainly attributed 

to the fact that blast pressures around these two cables are not as severe as that around 

cable 2. Consequently, this enables a greater tensile force development in the cables due 

to the combined action of blast wave propagation and the pulling of the structure from 

the blast induced deflection. This demonstrates that it is vital to provide extra protection 

for the concrete around the cable anchoring system to resist a typical truck bomb. In 

doing so, the chance of cable failure, and hence the development of a disastrous 

response, can be vastly reduced.          
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6.3.3.2 Progressive Collapse Analysis after Back Span Demolition 

Based on the failure analysis of the back span subjected to a 1000 kg TNT 

equivalent explosion, the associated demolished area and the three detached stayed-

cables are removed to conduct the progressive collapse analysis. Akin to the previous 

progressive collapse case studies, two loading conditions are considered with the DoD 

guideline criteria to determine the worst response aftermath.   

CASE 1: Under the combined action of self weight and full traffic loading 

condition, the maximum vertical displacement is estimated to be approximately 4.14 m 

around the 56 m region left from the middle of the bridge as illustrated in Figure 6-41 

where the element deformation is scaled by 10 for displaying purpose. This is attributed 

mostly to the imbalance of the cable forces acting on the left tower and caused a 

maximum lateral displacement of 1.91 m to the right at time 20 seconds. The deck 

response also affects the tower on the right with a lower deflection, i.e. 1.26 m leftward.  

 

Damaged Area 588 mDamaged Area 588 m

Max displacement on 
main span = 4.14 m

 
Figure 6-41: Scaled vertical displacement contour (damaged back span - Case 1) 

 
By plotting the vertical displacement at various positions along the bottom of the 

main span, it can be seen that all positions reached equilibrium at approximately          

16 seconds. Results indicated that although the back span suffered severe damage under 

the blast impact, bridge collapse is will not occur as the deflection stabilizes at the end 

of the simulation and the deflection ratio over the long span, i.e. the maximum ratio 

occurs at 56 m away from middle of the main span and is 4.14/588 = 0.7 %, is 

negligible. 
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Figure 6-42: Vertical displacement time history (damaged back span - Case 1) 

 
CASE 2: Supposing the traffic load is on main span only, the simulation results 

indicate that there is an increase in the vertical displacement as compared with the 

results previously acquired as shown in Figure 6-43. In this case, the left and right 

towers are laterally displaced by 2.14 m and 1.44 m respectively, resulting in an 

ultimate vertical displacement of 4.54 m at 56 m left from the middle of the main span. 

 

Max displacement on 
main span = 4.54 m

 
Figure 6-43: Scaled vertical displacement contour (damaged back span - Case 2) 

 

From the plot of vertical displacement time history (Figure 6-44) stabilization 

can also be seen at approximately 17 seconds. By comparing the displacement at the 

same positions of the two case scenarios, this case generates a displacement with a 

maximum difference of 1.10 times larger, at the 56 m measurement point, as compared 
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to that from the first loading case. Similar to the previous result, it demonstrates that the 

possibility of total bridge collapse is negligible when the back span is subjected to a 

1000 kg TNT equivalent truck explosion. However, owing to the severe localized 

damage, closure of the cable-stayed bridge would still be necessary in order to repair the 

damaged zone and reinstate the original bridge structural capacity.  
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Figure 6-44: Vertical displacement time history (damaged back span - Case 2) 

 

6.3.3.3 Main Span Damage Analysis 

Another possible position for the blast attack is along the main span of the 

bridge structure. If the blast load is strong enough, it may not only induce local damage 

to the main span but also significant deflection of the long span and initiate bridge 

collapse. Hence, detailed blast analysis for this component of the cable stayed bridge is 

necessary.  

Akin to the previous back span analysis, the explosive is placed 2 m away from 

the nearest stayed-cable on the steel composite main span to simulate the worst dynamic 

response. Only half of the bridge is modelled in the current main span dynamic blast 

analysis due to the limitation of the pre-processor (VPG 3.2) and to reduce the 

computational effort. For this investigation, it is assumed that the dynamic response of 

the bridge is symmetric thus boundary conditions are applied to the nodes in the middle 

of the main span as shown in Figure 6-45. These nodes have a symmetry condition 

constraint in the y-z plane such that translation along the x-axis and rotation along y and 

z-axis is prohibited. 
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Figure 6-45: Boundary constraint at the middle of main span 

 
As seen from the figure, the explosive load is not applied at the middle of the 

main span. Hence, it is assumed that two 1000 kg of TNT equivalent explosives are 

detonated on the main span as depicted in Figure 6-46 to generate the symmetric 

response on the bridge structure.  

 

18 m Apart

2 Explosive Charges

18 m Apart

2 Explosive Charges  
Figure 6-46: Position of the two blast loads on main span 

 
Under the impact of the blast load generated from a 1000 kg TNT equivalent 

explosion, the response of the left main span and the damage contours of the concrete 

elements are depicted in Figure 6-47 and Figure 6-48, respectively.  

 

Point of Detonation 

Constrained Nodes 

Closest Cable 
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Time = 0.00 seconds  

 
Time = 0.01 seconds  

  

 
Time = 0.05 seconds  

  

 
Time = 0.20 seconds  

  

 
Time = 0.40 seconds  

  

 
Time = 0.60 seconds  

  

 
Time = 0.70 seconds  

  

 
Time = 0.80 seconds  

Figure 6-47: Failure of steel composite bridge deck at a scaled distance of 0.1 m/kg1/3 
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Time = 0.01 seconds  
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Time = 0.20 seconds 

  

 
Time = 0.40 seconds  

  

 
Time = 0.60 seconds  

  

 
Time = 0.70 seconds 

  

 
Time = 0.80 seconds  

Figure 6-48: Damage contour of the concrete elements on steel composite bridge deck 

Erosion of concrete near 
the point of detonation 
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As can be seen from Figure 6-47 and Figure 6-48 that the concrete elements 

with detailed material modelling suffer significant damage under the 1000 kg TNT blast 

load. During the simulation these elements are eroded progressively with a final 

concrete slab damage area measured to be approximately 21 m by 21 m. The cause of 

the concrete failure may be attributed to both the direct blast pressure and the reflection 

of tensile stress wave from the steel deck. Akin to the back span case study, the exact 

damage area of the concrete is not known owing to the fact that the smeared material 

has a different erosion criterion with the constitutive concrete material. Hence, removal 

of the smeared concrete material elements is not detected in the simulation as shown in 

the figures. Based on the damage contour, the concrete elements in this severe damage 

area are all removed from the analysis by the time 0.20 seconds. However, since the 

main span is designed with steel composite girders, the damage turned out to be less 

severe than the back span. From Figure 6-49, it can be observed that the explosion 

causes the steel materials to also experience intensive damage with a large permanent 

deformation. In this case a localised failure of the steel deck with an area of 

approximately 11.5 m by 10 m and no erosion of steel material is seen at positions 

further away from the detonation center. The reason for the less severe damage on the 

steel component is because of its high ductility. As a consequence, this enabled the steel 

material to undergo greater deformation before failure. This also applies to the 

reinforcement layer which remains in contact with the steel deck after the concrete 

elements are eroded from the simulation.     

 

 

21 m

21 m

11.5 m
10 m

 
Figure 6-49: Damage zone on the main span 
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The failure area of the steel deck can be explained from the effective stress (i.e. 

by accounting for the principal stresses measured in all directions) time history plot in 

Figure 6-50. Four different locations along the longitudinal direction (i.e. along the       

y axis labelled on the figures) of the deck are chosen to study the effective stress 

induced in the steel deck by the blast load. In this case, the maximum effective stress of 

748 MPa is recorded on the steel composite deck at position directly below the 

explosive. The steel element at this location then fails at 0.062 seconds because the 

ultimate failure stress and strain of the material is exceeded. Steel element failure is also 

noticed at 2 m away across the slab from the point directly below the explosion center. 

The peak stress recorded at this distance is about 716 MPa at 0.14 seconds and the steel 

fails after the peak is reached. Steel failure continues until the distance across the slab is 

6 m away from the detonation, where the final stress level, approximately 556 MPa is 

below the static ultimate stress of the steel material. This suggests that the chance of the 

steel material failure is unlikely.   
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Figure 6-50: Effective stress history of steel plate 

 
From this numerical simulation, one cable is found not to provide support for the 

bridge after the blast event. This is clearly shown in the cable axial force time history in 

Figure 6-51, where the closest cable experienced an abrupt increase in force magnitude. 

Unlike the concrete back span analysis where an instantaneous increase in force is 

observed, two increasing force rates are detected for the cables in this case study. The 

rate is most significant during the first 0.015 seconds of the simulation. The force then 

increases at a slower rate until the failure occurs at 0.065 seconds with a magnitude 
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measured to be 11.6 MN. The reason for this may be due to the fact that steel materials 

undergo plastic deformation in the blast event and thereby allows for a longer force 

development time as compared with brittle concrete materials.  

On the other hand, the axial force of the second cable, located 18 m away from 

detonation, experiences a steady increase in magnitude and reaches a peak force of   

15.6 MN at the end of the 0.80 seconds simulation.   
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Figure 6-51: Cable axial force time history 

 
The cable force history also suggest the failure of the cable is caused because of 

the failure of the steel material around the anchoring point of the cable since an abrupt 

decrease in force is recorded before the breaking load (40.2 MN) is attained. Via the 

vertical displacement contour of the bridge deck (Figure 6-52), it can be seen that the 

top surface of the steel deck experiences a severe deformation, with a maximum 

displacement of 3.5 m, before the erosion of the failed material under this blast event. 

This gives an indication that the detachment of the cable is due to the combined effects 

of the destruction and deformation of the steel shell elements and resulted in detachment 

of cable from the deck.  
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Figure 6-52: Vertical displacement contour of steel composite bridge deck 

 
Figure 6-53 illustrates the vertical displacement history at various positions on 

the main span along the bridge direction in which the positions chosen are at the base of 

the deck. From the plot it can be seen that the response exhibits the beginning of 

stabilization by the time approximately 0.70 seconds after the explosion. This reflects 

the fact that although localised damage occurs on the main span, the chance of bridge 

collapse is small under the dynamic impact of a 1000 kg TNT equivalent truck bomb. 
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Figure 6-53: Vertical displacement time history along the main span 
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6.3.3.4 Progressive Collapse Analysis after Main Span Demolition 

It should be noted that the previous nonlinear dynamic analysis only considered 

half of the cable-stayed bridge subjected to a 1000 kg of TNT equivalent explosive with 

the nodes at the middle of main span constrained in the y-z plane (i.e. x translation and 

y and z rotation fixed) to simulate symmetrical bridge response. Although results have 

demonstrated that the chance of bridge collapse is negligible, it is of interest to examine 

the reliability of the DoD guideline, using the linear elastic dynamic approach, in 

predicting the overall bridge response after the equivalent blast impact.  

The vertical response of the damaged cable-stayed bridge under the specified 

loading condition is depicted in both displacement contour and displacement time 

history of various locations in Figure 6-54 and Figure 6-55, respectively. 

 

 
Figure 6-54: Scaled vertical displacement contour (damaged main span) 
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Figure 6-55: Vertical displacement time history (damaged main span) 
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Figure 6-55 shows that all positions appear to have reached equilibrium 

condition and the maximum displacement of the weakened bridge is about 2.89 m at the 

middle of the main span. By comparing the current results with those acquired in case 2 

of the back span analysis, a relatively smaller displacement is recorded as tabulated in 

Table 6-2. 

  
Table 6-2: Comparison of response between back span and main span analysis 

Location Main span 
Analysis Residual 

Displacement 

Back span 
Analysis Residual 

Displacement 
Mid of Main Span 2.89 m 4.28 m 

70 m  (Left From Mid of Main span) 2.63 m  4.39 m 
190 m (Left From Mid of Main span) 1.93 m 3.25 m 
345 m (Left From Mid of Main span) 0.90 m 1.40 m 
470 m (Left From Mid of Main span) 0.22 m 0.24 m 

 
This outcome is expected since three back span’s main supporting cables failed 

in the previous back span case study and resulted with a higher tower deflection of   

2.14 m and 1.44 m for the left tower and right tower, respectively. In the current case, 

the towers’ deflections are identical with a maximum magnitude of 0.96 m. This yields 

a small tower deflection ratio of 0.003, i.e. 0.96/298, as a consequence of the loss of two 

supporting cables on the main span.  Comparisons are also made to determine the 

difference in the displacement generated by the direct non linear dynamic analysis and 

the linear dynamic analysis using DoD loading condition (i.e. DL+0.5LL+0.2WL).   

Table 6-3 shows the difference at five locations.  

 
Table 6-3: Difference in displacement between two approaches 

Location Non linear Dynamic 
Approach 

 (Max Displacement) 

DoD Approach 
(Residual 

Displacement) 
Mid of Main Span 3.34 m 2.89 m 

70 m  (Left From Mid of Main span) 3.12 m 2.63 m 
190 m (Left From Mid of Main span) 2.20 m 1.93 m 
345 m (Left From Mid of Main span) 1.02 m  0.90 m 
470 m (Left From Mid of Main span) 0.27 m 0.22 m 

 
Results indicate that the DoD approach underestimates the displacement of the 

bridge, with the difference determined to be around 15-20 % for all positions. This 

discrepancy may be attributed to that the guideline had undervalued the dynamic effect 

induced by the blast impact. As the measurement point located further away from the 
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damaged zone, the level of DoD underestimation decreases. Nevertheless, both direct 

non linear and linear analysis indicate that the displacement of the bridge is insignificant 

to cause collapse. 

 

6.4 Summary 

This chapter presented detailed analyses of a cable-stayed bridge under the 

impact of dynamic blast pressures generated by a 1000 kg TNT equivalent truck bomb. 

For blast attacks taking place on the on-ground structural components (i.e. pier and 

tower) the explosive is assumed to be positioned 0.5 m away from one of the bridge 

piers or towers. On the other hand, the explosive is assumed to be located 1 m above the 

deck surface in simulating a truck explosion event on the bridge deck. In accordance to 

the results acquired, only localised disastrous damage was identified for all four case 

studies due to the close proximity of the explosive to the structures. For all simulations 

conducted, it was noticed that the damage induced was predominantly a result of the 

crushing and spalling of concrete as the shock waves propagated through the structures. 

By ranking the results acquired from the case studies, the main span exhibited the least 

damage due to the high strength steel plates incorporated into the design. In this case, 

failure of steel elements occurred only at locations in close proximity to the explosive. 

By comparing the level of damage between the pier and tower scenarios, the latter case 

resulted in less damage under the effect of the same loadings. This outcome may be 

attributed to the combined effect of the tapering characteristic of the tower cross section 

at various heights, the higher steel reinforcement ratio and the hollow section design of 

the tower. All of these factors contributed to a higher blast resistance design and 

minimized the direct shock wave propagation to the rear side of the tower. 

Consequently, only minimal downward displacement and deflection of tower is 

measured in the numerical simulation. 

 By taking the demolished area of each critical bridge element into account, 

progressive collapse analysis was also conducted using the DoD guideline. The size of 

the damage and the global bridge response are summarized in Table 6-4. From this table, 

it can be concluded that under the combined actions of damage caused by a 1000 kg 

TNT equivalent blast load and using DoD loading criteria, only the pier scenario gave 

rise to a disastrous total bridge collapse response. Hence protection of this component is 

crucial. Although collapse is unlikely for other cases under the effect of the same blast 

loading, closure of the bridge is needed for repair of the localised damage. Since the risk 
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of blast attacks cannot be completely ruled out, engineers must incorporate protective 

measures in order to minimize the severity of the attacks.      

 
Table 6-4: Summary of damage and global response of the cable-stayed bridge 

Components Description of Failure 

Failure Area 
(width x 

height) or 
(longitudinal x 

transversal) 

Max. Bridge  
Displacement 

(DoD) 

Collapse 
of bridge 

Pier Concrete- Crushing and 
spalling. 
Reinforcements - 
Ultimate stress reached  

Front Face:  
10 m x 5.6 m 
Rear Face:  
8.2 m x 11.6 m 

11.52 m Yes 

Tower Concrete- Crushing and 
spalling. 
Reinforcements - 
Ultimate stress reached 

Front Face: 
 9.5 m x 5.8 m 
Rear Face: 
None 

1.16 m No 

Back span Concrete- Crushing and 
spalling. 
Reinforcements - 
Ultimate stress reached 

30 m x 21 m of 
the whole deck 
section. 

4.54 m No 

Main span Concrete - Crushing and 
spalling. 
Steel deck- Plate failure 
under direct blast load  

Slab:  
21 m x 21 m 
Steel Surface: 
11.5 m x 10 m 

2.89 m No 
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CHAPTER 7. Implementation of Bridge Protection 
Measures to Resist Blast Impact 

 

 

7.1 Introduction 

Results in Chapter 6 show that catastrophic collapse of the cable-stayed bridge 

may occur due to failure of vertical load supporting components. Therefore, 

implementing protective measures is necessary in order to counteract the threat of 

bridge failure and minimize the risk of casualties in such an event. Applying protective 

measures against extreme blast loadings is considered to be a difficult task to proceed as 

the level of protection is highly dependent on factors including the type of structure, 

cost of protection, the potential loss as a consequence of the damage and the degree of 

protection required so that the level of damage is acceptable. There are two paramount 

considerations in providing protection for structures to resist blast loads and they are: (1) 

prevention of catastrophic failure and (2) reduction of projectiles due to fragmentation           

(Razaqpur et al., 2007). Ongoing research has been carried out regarding the level of 

protection required to prevent existing commercial buildings from collapsing under 

explosion attack. For example, the Department of Defence of USA has correlated the 

levels of protection with potential damage and expected injuries, tabulated in Table 7-1, 

based on results from previous explosion experiments and actual blast incidents. In 

order to minimize the construction cost needed for blast resistant design, both the site 

layout and building arrangement must be taken into consideration. No systematic study 

and guidelines are available for bridge protection yet. However, some suggestions are 

given in Mays and Smith (1995) and FHWA and AASHTO (2003) which includes: 

1) Provide security and defence measures to minimize the risk of terrorist 

attack. 

2) Provide redundancy in bridge design so that the risk of progressive collapse 

will be reduced even when some structural components are damaged. 

3) Adapt the layout with important structural elements spaced well apart so that 

the risk of an attack damaging sufficient structural elements to cause a 

failure of the whole structure is reduced. 
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4) Provision of physical protection to reduce the direct blast impact on the 

structure.  

5) Enhance the structure strength so that members are able to withstand the 

energy from the attack. 

The first three objectives are only applicable in the preliminary design stage, 

whilst the fourth and fifth objectives can be implemented to existing structures. This 

chapter consists of two major sections. The first section primarily deals with 

investigating the blast resistance capacity of the unretrofitted cable-stayed bridge. The 

aim of this investigation is to determine the critical distance for both the tower and the 

pier under the impact of a 10000 kg TNT equivalent explosive. These critical distances 

provide vital information for the bridge owner in deciding the positions for constructing 

standoff barriers if possible. By doing so, the blast pressure effect from a charge weight 

is minimized by limiting the load acting on the structure. A similar approach is also 

applied on the back span model to determine the maximum charge weight an 

unretrofitted bridge deck can sustain before disastrous localized collapse of the concrete 

deck occurs. 

The second section discusses the application of fibre reinforced polymer (FRP) 

to strengthen the structure against blast loads. In this case investigation will primarily 

focus on implementing FRP into the back span finite element model. A detailed 

discussion regarding their effectiveness in reducing the severity of explosive damage 

and the change in the global response will be included. 
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 Table 7-1: DoD Minimum Antiterrorism (AT) Standards for New Buildings 

Level of 
Protection 

Potential Structural Damage Potential Door and 
Glazing Hazards 

Potential Injury 

Below 
AT 

standards 

Severely damaged – frame 
collapse/massive destruction. 
Little left standing 

Doors and windows fail 
and result in lethal 
hazards 

Majority of 
personnel 
suffer fatalities 

Very 
Low 

Heavily damaged – onset of 
structural collapse. Major 
deformation of primary and 
secondary structural 
members, but progressive 
collapse is unlikely. Collapse 
of non-structural elements 

Glazing will break and is 
likely to be propelled 
into building, resulting in 
serious glazing fragment 
injuries, but fragments 
will be reduced. Doors 
may be propelled into 
rooms, presenting 
serious hazard 

Majority of 
personnel 
suffer serious 
injuries. There 
are likely to be 
a limited 
number (10 % - 
25 %) of 
fatalities 

Low Damaged – unrepairable. 
Major deformation of non 
structural elements and 
secondary structural members 
and minor deformation of 
primary structural members, 
but progressive collapse is 
unlikely. 

Glazing will break, but 
fail within 1 meter of the 
wall or otherwise not 
present a significant 
fragment hazard. Doors 
may fail, but they will 
rebound out of their 
frames, presenting 
minimal hazards 

Majority of 
personnel 
suffer 
significant 
injuries. There 
may be a few  
(< 10 %)  
fatalities 

Medium Damaged – repairable. Minor 
deformations of non 
structural elements and 
secondary structural members 
and minor deformation of 
primary structural members. 

Glazing will break, but 
will remain in the 
window frame. Doors 
will stay in frames, but 
will not be reusable  

Some minor 
injuries, but 
fatalities are 
unlikely 

High Superficially damaged. No 
permanent deformation of 
primary and secondary 
structural members or non-
structural elements 

Glazing will not break. 
Doors will be reusable 

Only 
superficial 
injuries are 
likely 

 

7.2 Installation of Blast Barriers for the Structural Towers 

7.2.1 Tower Response at Scaled Distance of 0.30 m/kg1/3  

The previous tower case study has demonstrated that damage induced by a 

1000 kg TNT on the bridge tower is not significant enough to cause bridge collapse. 

However, since commercial trucks and ships can carry a much heavier explosive charge 

than this weight and the fact that the structural towers are the main supportive 

component of the cable-stayed bridges, it is unreasonable to limit the study to 1000 kg 

TNT equivalent only. As can be seen from Figure 7-1, it is possible for industrial trucks 
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to carry explosives weighting up to 60000 lbs (27273 kg). The weight a ship can carry 

could be substantially heavier than a truck does.  

 

 
Figure 7-1: Incident overpressure against explosive weight and standoff distance (National Institute 

of Building Sciences (NIBS), 2004) 

 
In this case, numerical simulation is carried out to examine the failure 

mechanism of the structural tower under the impact of 10000 kg TNT equivalent of 

explosive. As suggested by the U.S. Department of Transportation, the most preferable 

protection measure for bridge structures is to construct explosion barriers to increase the 

standoff distance between the explosive charge and structure. A trial and error approach 

is used to determine the minimum safe standoff distance for the tower and pier when 

subjected to a 10000 kg TNT explosive. This method has been utilized in many studies, 

such as Islam (2005) and Wu and Hao (2005), to determine the blast resistibility of 

reinforced concrete structures.  

As stated in Shi et al., (2007b), the use of TM5-1300 may not be appropriate to 

estimate blast pressure acting on typical standalone supporting structural components                  

(e.g. columns). The reason is because the width of the structure has a significant 

influence on the intensification of the magnitude of the blast wave during the wave-

structure interaction process. Based on their results, it shows that the amplification of 

the blast wave increases with the structure width due to the enlargement of the reflecting 

surface area. Nevertheless, there will be no further amplification once the critical width 

is reached, approximately 1.6 m, and the numerical simulated results for columns with 

widths beyond this value will be comparable with the TM5-1300 experimental results. 

Based on this finding, it is decided to employ the blast pressure database recorded in 

TM5-1300 in estimating the safe standoff distance for the tower and pier because of 
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their substantially larger dimensions than 1.6 m. Figure 7-2 shows the triangular blast 

pressure histories along the height of the tower when a 10000 kg TNT is detonated at a 

standoff distance of 6.5 m on ground surface (i.e. scaled distance = 0.30 m/kg1/3).  
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Figure 7-2: Blast pressure time histories of 10000 kg explosive at 6.5 m away from the tower 

 
The change in the peak blast pressure and positive impulse along the height of 

the tower are shown in Figure 7-3. From the plot of the peak blast pressure, it can be 

seen that there is a significant change in the pressure magnitude for positions below 

10 m height. In this case the maximum pressure is determined to be 96.0 MPa at ground 

level and 12.3 MPa at 10 m height. The variation in the pressure magnitude is less 

pronounced as the distance from the blast center increases, i.e. for positions beyond 10 

m height from ground. The pressure difference measured at the 12 m height and 15 m 

height is about 3.2 MPa.  
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Figure 7-3: Revolution of peak reflected pressure and positive impulse along the tower   

 
Akin to previous numerical simulation, the impact surfaces for the current 

simulation are divided into segments in order to accurately model the blast loading 

acting on the structures. The blast pressures at every point in each segment are assumed 
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to be the same. However, as shown in Figure 7-4, the size of the segments used for the 

pier and tower in the following case studies have larger sizes (i.e. segment 1 has a 

dimension of 0.8 m by 0.4 m, segment 2 has a dimension of 1.2 m by 0.6 m and so on) 

as compared to those used previously. The reason for the use of larger segment sizes is 

because the variation in blast pressure magnitude along the height of the structure 

reduces as the distance from the explosive center increases. Hence, it is unnecessary to 

define more sophisticated blast loading histories which will in turn increase the 

computational time for the numerical simulation. In this case, 56 and 62 blast load time 

histories are defined for the tower and pier simulation, respectively.  
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Figure 7-4: Segmentation of the tower to calculate blast pressure time history when subjected to 

10000 kg TNT explosion at a standoff distance of 6.5m (Not to scale)  

 
The response of the tower under the impact of 10000 kg of TNT equivalent at 

6.5 m distance (a scaled distance of 0.30 m/kg1/3) is depicted in Figure 7-5.  
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Time = 0.00 seconds 

 
Time = 0.10 seconds 

Time = 0.20 seconds 
 

Time = 0.30 seconds 

Time = 0.40 seconds 
 

Time = 0.50 seconds 

 
Time = 0.60 seconds 

Figure 7-5: Deformation of structural tower at scaled distance 0.30 m/kg1/3 
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Again due to the computer limitation, detailed material modelling can only be 

achieved up to 15 m height and the linear elastic smeared material model is used for the 

tower structure above this height. Unlike the 1000 kg contact explosion study where 

only localised damage is observed, a damage area of 24 m wide by 12 m high, which 

include a crater with dimensions of 15 m wide by 7 m high, is measured on the impact 

surface for this case scenario as a consequence of concrete crushing and flexure failure 

noted on the impact surface as shown in Figure 7-5. Scatter damage regions are also 

identified and the possible reason for this is due to the pulling of steel reinforcements 

that are located near the blast center during the flexural deformation of the tower. Since 

all the nodes of the steel reinforcement beam elements are connected to one another, 

this action will cause tensile stress to be developed in the reinforcements further away 

from blast. Continued development of tensile stress will eventually exceed the failure 

criteria of the concrete material and brings about the loss of concrete element as shown. 

Examination of the vertical reinforcement axial stress history at different heights 

from the ground, displayed in Figure 7-6, reveals that all the reinforcement up to 5 m 

height experienced a significant tensile failure. Under the influence of the strain rate 

effect, the maximum axial stresses measured at ground level and 2 m height are 

approximately 1.2 and 1.1 times greater than the static ultimate strength of steel 

reinforcement (660 MPa), respectively. Although no failure of steel reinforcement is 

identified at the 5 m height a severe plastic deformation is still observed with a 

maximum stress of 659 MPa recorded at the end of the simulation. Only elastic 

deformation of elements is noticed at 10 m height. 
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Figure 7-6: Reinforcement axial stress history along the tower (impact surface - 0.30 m/kg1/3) 
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Furthermore, shear failures are seen on the tower propagating from the base of 

the structure and diagonally up along the tower as shown in Figure 7-7. The shear crack 

propagation is observed to continue all the way to the rear face of the tower and the 

majority of the concrete failure remained at 12 m height on the rear surface throughout 

the simulation.  
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Figure 7-7: Shear failure on the side surface of the tower under 0.30 m/kg1/3 blast loads 

 
The plots of vertical reinforcement axial stress history along the center of the 

side and rear surfaces of the tower, shown in Figure 7-8 and Figure 7-9, respectively, 

exhibit dissimilarities compared with the one acquired from the front impact surface. 

From the plots, it is evident that in both cases the reinforcement experienced an abrupt 

change in stress state. In the case of the side surface analysis, the abrupt increase in the 

axial stress of the reinforcement happened at around 0.14 seconds and caused the 

reinforcement beyond 2 m height to be in tensile state. This significant change in axial 

stress is a result of concrete failure at the region measured from 5 m to 10 m height, 

which leads to a downward movement of the tower. The downward action of the tower 

also initiates the pulling of the reinforcements and gives rise to the development of 

tensile stress. As a consequence of the concrete failure, reinforcement at both the 5 m 

and 10 m height encountered the greatest stress of 540 MPa and 624 MPa, respectively 

at the time 0.60 seconds. Other positions either remain in compressive state (i.e. on 

ground surface) or at a high elastic tensile state (i.e. at 2 m height). A similar pattern of 
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results are acquired at the rear surface but with a more gradual change and smaller axial 

stress magnitude measured. This is attributed to the slower rate of concrete failure at 

this region and caused a less abrupt change in axial stress. It can be seen that the steel 

reinforcements at the 5 m and 10 m height endure plastic deformations with the 

maximum stress measured to be approximately 540 MPa and 611 MPa, respectively. 
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Figure 7-8: Steel reinforcement axial stress history along the tower (side surface - 0.30 m/kg1/3) 
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Figure 7-9: Steel reinforcement axial stress history along the tower (rear surface - 0.30 m/kg1/3) 

 

7.2.1.1 Progressive Collapse Analysis after Tower Demolition 

In order to examine the progressive collapse mechanism after the explosion 

event, the base of the tower is removed from the finite element model to represent the 
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damage caused by the explosive charge. Furthermore, the loading criterion specified in 

the DoD guideline, Load = DL + 0.5 LL + 0.2 WL, is applied on the bridge structure for 

this simulation to account for the dynamic effect induced from the blast load. For this 

simulation, the traffic live load is considered to be on the main span only to simulate the 

worst response case scenario. The vertical displacement contour of the tower damaged 

bridge is illustrated in Figure 7-10. 
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Figure 7-10: Vertical displacement contour of the bridge after tower demolition 

 
Because the cables on the damaged tower (i.e. the left tower in the figure) are 

incapable of providing the original design forces for supporting the main-span, a 

disastrous collapse is observed with the maximum vertical displacement calculated to be 

41.5 m after the 16 seconds simulation. Shear failure is identified at the closest pier 

support, located at approximately 80 m away from the tower, at time = 5 seconds as a 

consequence of the pulling of the main-span, shown in Figure 7-11.  

 

Shear Failure of Bridge DeckShear Failure of Bridge Deck

 
Figure 7-11: Shear failure of deck at the pier support 
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A substantial lateral bending of the left tower is also observed in the simulation 

resulted from the pulling of the main span cables during the collapse of the bridge. In 

this case, a 14.1 m rightward deflection is recorded at the end of the simulation. Under 

this deflection, all cables at the left end back span experienced a significant change in 

axial force as shown in Figure 7-12. From this figure it can be seen that the cables 

which are anchored to the left tower failed to provide any force during the collapse of 

the tower until it is in contact with the ground and undergo flexural bending at about 4 

seconds. This action increases the axial force of the cables to magnitudes either greater 

than or comparable with the initial assigned forces, and causes the left back span to be 

displaced laterally by approximately 4 m during the simulation.  
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Figure 7-12: Cable force time history 

 
Severe bending of the right tower is also perceived during the collapse of the 

main span. In this case, the maximum deflection of the right tower is measured to be 

approximately 21.3 m leftward at the end of the 16 seconds simulation. This action 

causes the 143 m long concrete back span at the right end of the bridge to be uplifted 

vertically with a maximum displacement of 18.0 m and failed as shown in Figure 7-13. 

From the results they demonstrate the necessity to determine the safe standoff distance 

for the tower to prevent disastrous bridge failure. 
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Figure 7-13: Upward displacement of the concrete back span 

 

7.2.2 Tower Response at Scaled Distance of 1.00 m/kg1/3  

By maintaining the weight of explosive charge at 10000 kg, any alteration of the 

position of the explosive charge can cause a substantial change in the magnitude of the 

air blast pressure generated. To demonstrate this, simulation is conducted to determine 

the tower response when subjected to blast pressures generated by the 10000 kg TNT at 

21.5 m away from the structure (i.e. scaled distance of 1.00 m/kg1/3). Some of the blast 

pressure time histories at this scaled distance are depicted in Figure 7-14. 
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Figure 7-14: Blast pressure time histories of 10000 kg explosive at 15 m away from the tower 

 
By comparing the simulated peak blast pressures and impulses acquired at 

various heights, as shown in Figure 7-15, it can be seen that detonation at 21.5 m 

standoff distance exhibits a more uniform impact pressure and impulse distribution on 

the tower surface than the 6.5 m scenario.  
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Figure 7-15: Comparison of peak reflected pressure and impulse measured along the tower 

 
The reason for this is attributed to the small-scale change in blast pressure 

incident angle at each height level for the more distant explosion events. Hence, its 

reduction effect on blast pressure magnitude is less significant. Since the pressures 

generated by the 10000 kg explosive charge at the 21.5 m standoff distance are less 

pronounced than those employed in the 6.5 m case study, the area of concrete damage 

on the impact surface reduced to approximately 13 m wide and 10 m high on the impact 

surface as shown in Figure 7-16. Although the pressure magnitudes are greatly reduced 

at this standoff distance, they are still significant enough to cause tower collapse. As can 

be seen in Figure 7-16, severe concrete damage happened at the impact surface ranging 

from the ground level to 10 m height under the fairly uniform blast load generated at 

1.00 m/kg1/3 scaled distance. However, by examining the tower’s internal face as 

illustrated in Figure 7-17, it is found that severe concrete spalling occurs at the region 

between 5 m and 7 m height instead of near the base of the tower where greatest blast 

pressure is applied. This is owing to the fact of the boundary condition (i.e. motion are 

constrained in all direction) employed to simulate the actual support conditions. This 

would have limited the deformation of elements and hence resulting in less concrete 

spalling near the base of the tower. The loss of concrete confinement at the 5 m height 

region then causes steel reinforcements to buckle under self weight and leads to 

structural collapse.   
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Time = 0.00 seconds Time = 0.20 seconds 
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13 m

Time = 0.50 seconds Time = 1.00 seconds 
Figure 7-16: Deformation of structural tower at scaled distance 1.00 m/kg1/3  
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Figure 7-17: Spalling of concrete at the internal face when subjected to 1.00 m/kg1/3 blast loads 

 
Figure 7-18 shows the evolution of the reinforcement axial stress on the impact 

surface for the 1.00 second simulation. Unlike previous 0.30 m/kg1/3 scaled distance 

case study, no deletion of beam elements is found in the current simulation due to the 

tremendous reduction in the blast impact pressure magnitudes. From this plot, it can be 

seen that for the area close to ground level the reinforcement undergoes permanent 
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plastic deformation. Owing to the uniformity of the blast pressure acting on the tower, 

both the ground level and 5 m height steel reinforcement exhibit similar axial stress 

magnitude. In this case the peak stress recorded at these positions is 644 MPa and 

683 MPa, respectively. Since the loss of concrete confinement is most severe at region 

between the 5 m and 7 m height, buckling failure of steel reinforcement first occurs at 

the 5 m height prior to the one at the ground level as shown in the figure. Plastic 

deformation of the steel reinforcement is identified up to the height of 10 m with a 

maximum tensile stress of 555 MPa but no failure occurs at the end of the simulation. 

Only elastic deformation of steel reinforcement is observed (i.e. 402 MPa) by the 15 m 

height. 
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Figure 7-18: Steel reinforcement axial stress history along the tower (impact surface - 1.00 m/kg1/3)  

 
The concrete damage identified at the impact surface also propagates to the side 

and rear surface of the tower. As a result, significant plastic deformation of 

reinforcement is also noticed at the two surfaces because of the pulling effect initiated 

by the downward movement of the structural tower at the concrete failure locations. The 

reinforcement stress histories at four different positions along the two surfaces are 

displayed in Figure 7-19 and Figure 7-20. From these figures, it is observed that the 

development of the tensile stress in the reinforcement is more gradual than those in the 

6.5 m standoff distance scenario. The reason behind this is because the severity of the 

damage is not as significant compared to the 0.30 m/kg1/3 case scenario and this leads to 

a slower tower collapsing rate as shown in Figure 7-21. As a result, the change in stress 

state of the reinforcement due to the pulling of the remaining structure is less abrupt. 
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Similar to the reinforcement axial stress history measured at the impact surface, 

buckling failure is found at the 5 m height as a consequence of the concrete failure at 

the region between 5 m and 7 m height. 
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Figure 7-19: Steel reinforcement axial stress history along the tower (side surface - 1.00 m/kg1/3)  
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Figure 7-20: Steel reinforcement axial stress history along the tower (rear surface - 1.00 m/kg1/3)  
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Figure 7-21: Comparison of collapsing rate of the tower 

 

7.2.3 Tower Response at Scaled Distance of 1.10 m/kg1/3 and 

1.20 m/kg1/3 

Since tower collapse occurs when subjected to blast pressure generated at 

1.00 kg/m1/3 scaled distance, it is necessary to conduct simulation at a larger standoff 

distance. By increasing the standoff distance to 23.7 m and 25.9 m (i.e. scaled distance 

= 1.10 m/kg1/3 and 1.20 m/kg1/3), the maximum blast pressure measured at ground level 

reduces to approximately 6.27 MPa and 4.91 MPa respectively as shown in Figure 7-22. 
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Figure 7-22: Blast pressure time histories of 10000 kg explosive at (a) 23.7 m and (b) 25.9 m away 

from the tower 

 
Tower collapse is also seen when subjected to a blast load generated at 

1.10 m/kg1/3 scaled distance. In this case the damaged area on the impact surface is 

measured to be 11.8 m wide and 8.5 m high as displayed in Figure 7-23.   
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Time = 0.00 seconds Time = 0.20 seconds 

8.5 m

11.8 m

Time = 0.50 seconds Time = 1.00 seconds 
Figure 7-23: Deformation of structural tower at scaled distance 1.10 m/kg1/3  

 
 Similar to the previous 1.00 m/kg1/3 case study, spalling of concrete at the 

tower’s internal face is most severe at the 5 m height region rather then near the ground 

level due to the boundary condition employed at the base of the tower. This action also 

induces loss of concrete confinement at the 5 m height region and lead to buckling 

failure of steel reinforcement as illustrated in the steel reinforcement axial stress history 

figure. Since the damage to the tower is greatest at around 5 m height, buckling of steel 

reinforcement is observed in this region at 0.70 seconds with a peak stress of 605 MPa 

before failure. Although reinforcement failure are not found at other heights along the 

tower, permanent plastic deformation (i.e. stress greater than 500 MPa) can still be seen 

at the ground level (580 MPa) and 10 m height (554 MPa). Again, only elastic 

deformation of steel reinforcement is observed (i.e. 464 MPa) by the 15 m height. 
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Figure 7-24: Steel reinforcement axial stress history along the tower (impact surface - 1.10 m/kg1/3)  

 
Concrete failure is also identified at the side and rear surface of the tower due to 

the crack propagation from the impact surface. As a consequence of the concrete failure 

at the surfaces, the weakened bridge tower can no longer support its own structural self 

weight and resulted in downward crushing failure as shown in Figure 7-23. Owing to 

the downward pulling of the collapsing tower significant axial stress is developed in the 

reinforcement along the height at the two surfaces as shown in Figure 7-25 and Figure 

7-26. Akin to the reinforcement axial stress history measured at the impact surface, 

buckling failure is found at 5 m height at the end of the 1 second simulation due to the 

loss of concrete confinement being most severe at this height. 
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Figure 7-25: Steel reinforcement axial stress history along the tower (side surface - 1.10 m/kg1/3) 
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Figure 7-26: Steel reinforcement axial stress history along the tower (rear surface - 1.10 m/kg1/3) 

 
In contrast, no obvious structural collapse is identified when the tower is 

subjected to the blast load generated at 1.20 m/kg1/3 scaled distance. Under such an 

impact the concrete failure dimensions are measured to be approximately 10.3 m wide 

and 6.5 m high as illustrated in Figure 7-27.  
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Figure 7-27: Deformation of structural tower at scaled distance 1.20 m/kg1/3 
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Although no severe concrete damage is observed at the tower’s internal face 

shown in Figure 7-28, it can be seen that the blast impact still caused noticeable 

concrete spalling with a displacement measured to be approximately 0.18 m. Similar to 

the previous 1.10 m/kg1/3 simulation, the greatest concrete failure occurs at the 5 m 

height region indicating the concrete damage under the blast pressure generated at 1.20 

scaled distance is most significant at this height.  

  

Concrete Damage Failure 
Under Blast Impact

 
Figure 7-28: Inward displacement contour of the tower when subjected to 1.20 m/kg1/3 blast loads 

 
The damage at the impact surface is also reflected in the reinforcement axial 

stress history along the tower height shown in Figure 7-29. From the axial stress history 

it can be observed that steel reinforcement failure did not happen under the current blast 

impact. In this case, the steel reinforcement at positions up to 5 m height has only 

exhibit permanent plastic deformation with the ultimate stress measured to be 504 MPa 

and 600 MPa at ground level and 5 m height respectively. In addition, there is no 

significant stress change after 0.70 seconds which suggests a low possibility for these 

elements to fail under the blast pressure generated at a scaled distance of 1.20 m/kg1/3.  
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Figure 7-29: Steel reinforcement axial stress history along the tower (impact surface – 1.20 m/kg1/3)  

 
Unlike previous simulations in which concrete damage has propagated to the 

side and rear surface, no crack is found at the two surfaces in the current simulation due 

to a reduction in the employed blast pressure. Therefore reinforcement along the side 

and rear surface have either remained in compressive state or tensile elastic deformation 

as shown in Figure 7-30 and Figure 7-31 respectively.   
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Figure 7-30: Steel reinforcement axial stress history along the tower (side surface - 1.20 m/kg1/3)  
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Figure 7-31: Steel reinforcement axial stress history along the tower (rear surface – 1.20 m/kg1/3)  

 

Since the damaged area acquired from the results in the 1.20 m/kg1/3 scaled 

distance simulation is similar to the one determined in the tower contact explosion (refer 

to Chapter 6), bridge collapse is then unlikely to occur. Based on the simulated results 

the safe standoff distance for the bridge tower is approximately 24.8 m when subjected 

10000 kg TNT blast load, or scaled distance about 1.20 m/kg1/3. 

    

7.3 Installation of Blast Barriers for Structural Piers  

7.3.1 Pier Response at Scaled Distance of 1.20 m/kg1/3  

Protecting the piers is also essential since their failure can lead to catastrophic 

bridge collapse. Knowing that the piers are designed with a lower reinforcement ratio 

and smaller dimensions, it is expected that the safe standoff distance will be greater than 

that previously determined for the tower. Thus, the pier response when subjected to a 

10000 kg TNT equivalent at 25.8 m standoff distance (i.e.  1.20 m/kg1/3) is examined 

first. By referring to the experimental data recorded in the TM5-1300 army manual, the 

peak blast pressure measured at the ground level is approximately 4.91 MPa. Figure 

7-32 shows some of the blast pressure time histories employed for the current case 

study.  
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Figure 7-32: Blast pressure time histories of 10000 kg explosive at a scaled distance of 1.20 m/kg1/3 

 
Under the blast pressure generated at 1.20 m/kg1/3 scaled distance the pier is 

observed to experience severe crushing of concrete on the impact surface as well as  

global flexural failure and shear failure as depicted in Figure 7-33. 

 

 
Time = 0.50 seconds 

10 m

12.3 m

Time = 1.00 second 
Figure 7-33: Deformation of pier when subjected to 10000 kg of TNT at 23.6 m standoff distance 

 
Based on the simulated results, crushing of concrete is perceived on the impact 

surface with an area measured to be 10 m wide by 12.3 m high. The damage is also 

reflected in the axial stress history of the vertical reinforcement along the impact surface 

as shown in Figure 7-34. From the plot, it is found that the reinforcement at the ground 

and 5 m height both failed after reaching the ultimate stress of approximately 694 MPa 

and 665 MPa under the dynamic blast impact respectively. For the height between 10 m 

and 15 m, reinforcements appear to endure elastic deformation only with ultimate axial 

stresses of 429 MPa and 224 MPa, respectively. 
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Figure 7-34: Steel reinforcement axial stress history along the pier (impact surface - 1.20 m/kg1/3)  

 
Concrete damage is also identified on the rear section of the pier, with an area 

approximately 10 m wide by 3 m high, resulted from the flexural bending and shear 

weakening at the base of the pier.  From the plot of structural deflection, shown in 

Figure 7-35, it is found that the maximum deflection of 0.579 m occurs at the 4 m 

height level. The plot also shows that the flexural response of the pier is the greatest at 

the lower 40 m of the pier and only negligible deflection is observed past 55 m height. 
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Figure 7-35: Flexural behaviour of the pier subjected to blast loads at 1.20 m/kg1/3 scaled distance 

 
Under this significant deflection, an abrupt change in stress state is observed in 

the reinforcement at the damaged section as shown in Figure 7-36. From this figure, it 

can be seen the reinforcement at ground level and 2 m height both experience an abrupt 

change in stress state with the peak stress measured to be 572 MPa and 581 MPa 

respectively. These high magnitude tensile stresses are believed to be caused by the 
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pulling action initiated by the downward movement of the pier along the concrete 

damaged zone. By the time around 0.80 seconds the axial stress in the reinforcements 

dropped significantly and reached compressive state at the ground level and 2 m height. 

This change in stress state is caused by total collapse of the pier as a consequence of 

concrete material weakening. Because the damaged area is near the base of the pier, 

only a small tensile stress of 127 MPa is measured at 6 m height by the end of the 

simulation. 
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Figure 7-36: Steel reinforcement axial stress history along the pier (rear surface - 1.20 m/kg1/3) 

 
Under this downward collapsing action as shown in Figure 7-37 with a greatest 

downward displacement of 2.50 m near the damaged zone, the reinforcements at the 

side surface also exhibit substantial stress state evolution. From the reinforcements axial 

stress histories (Figure 7-38), it is evident that the reinforcement at ground level 

remained in the compression state or low tensile state throughout the simulation when 

subjected to the dynamic blast load generated at a scaled distance of 1.20 m/kg1/3. By 

2 m height, near the damaged zone, tensile stress of 612 MPa is developed in the 

reinforcement due to the pulling action caused by the downward pier movement. 

Buckling of steel reinforcement is then noticed at the end of the simulation as 

represented by the intensive reduction in stress magnitude to the compressive state. 

Again, this is initiated by the crushing of concrete under self weight as a consequence of 

the loss of concrete confinement near the damaged zone. Tensile stress is also 

developed at other positions but with lower magnitudes since they are further away 

from the damaged zone (i.e. an axial stress of 194 MPa is recorded by the 5 m height). 
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Pier collapse due to 
concrete weakening

 
Figure 7-37: Vertical displacement contour of the damaged pier under 1.20 m/kg1/3 blast loads 
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Figure 7-38: Steel reinforcement axial stress history along the pier (side surface - 1.20 m/kg1/3)  

 

7.3.2 Pier Response at Scaled Distance of 1.30 m/kg1/3 

By increasing the detonation position to 28 m away from the pier, i.e. scaled 

distance = 1.30 m/kg1/3,the peak impact pressure at the ground level is reduced to 

approximately 3.92 MPa as shown in Figure 7-39.  

 



CHAPTER 7        Implementation of Bridge Protection Measures to Resist Blast Impact                    

185 

0.0

1.0

2.0

3.0

4.0

0.00 0.01 0.02 0.03 0.04
Time (s)

Pr
es

su
re

 (M
Pa

)

Ground Level

5 m Height

10 m Height

15 m Height

 
Figure 7-39: Blast pressure time histories of 10000 kg explosive at scaled distance of 1.30 m/kg1/3 

 
The response of the pier under the impact of these smaller blast loads is depicted 

in Figure 7-40. With the impact of lower magnitude blast pressure, flexural bending of 

the pier is observed during first 0.50 seconds. This action continues until around 

0.60 seconds in which crushing of the concrete material begins and the overall 

demolished area on the impact surface is approximately 10 m wide by 10 m high at the 

end of the 1 second simulation.  
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Figure 7-40: Deformation of pier when subjected to 10000kg of TNT at 28 m standoff distance  

 
The severity of the damage is also reflected in the axial stress history of 

reinforcements located along the impact surface as shown in Figure 7-41. 
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Figure 7-41: Steel reinforcement axial stress history along the pier (impact surface - 1.30 m/kg1/3)  

 
Similar to the previous 1.20 m/kg1/3 scaled distance case study, reinforcement 

failure is noticed at both ground level and 5 m height with the peak stress measured to 

be 665 MPa and 635 MPa respectively. For the height between 10 m and 15 m, 

reinforcements appear to endure elastic deformation only with ultimate axial stresses of 

408 MPa and 259 MPa, respectively.  

As a result of blast pressures, a smaller structural deflection is observed at the 

rear surface, Figure 7-42, compared with that acquired under the pressure generated at a 

scaled distance of 1.20 m/kg1/3. The maximum deflection under the blast impact occurs 

at 4 m height and the size of the deflection is approximately 0.138 m. The magnitude 

then reduces along the height of the pier and is found to be negligible at 60 m height. 

Spalling of concrete occurs only at positions near the base of the pier which covers an 

area of 10 m wide and 3 m high.  
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Figure 7-42: Flexural behaviour of the pier subjected to 1.30 m/kg1/3 blast loads 
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By examining the axial stress of reinforcement on the rear surface, Figure 7-43, 

it is apparent that the significant tensile stresses have been developed for the 

reinforcement located near the pier base, i.e. ground level and 2 m height, as a result of 

downward movement of the pier at the damaged zone which have caused the pulling of 

reinforcements at the rear face. In this case the peak stresses measured at these two 

positions are 570 MPa and 586 MPa respectively. Akin to the 1.20 kg/m1/3 scaled 

distance case study, an abrupt change in stress state can be observed from the figure as a 

result of collapse of the structural pier due to concrete material weakening. Only elastic 

deformation is seen at 5 m height with the peak stress of 177 MPa measured at the end 

of the simulation.  
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Figure 7-43: Steel reinforcement axial stress history along the pier (rear surface - 1.30 m/kg1/3)  

 
The stress history of the reinforcements at the pier side surface is shown in 

Figure 7-44. As can be seen from the figure, the ground level reinforcement remains in 

the compressive stress state until the end of simulation in which a tensile stress of 

107 MPa is measured. A significant increase in axial stress is observed at the 2 m height 

because of the pulling of the reinforcement at the damaged zone caused by the 

downward movement of the pier. Since the damage at the side surface is less severe as 

compared to the rear surface, the abrupt reduction in the axial stress is not seen in the 

reinforcement at the side surface during the 1 second simulation. On the other hand, 

only a small tensile stress, about 194 MPa, is recorded in the reinforcement at the 5 m 

height as they are further away from the damaged zone.  
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Figure 7-44: Steel reinforcement axial stress history along the pier (side surface - 1.30 m/kg1/3) 

 

7.3.3 Pier Response at Scaled Distance of 1.33 m/kg1/3 

By increasing the detonation position to 28.7 m away from the pier (i.e. scaled 

distance = 1.33 m/kg1/3) the simulated peak impact pressure at the ground level position 

is reduced to approximately 3.67 MPa as shown in Figure 7-45.  
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Figure 7-45: Blast pressure time histories of 10000 kg explosive at scaled distance of 1.33 m/kg1/3 

 
The response of the pier under the impact of these blast loadings is depicted in 

Figure 7-46. Although the blast pressure applied is substantially lowered, crushing of 

concrete still occurs on the impact surface with an area of 10 m wide by 9.6 m high 

during the 1 second simulation. The severity of the damage is also reflected in the axial 

stress histories of the vertical reinforcement located along the impact surface as shown 

in Figure 7-47. 
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Figure 7-46: Deformation of pier when subjected to 10000kg of TNT at 21 m standoff distance  
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Figure 7-47: Steel reinforcement axial stress history along the pier (impact surface – 1.33 m/kg1/3)  

 
Similar to the previous 1.30 m/kg1/3 scaled distance case study, failure of 

reinforcement is noticed on the impact surface below 10 m height. In this case the 

maximum axial stress measured at the ground level and 5 m height before failure is 

roughly 636 MPa and 615 MPa respectively. By the height of 10 m only elastic 

deformation of steel reinforcement is observed with a maximum stress determined to be 

326 MPa.  

As a result of weaker impact blast pressures, a relatively smaller structure 

deflection is observed at the rear surface, Figure 7-48, compared with that determined 

under the pressure generated at a scaled distance of 1.30 m/kg1/3. In this case the 

maximum deflection is 0.098 m at positions between 2 m and 5 m height. Owing to the 
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stress wave propagation through the web of the pier, spalling of concrete can still be 

seen at the rear face with an area of 4 m wide and 2.5 m high.  
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Figure 7-48: Flexural behaviour of the pier subjected to 1.33 m/kg1/3 blast loads 

 
By examining the stress development in the reinforcement on the rear surface, 

Figure 7-49, it is apparent that the ultimate axial stress recorded at ground level is 

approximately 531 MPa and remains around that stress level from 0.80 seconds to the 

termination time of the analysis. Owing to the height where maximum deflection occurs 

it is found that the reinforcement at 2 m height achieved the greatest peak stress out of 

all reinforcement analysed with a magnitude of 607 MPa. For reinforcements at 5 m 

height and above, they have only demonstrates elastic deformation with a peak stress 

recorded below the static yield stress (i.e. 500 MPa) of the steel material. 
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Figure 7-49: Steel reinforcement axial stress history along the pier (rear surface – 1.33 m/kg1/3)  
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The axial stress history of reinforcement at the side surface is shown in Figure 

7-50. As no great damage is observed at the pier side surface for the current simulation, 

reinforcements appeared to undergo elastic deformation only.  

 

-600.0

-400.0

-200.0

0.0

200.0

400.0

600.0

0.00 0.20 0.40 0.60 0.80 1.00

Time (s)

Ax
ia

l S
tr

es
s 

(M
Pa

)
Ground Level
2 m Above Ground Level
5 m Above Ground Level
10 m Above Ground Level

129 MPa

85 MPa

320 MPa

183 MPa

 
Figure 7-50: Steel reinforcement axial stress history along the pier (side surface – 1.33 m/kg1/3)  

 
Since majority of the damage is on the pier’s impact surface only, bridge 

collapse may not take place in this circumstance. By simulating the bridge structure 

with the damaged section of the pier removed and assuming that the traffic load is 

applied on the main span only, the maximum vertical displacement is approximately 

0.949 m near the middle of the main span as shown in the vertical displacement contour 

(Figure 7-51) and vertical displacement time history (Figure 7-52). This vertical 

displacement causes the left and right tower to deflect laterally by 3.43 m and 3.12 m 

respectively. From the vertical displacement time history it shows that all positions on 

the main span are stabilized by the end of the 20 seconds simulation. Hence it 

demonstrates that it is very unlikely for the bridge to collapse under the blast pressure 

generated at a scaled distance of 1.33 m/kg1/3.  Based on the simulated results, the 

minimum standoff distance for the structural pier without causing bridge collapse is 

estimated to be around 28.7 m under the impact of a 10000 kg TNT blast load, or the 

scaled distance of 1.33 m/kg1/3.    
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Maximum displacement = 0.949 m

 
Figure 7-51: Vertical displacement contour after pier damaged to blast loads from the scaled 

distance 1.33 m/kg1/3 explosion 
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Figure 7-52: Vertical displacement time history at the main span after pier damaged to blast load 

from the scaled distance 1.33 m/kg1/3 explosion 

 

7.4 Blast Resistance Capacity of Concrete Back Span 

As stated in Islam (2005) and Winget et al. (2005a), bridges are vulnerable to 

explosive attacks because of their easy accessibility. Hence, bridge girders and slabs are 

more prone to blast attacks in comparison with other components. Despite the fact that 

it is possible that girder failure may not initiate full collapse of the bridge, there is a risk 

that the damage may result in the bridge being taken out of service. In this study, three 

different charge weights are tested to determine the blast loading resistibility of the 

concrete back span. The loads examined being 100 kg, 300 kg and 500 kg TNT 



CHAPTER 7        Implementation of Bridge Protection Measures to Resist Blast Impact                    

193 

equivalent explosives. In each case, the segmentation of the deck structure for inputting 

the blast pressure histories is the same as the one used for the case with 1000 kg TNT 

equivalent charge weight. Hence, only new blast loading histories need to be calculated 

at each segment position by utilizing the software package ATBlast. Some of the blast 

histories are shown in Figure 7-53.  
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Figure 7-53: Blast pressure time histories corresponding to different charge weights 
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As seen from the figure, the magnitude of the peak blast pressure decreases, 

together with an increase in the positive phase blast load duration, as the distance from 

the charge extends. In addition, due to the close proximity of the detonation point to the 

structure, and the diminution effect of blast pressure incident angle, substantial blast 

pressures (i.e. beyond 100 MPa) are measured only at positions within 1 m from the 

detonation point. By the 5 m position the pressure has dropped below 3.5 MPa for all 

the charge weight cases. 

  

7.4.1 100 kg TNT Equivalent Impact 

A distinctive crater is created on the bridge deck under the blast load of 100 kg 

TNT explosive. Unlike the previous 1000 kg explosive case, in which the exact damage 

area is unknown due to the linear assumption incorporated for the smeared material, the 

damage zone generated in the current study is within the area of detailed material 

modelling. In this case, the crater is measured to be approximately 6 m by 8 m, as 

illustrated in Figure 7-54.  

 
Time = 0.20 seconds 

8 m 

6 m 

Cable 1

Cable 2

Cable 3  
Time = 0.60 seconds 

Figure 7-54: Damage of back span under blast load from 100 kg TNT equivalent charge weight 

 
Although severe concrete damage is detected under such an impact, steel 

reinforcement failure can only be observed at the region directly below the center of 

explosion as shown in Figure 7-55 the axial stress history of steel reinforcement in the 

slab. From this figure it shows that the reinforcement located directly below the center 

of explosion experienced an abrupt increase in stress and failed at around 0.015 seconds 

after the detonation with an ultimate axial stress of 770 MPa. However, due to the close 

proximity to the impact surface, reinforcement at 3 m and 5 m from the center of the 

explosion undergoes elastic deformation only. In this case the peak stress measured at 

the 3 m and 5 m positions are 470 MPa and 448 MPa, respectively.       
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Figure 7-55: Steel reinforcement axial stress history near the impact surface (100 kg TNT) 

 
Due to both the blast wave propagation through the web sections of the deck and 

the flexural bending action under such an impact, concrete failure is also found at the 

base of the bridge deck. In this case the dimension of the damaged area, displayed in 

Figure 7-56, is approximately 8 m by 9 m. By analysing the axial stress of the steel 

reinforcements at various positions along the base of the bridge deck as shown in Figure 

7-57, it can be seen that all the reinforcements have experienced significant increase in 

axial stress. The peak stress calculated at these positions range from 519 MPa to 

534 MPa and then exhibits material softening behaviour by reduction in axial stress 

magnitude below 500 MPa at time 0.60 seconds. Moreover, the final stress state of 

reinforcement at 3 m below the deck surface is found to be slightly lower than those 

located further away from the explosive center. A possible explanation to this outcome 

is that these positions are located further away from the pier supports and undergo 

greater deflection. 

 
 



CHAPTER 7        Implementation of Bridge Protection Measures to Resist Blast Impact                              

196 

9 m 8 m

 
Figure 7-56: Damage at the base of the bridge deck (100 kg TNT) 
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Figure 7-57: Steel reinforcement axial stress history at the bottom of the deck (100 kg TNT) 

 
From the cable force time history in Figure 7-58, the stay cable closest to the 

explosive charge is found to have failed at 0.018 seconds after the explosion with a 

maximum force of 14.87 MN recorded before failure. As highlighted in Chapter 6 of 

this research, the failure force of the stayed cable employed in this study is 40.2 MN. 

Hence, this indicates that cable detachment as a result of concrete weakening near the 

cable connection zone is the cause of the cable failure, whilst the other two nearby 

cables, i.e. cable 1 and cable 3, both demonstrate a consistent increase in cable force. 

The increase in cable force continues until 0.50 seconds when both cables have reached 

the plateau with the maximum force of 14.47 MN and 18.53 MN for cable 1 and cable 3, 

respectively. The cessation in cable force development suggests that the bridge deck 

may have reached stability. 
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Figure 7-58: Cable force time history (100 kg TNT) 

 
Based on the displacement results measured at 3 m below the surface along the 

bridge deck, the vertical deflection profile of the back span under the impact of 100 kg 

blast load is shown in Figure 7-59. From this deflection profile it shows that the greatest 

deflection occurs at the region between the detonation point and mid span with the 

maximum displacement determined to be 0.462 m. The plot also illustrates that the 

response of the bridge deck is most severe during the first 0.40 seconds and the deck 

starts to stabilize at the time 0.60 seconds by the convergence in the vertical 

displacement at measurement points near the pier supports. Although the convergence 

in displacement is not seen at the region near the mid span, cessation in downward 

movement can be seen from their vertical displacement time history as shown in Figure 

7-60. Hence, it is believed that the full stabilization of the bridge deck can be achieved 

if the simulation time is extended and thus it is unlikely for the back span to collapse 

under the blast impact generated by a 100 kg TNT explosive.        
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Figure 7-59: Vertical deflection profile of back span (100 kg TNT) 
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Figure 7-60: Vertical displacement time history at positions near detonation (100 kg TNT) 

 

7.4.2 300 kg TNT Equivalent Impact 

By increasing the explosive charge weight to 300 kg, the size of the damage 

zone increases to cover an area approximately 13 m by 10 m as displayed in Figure 7-61. 

This area is also reflected in Figure 7-62 the axial stress histories of the tensile 

reinforcements in the slab. Under the blast impact generated by the 300 kg TNT, failure 

of the steel reinforcement is observed at positions in close proximity to the blast load 

(i.e. from the point below the detonation center to the position located 3 m away from 

the center of explosion), with an ultimate stress of 779 MPa recorded at the point below 
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the detonation center. As the distance extends to 5 m away from the detonation, only 

permanent yielding of the steel reinforcement is detected and remained at the stress 

level of 567 MPa from time 0.30 seconds.  
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Figure 7-61: Damage of back span under 300 kg TNT equivalent impact 
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Figure 7-62: Steel reinforcement axial stress history near the impact surface (300 kg TNT) 

 
Similar to the 100 kg explosion case study, tensile failure of concrete is seen at 

the bottom of the deck. Under the 300 kg explosive dynamic impact, the damaged area 

found at the base of the deck is approximately 16 m by 12 m as illustrated in Figure 

7-63. Although concrete failure is detected at the base of the bridge deck, the steel 

reinforcements appeared to endure plastic deformation only as shown in Figure 7-64 in 

which the final stress state for these positions are approximately the static yield strength 

of the high strength steel adopted for the study (i.e. 500 MPa).   

 



CHAPTER 7        Implementation of Bridge Protection Measures to Resist Blast Impact                              

200 

 

16 m12 m

 
Figure 7-63: Damage at the base of the bridge deck (300 kg TNT) 
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Figure 7-64: Steel reinforcement axial stress history at the bottom of the deck (300 kg TNT) 

 
Similar to the 100 kg explosion case the final stress state of reinforcement at 3 m 

below the deck surface is slightly lower than those further away from the explosive 

center. This again gives indication of greater deflection under the impact as a 

consequence of being located further away from the pier supports.  

The cable located closest to the 300 kg TNT is found to be detached from the 

deck as a result of concrete weakening around the anchor position with the final force 

measured roughly 14.52 MN. From the cable force time history in Figure 7-65, it shows 

that the other two cables experienced force enhancement due to the downward 

movement of the bridge deck. However, the enhancement rate decreases after 0.40 

seconds and the cable force appears to be stabilized by the time 0.50 seconds with the 

force magnitude determined to be 14.80 MN and 18.97 MN for cable 1 and cable 3, 

respectively.  



CHAPTER 7        Implementation of Bridge Protection Measures to Resist Blast Impact                    

201 

 

0.0

5.0

10.0

15.0

20.0

0.00 0.10 0.20 0.30 0.40 0.50 0.60
Time (s)

C
ab

le
 F

or
ce

 (M
N)

Cable 1
Cable 2

Cable 3

18.97 MN14.52 MN

14.80MN

 
Figure 7-65: Cable force time history (300 kg TNT) 

 
By plotting the vertical deflection profile of the concrete back span as illustrated 

in Figure 7-66, it shows that the greatest bridge deck deflection occurs at the region 

between the detonation point and mid span. The plot also illustrates the convergence in 

the vertical displacement at some measurement points which suggests the bridge deck 

began to stabilize by the time 0.60 seconds.  
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Figure 7-66: Vertical deflection profile of back span (300 kg TNT) 

 
As with the previous 100 kg blast case, convergence in displacement is not 

observed for positions near the mid span during the first 0.60 seconds. However, 
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cessation in downward movement can be seen from their vertical displacement time 

history as shown in Figure 7-67. Based on the results acquired, the chance of back span 

collapse under the dynamic blast load generated by the 300 kg TNT explosive is 

minimal.        
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Figure 7-67: Vertical displacement time history at positions near detonation (300 kg TNT) 

 

7.4.3 500 kg TNT Equivalent Impact 

The concrete back span is severely damaged under the impact of a 500 kg TNT 

explosive as depicted in Figure 7-68. The demolished area on the impact surface is 

within the region of detailed material modelling and is measured to be approximately 

21 m by 18 m by the end of the numerical simulation.  
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Figure 7-68: Damage of the back span under 500 kg TNT equivalent impact 
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The size of the area is also reflected in the axial stress histories of 

reinforcements at the tension side of the slab section shown in Figure 7-69. In this case, 

the reinforcements in an area of 3 m radius measured from the point directly below the 

detonation center all failed under the blast impact. The greatest tensile stresses recorded 

at these locations range from 786 MPa at the point below the detonation center to 

734 MPa at the point 3 m away from the center of explosive. Although failure of 

reinforcement is not identified at the 5 m and 10 m positions, the impact still caused the 

reinforcement at the 5 m point to endure severe deformation with a final stress state of 

approximately 600 MPa at the end of the simulation.  
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Figure 7-69: Steel reinforcement axial stress history near the impact surface (500 kg TNT) 

 
As a consequence of stress wave propagation through the web section of the 

back span, concrete spalling is noticed at the base of the deck covering an area of 

approximately 26 m by 18 m, as shown in Figure 7-70.  
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Figure 7-70: Damage at the base of the bridge deck (500 kg TNT) 

 
By extracting the axial stress histories of the reinforcements located 3 m below 

the deck surface as displayed in Figure 7-71, it shows that all the steel reinforcements 

experienced high tensile stresses, which indicate flexural bending of the concrete back 

span under the blast load. Unlike the previous 300 kg TNT case where softening 

behaviour is observed at the end of the simulation, the bottom reinforcements in this 

case appear to increase steadily after 0.40 seconds with a peak value of 596 MPa being 

measured at 3 m below the impact surface. This permanent plastic deformation of the 

reinforcement elements can be seen for all positions up to 10 m away from detonation 

where the maximum stress recorded is approximately 568 MPa.  
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Figure 7-71: Steel reinforcement axial stress history at the bottom of the deck (500 kg TNT) 

 
In this simulation, three stayed-cables are found to be detached from the 

concrete span as a consequence of concrete damage. The loss of the supportive cables 
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and the dynamic inertia generated from the blast impact leads to a significant downward 

displacement at the end of the simulation as illustrated in Figure 7-72 the plot of vertical 

displacement profile of the back span at different stages of the simulation.  
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Figure 7-72: Vertical deflection profile of back span (500 kg TNT) 

 
Under this severe blast impact, the greatest displacement happened at the 

detonation point with a maximum displacement of 1.91 m by the time 0.60 seconds 

after the impact. Unlike previous case studies, convergence in displacement is not seen 

at any measurement point under the impact of a 500 kg TNT explosive. From this figure, 

it can be observed that they show no sign of stabilization during the 0.60 seconds 

simulation and also their displacement rate tend to further increase after 0.40 seconds. 

Although the simulation is carried out for 0.60 seconds only owing to the extreme time 

requirement to perform such simulations, both the significant displacement rate and the 

axial stresses measured in the reinforcements indicate that it is very likely for the 

unretrofitted concrete deck to fail under the 500 kg TNT blast load.  Based on the 

results acquired from the three case studies, they give evidence that the maximum 

explosive charge weight in which the unretrofitted back span can withstand without 

collapse is less than 500 kg TNT equivalent. It should be noted that although previous 

simulations have indicated that the bridge girder is safe against the blast pressure 

generated from a 300 kg TNT explosive, protective measures are still necessary in order 

to reduce the severity of the localised damage. This would also minimize the 

disturbance that may be induced to the entire bridge structure.  
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7.5 Fibre Reinforced Polymer Composite  

7.5.1 Description of Fibre Reinforced Polymer Composite 

Much extensive research has been conducted on the use of fibre reinforced 

polymers (FRP) composites for strengthening existing buildings and bridges which have 

lost their original design strength due to aging of their construction materials. The 

results have demonstrated that FRP composites have potentials of becoming a practical 

and effective way of reinforcing concrete structures. In recent years, due to the increase 

in actions of terrorism, researchers have focused on the effectiveness of FRP in offering 

blast protection for buildings and bridges (Winget et al., 2005b).  

 FRP composites contain thin reinforcing fibres embedded in a resin matrix 

which can be classified as either polymer or epoxy matrix. The fibres used in structural 

FRP applications are usually arranged in a continuous manner and oriented in a 

specified direction depending on the application. Hence, FRPs are classified as 

anisotropic materials in which they are much stronger in the fibre direction(s)          

(ISIS Canada, 2003). The main uses of FRP composites in structural engineering field 

are: (1) strengthening of structures by enhancing their flexural strength and ductility, 

(2) retrofitting material to a structural element to withstand unexpected impact loads and 

(3) damage repair of structures. In the case of strengthening structures, most of the 

strength and stiffness enhancement is attributed to the reinforcing fibres while the resin 

helps to maintain the fibres alignment, distribute the loads evenly amongst them and 

provide protection for the fibres from environmental damage (Moreland, 2005). The 

high tensile strength of the fibres provides an increase in axial strength of the structure, 

such as concrete column, by fully wrapping the entire cross section to increase the 

confinement level. This will also increase the ductility of the structural system. An 

improvement in shear and flexural capacity of the structure can also be achieved via the 

deployment of composite by binding the fibres perpendicular to the potential shear 

crack as shown in Figure 7-73, and by placing the composite strips along the surface of 

the structure for flexural strengthening. 
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Figure 7-73: Protection against shear crack development (Green et al., 2004) 

 
Composites can also reduce the number of casualties in a terrorist event by 

acting as a debris catcher to minimize the chance of direct impact between the debris 

and occupants inside the building. The performance of FRP composite is highly 

dependent on the quality of the bond between resin and fibre layers. This governs the 

shear stress development in the matrix between individual fibres of the FRP system 

when subjected to impact loads. Other factors such as fibre type, fibre cross-sectional 

area, the orientation of fibre within matrix, the manufacturing process and adhesive used 

between the fibre and concrete also influence the overall performance of the composite 

(Jack, 2001 and ISIS Canada, 2003).  

Structural failure is still possible even when they are strengthened with FRP 

systems. For example brittle structural failure may still occur when the ultimate 

flexural/shear capacity of the FRP is exceeded, resulting in rupture of the FRP as shown 

in Figure 7-74 (Teng et al., 2002). 

 

(a) (b) 
Figure 7-74: Rupture of FRP under (a) bending and (b) shear 

 
More commonly, the retrofitted system may undergo premature brittle failures 

from debonding of FRP. The cause of the debonding may be attributed to the building 

up of high interfacial stress near the ends of the FRP system or in the flexural-shear 

cracks formed in the concrete system as shown in Figure 7-75 a and b. 
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(a) 

 
(b) 

Figure 7-75: Debonding of FRP under (a) bending and (b) shear 

 
Debonding may also be caused by the failure of adhesive, slip at the concrete to 

adhesive interface and slip at the adhesive to fibre interface. There has been much 

experimental research conducted and several empirical models proposed for prediction 

of adhesive strength between the FRP and concrete (Neubauer and Rostasy, 1997;  

Japan Concrete Institute (JCI), 2003; Adhikary and Mutsuyoshi, 2001 and                   

Dai et al., 2005). The results have shown that overestimating the bond strength can lead 

to a high percentage of unsafe designs (Toutanji et al., 2007).  It should also be noted 

that the failure modes of both flexural and shear strengthened members can be by brittle 

fracture which can lead to a catastrophic failure (ISIS Canada, 2003). Therefore it is 

vital to ensure adequate bonding between FRP composites and structural member 

surfaces in order to achieve the strength enhancement of members against extreme 

loadings.  

Different types of fibres have been produced in the past years including carbon 

fibres (CFRP), glass fibres (GFRP) and Kevlar fibres (KFRP) all of which are available 

in various grades and types for different applications such as automotives, medical and 

textile industries. In the structural engineering field, they are commonly used in 

application such as prestressing tendons for concrete and structural FRP wraps for 

repair and strengthening of reinforced concrete beams and columns. Table 7-2 

highlights both the advantages and disadvantages of FRP application on structures.  

The use of FRP composites for reinforcing existing structures is increasing due 

to their flexible nature and the ease in which they can be bonded to most material 

surfaces. They also cause minimal alteration to the geometry and appearance of the 

original structure in comparison with other strengthening techniques such as installation 

of steel plates and internal concrete skin (Razaqpur et al., 2007). Moreover, some of the 

traditional techniques are considered to be inappropriate for strengthening existing 

bridge structures due to their significant structural self weight is not accounted in the 

original bridge design. Thus implementation of the heavy protection measures may lead 

to an undesirable imbalance of the cable-stayed bridge structures.  



CHAPTER 7        Implementation of Bridge Protection Measures to Resist Blast Impact                    

209 

 
Table 7-2: Advantages and disadvantages of using FRP  

ADVANTAGES DISADVANTAGES 
• High strength to weight ratios. • Hardening process of the adhesive is 

temperature and moisture dependent. 
• Longevity in a variety of environment 

and corrosion resistance 
• Bonding and anchoring difficulties 

due to the porosity, alkalinity, surface 
coarseness and soluble salts all 
affecting the strength of the bond 
between the epoxy and the structure. 

• Low electrical conductivity. • Weakening of adhesive when contact 
with solvents. 

• Low thermal conductivity. • UV degradation. 
• Low installation cost. • High initial material cost which can 

be several times of steel. 
• Low maintenance cost. • Brittle behaviour. 
• Outstanding fatigue characteristics. • Lack of design codes. 
• Fire resistant.  
• Variety of forms and shapes 

available. 
 

• Negligible change to the overall 
weight of the retrofitted structure. 

 

• Good chemical resistivity.  
• Good seismic protection.  
• High impact resistant.  
• Quick installation.  
 
 

7.5.2 Response of Concrete Back Span Retrofitted with CFRP  

Numerical simulations are conducted to examine the effectiveness of CFRP in 

improving the blast resistance capacity of the concrete back span. In the current case 

study, both the 1 mm and 3 mm thick CFRP are implemented onto the concrete back 

span and tested under the impact of 300 kg TNT blast loads. Also, because of the 

computer limitation, the CFRP composite can only be modelled to protect over an area 

of approximately 30 m long by 21 m wide, i.e. the section of the bridge deck with 

detailed concrete and steel reinforcement material modelling. As stated previously in 

Section 5.3.4, the current study only consider a concrete bridge deck with continuous 

sheet of CFRP composites attached to both the internal faces of the hollow box section 

and the base of the bridge deck (please refer to Figure 5-21). Epoxy adhesive is 

modelled with the contact functions AUTOMATIC SURFACE TO SURFACE 

TIEBREAK and TIED SHELL EDGE TO SURFACE available in LS-DYNA to bond 

the composites to the concrete bridge deck. In addition, anchors are applied in the finite 
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element model to minimize the chance of premature debonding of the fibre matrix using 

the contact function TIEBREAK NODE TO SURFACE.  

Although the concrete back span is strengthened with high stiffness CFRP 

composite, severe damage to the concrete bridge deck can still be observed when 

subjected to the 300 kg TNT equivalent blast loading as shown in Figure 7-76 (a) and 

(b).  

 

(a) Retrofitted with 1 mm thick CFRP 

 
Time = 0.20 seconds 

 

12 m

10 m

 
Time = 0.60 seconds 

 
(b) Retrofitted with 3 mm thick CFRP 

 
Time = 0.20 seconds 

 

12 m

10 m

 
Time = 0.60 seconds 

 
Figure 7-76: Damage of back span retrofitted with CFRP under 300 kg TNT equivalent blast 

loading (a) 1mm thickness and (b) 3 mm thickness 

 
In this case, both simulations give a damaged zone of approximately 12 m by 

10 m under the blast impact. This is also reflected in the stress histories of 

reinforcements in the slab section of the deck shown in Figure 7-77 (a) and (b). Akin to 

the previous unretrofitted case study, steel reinforcement failure can be seen at positions 

ranging from directly below the blast load center to 3 m away from the explosive.  
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Figure 7-77: Steel reinforcement axial stress history at the impact surface of the retrofitted deck       

(a) 1mm thickness and (b) 3 mm thickness  

 
Under such a blast impact, a highly localised failure of the CFRP is observed at 

the tension side of the impact surface for both numerical simulations with an area 

measured to be similar to the concrete damaged zone as displayed in Figure 7-78.  

Figure 7-79 displays the maximum principal stress history of both the 1 mm 

thick and 3 mm thick CFRP composite when subjected to the 300 kg TNT explosion. It 

is evident that failure of the composite occurs over the distance of 5 m away from the 

center of explosion.  
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Severe localised failure of CFRP

 
Figure 7-78: Failure of CFRP composite under 300 kg TNT  
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Figure 7-79: Composite maximum principal stress history (a) 1mm thickness and (b) 3 mm 

thickness (impact surface) 
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The results also indicate that the failure of composites directly below the 

detonation take place at the ultimate stress of 1095 MPa. However, the composite 

appears to also fail at 3 m away from the explosive center but with a lower ultimate 

stress of around 780 MPa. This outcome is attributed to the debonding of the CFRP as a 

consequence of concrete material failure at the concrete-composite interface. The 

concrete failure can be observed in the scalar damage time history of the concrete 

material at the concrete-composite interface shown in Figure 7-80. It has a magnitude 

ranging from 0 to 2 to represent the evolution of the concrete element from elastic stress 

state to elastic-plastic stress state (i.e. 0-1) and to the softening of material (i.e. 1-2). 

From Figure 7-80 (a) and Figure 7-80 (b) they show clearly that the concrete at the 

concrete-composite interface directly below the explosion and 3 m away is deleted from 

the analysis represented by the sharp drop in scalar damage at the time about 

0.02 seconds. On the other hand the concrete elements remain throughout the simulation 

at 5 m and 10 m away from the explosive center. Under the combined actions of 

composite pulling caused by the CFRP rupture directly beneath the explosion center and 

the concrete failure at the interface, composite detachment occurs at the 3 m position 

resulting with the composite failure at a lower ultimate stress.   
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Figure 7-80: Scalar damage time history of concrete material (a) 1mm thickness and (b) 3 mm 

thickness 

 
By comparing the damage zone and the reinforcement stress histories against 

those acquired from the unstrengthened bridge deck, it can be seen that there is no 

significant improvement in the blast resistance of the impact surface when the CFRP is 

only bonded to the tension side of the bridge deck, i.e. the walls of the hollow deck 

section and the base of the deck. Another factor which has contributed to the minimal 

damage improvement is that the current study has only considered strengthening on the 
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tension side of the structure which is believed to not improve the performance in 

resisting negative moments that are often developed under dynamic blast loads. This 

observation is also noticed in the experiment conducted by Silva and Lu (2007) who 

have tested concrete slabs bonded with fibre composites, with strengthening on  both 

one-side and two-sides of the slabs, under blast impact.  

As a result of blast wave propagation through the web section of the bridge deck 

concrete failure is also found at the base of the deck for both numerical simulations. In 

this case an approximate damaged area of 14 m by 11 m and 14 m by 10 m is measured 

at the base of the retrofitted deck with 1 mm and 3 mm thickness of CFRP respectively, 

shown in Figure 7-81. 

 

14 m

11 m

 
(a) retrofitted with 1 mm CFRP 

14 m

10 m

 
(b) retrofitted with 3 mm CFRP 

Figure 7-81: Damage at the base of the retrofitted bridge deck  

 
Even though concrete failure is identified at the base of the retrofitted decks 

significant maximum principal stress is still recorded for the composite near this 

damaged zone, illustrated in Figure 7-82, as a majority of the composites is still 

bonded to the deck.  
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Figure 7-82: Composite maximum principal stress history (a) 1mm thickness and (b) 3 mm 

thickness (bottom of deck) 

 
Due to the blast wave propagation and deflection of the bridge deck under the 

blast impact, the ultimate maximum principal stress for the positions chosen is 

calculated to be around 500 MPa at the time 0.40 seconds for both CFRP case studies. 

The composite then undergoes relaxation with the stresses reduced down to 

approximately 400 MPa at the end of the 0.60 seconds. A similar stress history pattern 

is acquired for the reinforcement layer at the base of the deck and it is found that their 

stress magnitudes are slightly greater than those measured for the composite as shown 

in Figure 7-83. Again it is believed that the loss for contact between the composite and 

concrete element results in lower stress magnitudes in the composite layer.  
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Figure 7-83: Steel reinforcement axial stress history at the bottom of retrofitted deck                       

(a) 1mm thickness and (b) 3 mm thickness  

 

Figure 7-84 shows the comparison in the axial stress of the reinforcement at the 

base of the deck between the unretrofitted and retrofitted case study. The figure 

demonstrates that the stresses in the reinforcement of the retrofitted case are lower than 

those measured in the unretrofitted case. This may suggest that the retrofitted deck has 

undergone lower bridge deflection. By comparing the vertical deflection profile of the 

three case studies, Figure 7-85, it can be seen that the CFRP composite has lowered the 

maximum deflection by 31 mm and 46 mm for the 1 mm and 3 mm thick CFRP case 

study respectively.  
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Figure 7-84: Comparison of steel reinforcement axial stress  
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Figure 7-85: Comparison of the bridge deck vertical displacement profile  

 

From all the results acquired they give evident that there is only a small 

improvement in the deck response by anchoring CFRP to the bridge deck and hence 

other protection measures must be considered in order to achieve a greater 

enhancement in the bridge structural performance under close proximity of blast 

impact. Some of the measures suggested by FHWA and AASHTO (2003) that can be 

applied to the bridge deck include: 
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1) Use of energy absorbing material, i.e. foam material, to reduce the magnitude 

of the blast pressure acting on the deck and hence lowering the severity of 

the damage. 

2) Employ steel cables to restrain the movement of the bridge deck and lower 

the possibility of deck collapse. 

3) Increase the size of abutment seats and add hinge seat extensions under 

expansion joints to minimize the chance of deck collapse. 

Nevertheless further investigation needs to be carried out to determine their 

effectiveness in improving the bridge deck performance under blast impact. 

 

7.6 Summary  

This chapter provides a detailed discussion on determining the safe standoff 

distance for the structural towers and piers under the blast impact caused by the 

detonation of a 10000 kg TNT explosive. Unlike the 1000 kg TNT explosive case study 

in which only localised structural damage is identified for the structural tower, severe 

shear and flexural response is observed when it is subjected to the blast pressures 

generated by a 10000 kg TNT at a scaled distance of 0.30 m/kg1/3. In this case the entire 

lower section of the tower, up to 12 m above ground level, failed under impact. 

Catastrophic collapse of the entire bridge structure is observed after removing the 

damaged section of the tower followed by simulating the remaining bridge structure 

under the loading criterion specified in DoD guideline. The structural response analysis 

of the tower subjected to the 10000 kg blast load at various scaled distances show that 

the safe standoff distance for the tower is within the range of 23.7 m and 25.9 m. A 

similar analytical procedure is employed to determine the safe standoff distance for the 

structural pier. Since the structural piers are designed with smaller dimensions and 

lower reinforcement ratio than the structural towers, a greater safe standoff distance is 

evaluated for the pier. In this case the safe standoff distance is approximately 28.7 m 

under the 10000 kg TNT blast impact. 

Parametric study is also performed on the concrete back span under the impact 

of 100 kg, 300 kg and 500 kg blast loads. Based on the simulated results, the maximum 

charge weight that the cable-stayed bridge can withstand before collapse of the back 

span is between 300 kg to 500 kg TNT. Although collapse of the back span is not 

observed under the impact of a 300 kg truck bomb, it is necessary to implement 

protection measures to lessen the severity of the damage and hence reduce the dynamic 
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response under such an attack to provide a safer environment for the public. Retrofitting 

the tension side of the concrete back span with 1 mm and 3 mm thick CFRP shows no 

significant improvement in reducing the damaged zone on the impact surface. This is 

due to both the rupture of CFRP below the denotation and concrete failure at the contact 

interface which resulted in premature failure of composite at some locations. Although 

concrete failure is also found at the base of the deck, the majority of the composites are 

still in contact with the structure and resulted with a maximum improvement in deck 

deflection of 31 mm and 46 mm for the deck anchored with 1 mm thick and 3 mm thick 

CFRP respectively. It can be seen that by anchoring the CFRP composites on the 

tension side of the structure only is not very effective in protecting the back span when 

subjected to severe close proximity blast loads. Hence other protective options should 

be employed to prevent disastrous deck collapse. 
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CHAPTER 8. Conclusions and Recommendations 
 

 

8.1 Summary and Conclusions 

Many of the previous structural response predictions under explosive impact 

were carried out using simplified methods such as Elastic Plate Theory, Timoshenko 

Beam Theory and Single Degree of Freedom Approach. Nevertheless there are 

limitations in utilizing these methods for dynamic blast analysis which include: (1) 

simplifications made in constructing the numerical models may lead to underestimation 

of global responses and (2) study on stress wave propagation and failure of materials is 

not achievable. As a consequence of these disadvantages, the finite element approach is 

currently more preferable for structural dynamic analysis. Although the use of finite 

element method in studying structural response under blast impact are well established 

in the literature, owing to the extreme computation cost and inherited modelling 

difficulties, most of these finite element models are limited to a single structure 

components such as a column, a beam, a wall or a slab, etc. Therefore, there are lapses 

in literature as they pertain to examine the response of more complex structures or the 

behaviour of a complete structure subjected to blast loads. 

This thesis focuses on the use of the commercial finite element package             

LS-DYNA to examine the behaviour of a 1600 m long steel composite cable-stayed 

bridge subjected to a 1000 kg TNT truck bomb attack. Four components of the bridge 

namely the pier, tower, concrete back span and steel composite main span are modelled 

with the combination of solid, shell and beam elements to examine the structural 

response under blast loads. Modelling techniques such as material modelling, strain rate 

effects for material strength enhancement and blast explosive modelling are also 

reviewed. 

Detailed damage analysis is carried out for the four components under close 

proximity explosion impact. For the current study, the 1000 kg TNT explosive is 

assumed to be located at either 0.5 m away from the impact surface of the structural pier 

and tower or 1 m above the bridge deck. Due to the closeness of the explosive charge 

center to both the vertical load supporting components, no experimental blast pressure 

details are available in the TM5-1300 army manual. Numerical simulation is therefore 

carried out using AUTODYN to evaluate the impact blast pressures for the pier and 
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tower case scenario. By validating the simulated blast pressures against those published 

in TM5-1300 for positions further away from the explosive center, it is found that the 

simulated results have underestimated the peak pressure magnitudes by approximately 

30 %. This is primarily attributed to the inadequate mesh size employed. However these 

results are still employed for the current damage analysis in order to maintain 

consistency with the blast pressure histories employed for positions in close proximity 

to the center of the charge. It is also believed that the difference in peak magnitudes will 

have a negligible effect on the overall response of the structure since the simulated blast 

pressures have very short duration, the peak value is associated with a very high 

frequency. Moreover, the difference between the impulse of the simulated pressure time 

history and those recorded in TM5-1300 is found to be less significant with a maximum 

error of approximately 20 %.  

Based on the simulated structural responses it is found that: 

1) Under short duration contact explosion, the failure is predicted to be 

predominantly of compressive crushing and spalling of concrete materials 

with localised steel reinforcement failure. In this circumstance neither 

flexural nor shear failure is identified in the pier and tower numerical 

simulations. 

2) Severe damage is only noted on the impact surface in the tower blast impact 

scenario. This may be attributed from both the high reinforcement ratio and 

the hollow cross section design which have limited the stress wave 

propagation in the structure. However, more investigation is necessary in 

order to confirm this observation. 

3) By comparing the severity and the size of the damaged zone of the four case 

studies, it is found that the damage is most substantial for the above deck 

explosion and in particular for the blast impact on prestressed concrete back 

span. This outcome may be resulted from the increase in standoff distance 

and the decrease in the diminution effect caused by the blast incident angle. 

Hence, pressures generated from the explosion may be well distributed over 

a larger structural area as compared to the pier and tower case study. 

 

Bridge collapse analysis is also conducted by removing the damaged 

components and incorporating the loading condition specified in the DoD guideline 

onto the damaged bridge structure. It is found that under the 1000 kg TNT contact 

explosion, only demolishment of the pier will initiate the collapse of the entire bridge 
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structure. Although bridge collapse is not noted for the above deck explosion events, 

collapse of the bridge deck near the explosion is observed, and close down of the bridge 

will take place because of these severe localised damage. 

Investigation is also conducted to examine the blast load resistibility for the 

concrete components of the bridge structure in order to determine the maximum blast 

load that the bridge components can withstand before initiating bridge collapse. By 

simulating the tower and pier model response under the 10000 kg TNT at various 

distances, it is found that the safe standoff distance for the tower is between 23.7 m and 

25.9  m (i.e. scaled distance between 1.10 m/kg1/3 and 1.20 m/kg1/3). Whilst because of 

the smaller structural dimensions and lower reinforcement ratio used in the pier the safe 

standoff distance is evaluated to be around 28.7 m (i.e. scaled distance = 1.33 m/kg1/3). 

For the prestressed back span, simulations have been carried out with three different 

charge weights, i.e., 100 kg, 300 kg and 500 kg of TNT. Based on the simulated results 

the maximum blast load the prestressed concrete back span can withstand without 

initiating bridge deck collapse is found to be less than 500 kg of TNT equivalent. 

Since the bridge deck is highly vulnerable to terrorist attack mitigation measures 

must be employed in order to reduce the severity of the damage under the blast load. 

Two different thickness of CFRP, 1 mm and 3 mm, are bonded to the concrete back 

span to examine their effectiveness in lessening the damage induced by a 300 kg truck 

bomb. By comparing the results between the retrofitted and unretrofitted bridge deck it 

is found that there is neither significant improvement in reducing the damage on the 

impact surface nor deck deflection under the blast impact. Therefore, it is necessary to 

carry out more investigations on other protective measures to examine their 

effectiveness in protecting the concrete bridge deck under close proximity blast impact.  

  

8.2 Contribution to Current Research and Engineering Practice 

As mentioned in Chapter 2 of the thesis, most of the current blast impact 

investigations on bridge structures are bounded to either examination of the damage 

caused by above deck explosions or analysis of building structure subjected to large 

scaled distance explosions. With consideration of these limitations, the main 

contribution of the present study is that it reveals not only the above deck truck 

explosion events but also detonation in close proximity (i.e. scaled distance < 

1.0 m/kg1/3) to the vertical load support components. In addition, progressive collapse 

analysis is also conducted to examine the bridge response after the loss of the damaged 
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component. Numerical simulations have demonstrated the possible failure mechanisms 

when different bridge component exposed to either a 1000 kg or 10000 kg TNT truck 

explosion. The critical bridge components which govern the collapse of the bridge 

structure have also been identified through the results acquired in the progressive 

collapse analyses. 

Although this research has focused on one particular bridge only, the simulated 

results can still be useful for bridge engineers in predicting the failure pattern of bridge 

structures when exposed to contact blast explosion, and to estimate the blast resistibility 

of similar bridge type. This in turn enables the engineers to be more efficient in 

choosing the most effective protective/strengthening measures for the existing bridge 

structures to reduce the severity of each type of failure that could happen. Thus, this will 

minimize the global structural response resulted from the localised blast damage.  

Results acquired from the blast resistibility analysis can also provide some vital 

information for engineers to take into consideration in the bridge preliminary design 

stage (i.e. both the site layout and in the preliminary design of the actual bridge 

structure) so that the blast-induced damage will lessen.  

8.3 Suggestions for Future Research 

This research has investigated the dynamic response of a cable-stayed bridge 

structure subjected to dynamic blast impact. Based on the results in the present study 

some suggestions are recommended for future work concerning bridge structures 

exposed to blast loads: 

1) The bridge model in this study is based on limited information available from 

public resources. As a consequence some of the structural components, such 

as anchor system for the stayed-cables, foundation design for the vertical 

load supporting components and connection between girders, are neglected 

in this research. Therefore it is necessary to consider all these components in 

order to generate more accurate responses. 

2) All components constructed in this research are not prestressed. Therefore it 

is necessary to develop a user defined material so that the prestressed 

concrete material model can be incorporated into the finite element model. 

3) Multiple blast explosions are very likely to takes place in terrorist attacks, 

especially for important structures. Hence, it is necessary to examine the 

bridge structure response when subjected to such attacks. 
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4) Neither structural blast load test data nor previous dynamic impulsive data is 

available to validate the numerical solutions. Thus, validation with 

experimental data, such as the drop weight impact test, dynamic impactor 

test and small scaled blast test, on scaled typical bridge components and 

verify the response of the damaged structure against the code of practise is 

desirable in order to justify the response of the bridge components and the 

remainder bridge structure, respectively. 

5) Based on the presented results it appears that the employment of hollow 

section components in a structure can give a better blast resistance than filled 

section components under blast load. Further investigation on this issue is 

necessary so that it can be incorporated into future blast resistant design. 

6) The present study has examined the improvement of the bridge structural 

response by applying the carbon fibre wrapping to the concrete bridge deck. 

However due to the expensive installation process, other economical and 

effective protective/mitigation measures should be investigated for future 

study. 

7) This research was only performed on a particular modern cable stayed bridge. 

As mentioned early in the study, different bridge structures exhibit disparities 

in structural integrity. Therefore, further research on different bridge type 

such as concrete girder bridges, suspension bridges and segmental bridges is 

essential to determine their performance against blast load. 
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