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ABSTRACT 

A relatively new method of seismic isolation in bridge structures allows the uplift and rocking of 

the bridge piers, which results in a reduction of both damage to the pier, and residual displacement 

of the bridge system, high levels of which may affect its ability to act as a lifeline structure after an 

earthquake, and can incur considerable costs for repair or demolition.  

The objective of the current study is the generation of three-dimensional finite element models 

using the software package ANSYS, which allow for the study of the behaviour of the rocking 

system. Single column models are firstly developed, for use with quasi-static cyclic loading, and 

consist of a conventional reinforced concrete monolithic bridge pier and a precast post-tensioned 

concrete bridge pier wrapped in fibre-reinforced polymer (FRP), which allows uplift. These models 

are validated using existing experimental data with an emphasis upon the model’s ability to display 

damage under sustained loading. Further simulations show the benefits of allowing uplift and 

rocking in the cyclic loading of bridge piers, as well as the benefits of utilising FRP, whilst also 

confirming the work of previous studies in the deficiency of the rocking columns in the area of 

hysteretic energy dissipation. A study of methods of increasing energy dissipation, utilising both 

mild steel and shape memory alloy (SMA) bars in various configurations, is thus presented, 

identifying multiple solutions towards improving the energy dissipation of the system whilst 

maintaining a small residual deformation. 

A full bridge model is then developed based upon the validated single column models. The 

behaviour of the bridge under longitudinal seismic ground motions is studied, with analysis 

focussing on rocking in the bridge substructure and pounding in the bridge superstructure. The 

interaction between the bridge sub and superstructures for both rocking and conventionally 

designed monolithic bridge piers may thus be compared, with results indicating reduced 

superstructure response in the bridge model with rocking piers under some earthquake records. The 

use of energy dissipation devices, and different pounding parameters expand this study over a range 

of factors. Further, the energy dissipated due to the impact occurring during rocking is investigated, 

leading to a better understanding of the system’s total energy dissipative capacity as compared to 

that of a conventional bridge system. 
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1 INTRODUCTION 

1.1   Background 

In the conventional design of bridges, the superstructure and foundations are designed to respond 

elastically to earthquake loading, whilst the bridge columns are designed to be ductile and deform 

inelastically, in an attempt to dissipate energy. As a result of this inelastic behaviour, bridge 

columns typically incur significant amounts of damage during seismic events, and may require 

substantial repair or, in the case of larger seismic loading, replacement. Replacement of bridge 

columns typically requires the demolishment of the bridge structure, causing disruption to traffic 

routes, and can cause heavy economic losses, as well as the incurred costs for rebuilding. Another 

factor that has been considered recently is the need for “life-line” structures after a large seismic 

event. This requires significant bridges to not only survive such an event, but to do so with minimal 

damage such that they may be used immediately following an earthquake, for example by 

emergency services.  

An example of damage to a bridge classified as a “life-line” structure can be seen in the 1995 

Hyogoken-Nanbu (Kobe) earthquake, where several key highway structures were badly damaged. 

The Hanshin expressway, for example, suffered major damage leading to failure in the form of 

turnover and collapse of several spans. This transport route connects the Kobe and Osaka 

metropolitan areas and is subject to a high volume of traffic daily. Repair of this main highway 

structure took over 20 months leading to large socio-economic losses (Kameda 2000). Severe socio-

economic losses have also been experienced in the after-math of several recent earthquakes, such as 

the 2010 Haiti earthquake and 2011 earthquakes in Christchurch, New Zealand and Tohoku, Japan. 

Thus the general trend in recent research has been towards design based upon damage avoidance as 

well as the conventional design against collapse and loss of life. One way to do this is by increasing 

the strength and stiffness of the designed structure, in an effort to limit the inelastic response and 

reduce displacements of the structure. This would generally mean greater building costs, and would 

increase the seismic-induced accelerations in the structure which could potentially cause damage to 

other structural elements. The soil conditions may also mean that disproportionately large and 

complex foundations may be required for the increase in strength (Mahin 2008).  

Another method is that of structural isolation or damping. One of the aims of isolation is to increase 

the damping of the structure, or its ability to dissipate energy under seismic loading; the higher the 

damping of a structure, the lower the forces which have to be resisted by that structure. The use of 

isolation, damping or energy dissipation devices is particularly attractive for use in bridges, as they 
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are easy to incorporate into the design, damage potential can be concentrated in a few elements 

which may be easily checked and replaced, and the response of the bridge can be controlled in a 

predictable way (Priestley et al. 1996). 

The concept of “rocking” has been explored as an isolation technique in structures by many 

researchers. Fixed-base structures allow the formation of plastic hinging, hence inelastic response in 

elements, as mentioned. Structures allowed to rock on their base introduce alternate modes of 

nonlinearity and energy dissipation (Mahin 2008). By utilising uplift in the system, the moment 

capacity is limited to that required to cause uplift, and as such reduces ductility and strength 

demands on the structural element.  This limits the damage to the element, and reduces residual 

displacements of the structure due to the system’s inherent gravity-controlled self-centring ability. 

Previous research into rocking and uplift has shown promise for use as a passive isolation 

technique, but the behaviour, and its effect on the structure as a whole, would have to be better 

understood before adoption in seismic areas. Areas requiring more research include the addition of 

energy dissipative capacity to the structural system, the behaviour of the system under earthquake 

loads, and the behaviour of the system considering such effects as pounding. 

1.2   Objective and Scope 

The objective of the current research is to develop a detailed finite element model of a bridge 

structure, or part thereof, in order to better understand the implications of allowing column uplift 

and rocking under seismic loading.  

A single column model is firstly utilised, with an emphasis in the model development upon the 

nonlinear behaviour caused by the rocking motion and the material degradation. Particular focus is 

placed upon the definition of the concrete constitutive models in order to accurately predict system 

damage under cyclic loading. Further, the use of FRP wrapping is introduced in the model as an 

efficient construction technique, and to improve system performance under seismic loading.  

As a large decrease in energy dissipative capacity is identified in the rocking column as compared 

to a traditionally constructed monolithic column, methods of increasing the energy dissipation of 

the system are explored. These take the form of energy dissipative bars which may be added to the 

column either internally or externally. Two materials are detailed for use as energy dissipater bars, 

namely, mild steel and the shape memory alloy nitinol. Further, a parametric study explores the 

effects upon the energy dissipative capacity and residual displacement of the system, when varying 

the length or diameter of the bars, and their position from the centre of the column. Combinations of 
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internal and external bars, or mild steel and shape memory alloy bars are also explored as a means 

of improving behaviour. 

In order to understand the effects of the column rocking behaviour on the superstructure of a bridge, 

a full bridge model is then developed based upon the previously utilised and validated single 

column model. This model is subjected to seismic ground motions in the longitudinal direction and 

the bridge substructure and superstructure behaviour is then analysed, with special emphasis upon 

the bridge pier uplift and rocking and bridge girder pounding, as well as the sub and superstructure 

interactions. The introduction of rocking in the substructure of the bridge as a form of seismic 

isolation of the bridge structure as a whole is also evaluated, with an emphasis upon potential areas 

of energy dissipation or damage in the structure. In the substructure this includes specific analysis 

provisions to track impact behaviour due to the column rocking, and its associated damping, and in 

the superstructure includes a study of pounding behaviour. 

The bridge behaviour is further explored under different seismic ground motions, and with different 

pounding parameters. The influence of additional energy dissipating devices, as explored in the 

single column model, is also analysed for effects on the behaviour of the bridge structure.   

This thesis incorporates material from two published works by the author (Leitner & Hao 2014; 

2016) through the body of the work. In particular, Chapter 3 contains material from both 

publications (Leitner & Hao 2014; 2016), whilst Chapter 4 contains material from Leitner & Hao 

(2016).  
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2 REVIEW OF BACKGROUND THEORY AND EXISTING LITERATURE 

2.1 Development of Rocking Systems 

2.1.1 Rigid Blocks 

The idea of introducing a rocking mechanism in structures can be dated back to the work of 

Housner (1963). He observed the survival of elevated water tanks with a tall, slender structural type, 

described as “golf-ball-on-a-tee” structures, during the Chilean earthquakes in 1960, as well as 

similar incidents of seemingly unstable structures performing well under earthquake loading due to 

the development of a “rocking” mechanism - the motion of the structure in uplifting and “rocking” 

back and forth on its foundation. He thus proposed an inverted pendulum theory for a rigid block 

excited into developing a rocking motion. This block is illustrated in Figure 2-1, oscillating about 

the centres of rotation O and O’ when rocking motion occurs, with the theorem based upon the 

block’s weight, moment of inertia about centres of rotation O and O’, and the location of the centre 

of gravity of the block. Housner concluded that the stability of a small slender block subjected to 

earthquake loading is much greater than one would expect from the application of a constant lateral 

force, and that a scale effect makes the larger of two geometrically similar blocks more stable than 

the smaller one. 

 

 Figure 2-1: Illustration of a rocking block (Housner 1963) 

Further analytical and experimental studies followed on from the work of Housner: blocks 

subjected to sinusoidal (harmonic) acceleration (Spanos and Koh 1984; Tso and Wong 1989; Wong 

and Tso 1989; Hogan 1990), models including the effects of sliding (Scalia and Sumbatyan 1996; 

Shenton 1996; Andreaus and Casini 1998), blocks subjected to transient near-source ground 

motions (Makris and Roussos 2000), blocks incorporating the use of anchors or restraints against 

overturning (Makris and Zhang 2001), as well as other studies exploring parameters such as rocking 

interface (ElGawady et al. 2011). 
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Analytical work focused on the stability of the blocks under long-duration harmonic motions 

(Spanos and Koh 1984; Tso and Wong 1989; Hogan 1990), with identification of fundamental 

modes, and “safe” and “unsafe” regions of rocking stability. 

Makris and Roussos (2000) went on to study the rocking response of rigid blocks subjected to near-

source ground motions, and the levels of ground motion required to overturn a given block. It was 

found that smaller blocks will typically overturn due to short-duration, high-acceleration pulses, 

whilst larger blocks will overturn due to long-duration pulses.  

Although identified as important, few researchers have included the effects of sliding in rocking 

response investigations. Scalia and Sumbatyan (1996) state that although pioneering work on the 

study of strictly rocking blocks without consideration of sliding (such as that by Housner) has been 

beneficial to the understanding of the problem, the use of large friction coefficients may be 

unrealistic in practice. Other researchers such as Younis and Tadjbaksh (1984), and Raditchuk and 

Kislij (1990) (both cited in Scalia and Sumbatyan 1996) studied the opposite case of perfect sliding 

without rotation, which is again unrealistic due to its abnormally low friction factor. Thus, with the 

consideration of sliding behaviour, the authors developed analytical solutions for the possible 

overturning of rigid blocks under horizontal ground motion. Shenton (1996) stated that the motion 

of an unrestrained body under base acceleration could be defined by one of five modes of response: 

rest, slide, rock, slide-rock or “free flight” (uplift). He derived criteria governing the initiation of the 

slide-rock response from rest, as important in the understanding of the stability of free-standing 

objects under horizontal excitation. Andreaus and Casini (1999) followed on from the work using 

harmonic excitation by utilising a three-dimensional (3D) model with contact behaviour which 

allowed for uplift, damping, friction, sliding and bouncing to be examined. The authors concluded 

that a 3D model was necessary for a more realistic analysis of the block behaviour. 

Makris and Zhang (2001) explored the rocking response of anchored blocks under pulse-type 

ground motions, and found that the use of anchors or restraints against overturning are not always 

effective, and under some frequencies may be detrimental to the action of the block. Overturning 

was prevented in smaller blocks under low frequency ground excitations. 

2.1.2 Precast Concrete Systems 

In 1990, Priestley (1991) began the PRESSS program (Precast Seismic Structural Systems). This 

program included a number of different studies over a period of about ten years, involving research 

into seismic-resistant precast solutions for building systems. These studies led to the 

recommendation of using “jointed systems” in precast concrete structures, designed such that the 

ductility of the structure is concentrated in the joints, and as such reduces damage to the body of the 
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structural component under seismic loading. In addition, Priestley and Tao (1993) and Priestley and 

Seible (Priestley 1996) investigated the use of partially debonded and unbonded post-tensioned 

tendons respectively for use in precast frames. They found that the structure was able to sustain 

very large lateral displacements with high residual stiffness during the event, and showed low 

residual deformations and little permanent structural damage after the event, all whilst reducing the 

amount of transverse reinforcement in the columns, beams and joint regions. With the reduction of 

longitudinal reinforcement due to the presence of the post-tensioned tendons, this system developed 

the idea of a “rocking” mechanism for use in structural systems, as illustrated in Figure 2-2, with 

the opening and closing of the existing gap between the beam and column joints. The program was 

also organised around the basis of Direct Displacement-Based Design (DDBD) under the premise 

that displacements are better indicators of damage potential in structures during a seismic event than 

forces (Priestley 2002). Thus the “rocking” mechanism is limited by designing for a maximum 

displacement, creating a “controlled rocking” response.  

 

Figure 2-2: Development of “controlled rocking” mechanism in beam-column joint with post-tensioned tendons 
(Priestley and Tao 1993). 

There have since been numerous investigations into the use of precast structural systems and those 

utilising a post-tensioned tendon mechanism, each working in collaboration or as part of other 

structural solutions. The use of post-tensioned tendons in precast structural elements has become 

known in the literature as a “hybrid” system. This is normally in conjunction with longitudinal mild 

steel reinforcing bars (non-prestressed) providing some energy dissipation capacity (Stanton et al. 

1997). These systems result in an idealized hysteresis loop known as “flag-shape” behaviour, which 

combines the self-centring and energy dissipation capacities of the system, as shown in Figure 2-3. 

Modern research in buildings has placed a focus on improved energy dissipation capacities for these 

systems, with promise shown in testing not only for use in beam-column connections (Murahidy et 

al. 2004; Rodgers et al. 2007), but for use as a retrofit technique in concrete buildings using rocking 

walls (Marriott et al. 2007 and 2008; Wada et al. 2011). 
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Figure 2-3: Development of “flag-shaped” hysteresis behaviour (Pampanin 2005) 

2.2 Application of Rocking Systems to Bridge Design 

The conventional method of bridge design, that is, to build ductile columns which are allowed to 

deform inelastically under earthquake loading, has been adopted over strengthened elastic systems 

in order to reduce the seismic forces which have to be resisted by the structure. Compared to an 

elastic structure, the formation of plastic hinges in the column allows the system to dissipate energy, 

hence reduce the forces to be resisted. This in turn reduces the strength required in the elements, 

which reduces cost. Depending on the strength and natural period of the system, the total 

displacements incurred in the structure may also be less. This principle is illustrated in Figure 

2-4(a). Despite the advantages of an inelastic system, eliciting this response leads to two major 

drawbacks – the required repair or replacement of the yielding elements post-earthquake due to the 

plastic deformation, and the potential for large residual displacements (Filiatrault et al. 2004). 

With the aim of reducing residual damage and displacements after seismic events, elastic self-

centring systems have been introduced. These systems utilise the idea of “rocking” by allowing 

uplift to occur. In the case of bridges, this uplift is allowed at either the foundation-soil interface, or 

the pier-foundation interface. By allowing this uplift, and hence the development of a rocking 

motion in the structural element, the moments in that element are reduced to that required to initiate 

uplift. This ensures that the demands on the column are reduced such that only elastic deformation 

occurs, and therefore minimal, if any, residual damage is incurred.  

When structural systems are permitted to rock with no restraints (so-called “pure rocking”), the 

gravity of the system provides a self-centring capacity, whilst the impact of the structural element 

on its base during rocking provides a (radiation) damping or energy dissipation capacity. Other 

mechanisms may also be utilized in order to ensure a self-centring capacity, such as bracing or post-

tensioning, and residual displacements of the structure can generally be reduced to negligible or 

near-negligible levels. In some cases, extra energy dissipation capacity is needed in order to 
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produce the most beneficial behaviour of the system. Such elastic, self-centring systems lead to the 

formation of a hysteresis loop similar to that shown in Figure 2-4(b). 

 (a) (b) 

Figure 2-4: Comparison of idealized responses between (a) elastic and inelastic (yielding) structures and (b) elastic and 
self-centring structures (Filiatrault et al. 2004) 

2.2.1 Existing Bridge Construction utilising Rocking Mechanisms 

There are a limited number of bridge structures in existence which have utilised the concept of 

rocking in an attempt to improve seismic performance. These include the Lion’s Gate Bridge in 

Vancouver, Canada, which was retrofitted to allow rocking of the steel piers on their concrete 

pedestals. The bridge is required to maintain limited service immediately following a seismic event, 

and be otherwise repairable and re-open to traffic within a few days following a seismic event, thus 

must have little and/or easily repairable damage. This aim was achieved by allowing the uplift and 

subsequent rocking at the column base plates at the top of the footing (Dowdell and Hamersley 

2000). The Golden Gate Bridge in San Francisco, California, is another example of a seismically 

retrofitted bridge with steel piers allowed to uplift and rock on their concrete bases. This retrofit 

was done during a re-evaluation of the seismic performance of several bridges in California 

following the Loma Prieta earthquake in 1989. The rocking of the bridge piers was considered a 

viable technique as it was shown to reduce stresses in the bridge towers under earthquake loading, 

and was thought to be a readily achievable solution to mitigate seismic forces (Ingham et al. 1996). 

The South Rangitikei Bridge in New Zealand, designed in 1972, is another of these structures, 

using, at that time, an innovative “base-isolation” technique. The precast concrete bridge lies along 

a major rail system in New Zealand, which authorities recognized could stand to incur heavy losses 

during a period of earthquake-induced downtime. Thus the bridge was designed above the code 

requirements at the time, with the maximum possible level earthquake considered, inclusive of live 

loads. The “base-isolation” technique utilised ensures the bridge can remain elastic in any given 
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to prevent damage during movement. Testing on a full-size bridge column showed good agreement 

with predicted theoretical results, and no damage was noted. The system did however show limited 

energy dissipation capabilities. Further to this, Cheng (2007) subjected precast columns anchored 

by unbonded steel bars running through the centre, to quick release loads to induce rocking 

behaviour, and then in 2008, an equivalently detailed single-span bridge model to shake table tests. 

The studies investigated the performance of columns anchored with different diameter bars, in order 

to ascertain the optimum detailing of the steel anchorage, such that the column deforms elastically 

without inciting rocking behaviour under small to medium ground excitations, but rocks when 

subjected to large earthquakes. Cheng also investigated the damping of the rocking bridge piers and 

the effect of sliding during the rocking motion on energy dissipation of the system.  

Palermo et al. (2005a and 2007) followed on from the work of Mander and Cheng (1997), also 

investigating the potential of the “hybrid” system for bridge structures. An illustration of the 

application of this system to bridge piers, as utilised by these authors, and compared to a traditional 

monolithic bridge pier can be seen in Figure 2-6.  

 

Figure 2-6: Utilising the “hybrid” system in the design of bridge piers (Pampanin 2008) 

A simplified analytical design methodology for application of the system to modern bridge 

construction was explored and tests on scaled columns were performed. Three main types of 

column were tested in the experimental study – a monolithic cast in-situ column representative of 

traditional reinforced concrete pier design, columns utilising precast concrete and unbonded post-

tensioned (UBPT) tendons, and lastly, columns utilising the unbonded tendons, but with the 

inclusion of added energy dissipation capacity in the form of mild steel bars designed to yield 

during a strong seismic event. The “hybrid” columns were able to withstand high drifts with no 
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visible damage incurred and little residual displacement, as expected, and showed significant 

improvement in energy dissipation capacity with the inclusion of the mild steel dissipaters.  

The authors went on to investigate the use of external energy dissipaters, designed based upon the 

yielding action of the previously used internal mild steel bars (Marriott et al. 2009; White & 

Palermo 2016). The study found that the external dissipaters provided greater stability and energy 

dissipation capability to the system as compared to internal dissipaters. The external option may 

also be easily inspected and replaced following a large seismic event. An illustrative comparison 

between the internal and external dissipaters may be seen in Figure 2-7. 

 

Figure 2-7: Internal and external energy dissipaters (Marriott et al. 2009) 

Example hysteresis plots for precast continuous bridge piers, as tested by Marriott (2009) may be 

seen in Figure 2-8. The columns tested are square scale models, and are tested to a lateral drift of 

4.5%. The hysteresis loop for the conventional monolithic bridge column is shown in Figure 2-8 (a), 

and shows typical characteristics for this construction type, such as decreasing stiffness and 

decreased strength post-yield due to the formation of plastic hinges. This deformation also clearly 

results in large hysteresis loops, representing a large energy dissipative capacity, and a large 

residual displacement caused by the unrecoverable plastic deformation, or damage to the concrete. 

Figure 2-8(b) shows the hysteresis behaviour when utilising the “hybrid” system with no mild steel 

reinforcement. It shows a decided decrease in energy dissipation due to reduced plastic behaviour, 

and a distinct self-centring characteristic. Figure 2-8(c) shows the behaviour of the “hybrid” system 

with increased energy dissipation due to the addition of the mild steel dissipaters. The distinct 

benefits of both systems are recognisably illustrated in the self-centring characteristic and energy 

dissipative capability of the “hybrid” detailed columns. Figure 2-8 (d) shows the hysteresis loop for 

the UBPT column with the addition of external mild steel dissipaters. These dissipaters were 

designed by the author, and may be seen to have an advantage over the internally placed dissipaters 
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in the reduction of residual deformation of the system, whilst maintaining a large energy dissipative 

capacity. 

  (a) (b) 

  
(c) (d) 

Figure 2-8: Example of hysteresis loops of variously detailed columns under cyclic load up to 4.5% drift: (a) monolithic 
column, (b) continuous precast UBPT column, (c) as for (b) but with the inclusion of internal mild steel dissipaters (d) 

as for (c) but with the inclusion of external mild steel dissipaters (Marriott 2009) 

When applying the rocking concept to bridge structures, as opposed to the column systems detailed, 

the experiments performed by Mantawy et al. (2016) appear to be the only literature available. 

These experiments were performed using a two span scaled bridge structure with unbonded post-

tensioning, longitudinal reinforcement which was debonded over joints, and steel tubes at the ends 

of the bridge piers. Shake tables were utilised to apply a set of motion records to the structure in the 

transverse direction. Results reported are similar to those in the column systems, with a small 

amount of damage apparent in the rocking columns as well as reduced residual drifts. However, it is 
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conceded by the authors that due to the small displacement loading which was applied to the 

conventionally detailed bridge, only a small difference was noted in the residual displacements 

between the rocking and monolithic column systems, with larger loading difficult due to damage. 

Longitudinal bar fracture in the rocking columns also caused difficulties and resulted in large peak 

deformations. 

2.2.2.1 Segmental Precast Construction 

Segmental bridge construction originated in Europe in the 1950s, with the first precast segmental 

concrete bridge built to cross the Seine River in France in 1962 (FHWA 2003). It has been widely 

used as a method of reducing construction time and environmental impact in bridge design, in 

regions of low seismicity in the United States and other countries. However, concern over the 

performance of this construction type in extreme seismic loading events has limited the reach of its 

application, and prompted numerous studies into the behaviour of segmental precast columns under 

such conditions (Wang et al. 2008).   

The “hybrid” concept can be extended to the design of precast segmental columns, as illustrated in 

Figure 2-9. The joints between the segments in the columns provide the ductility necessary to avoid 

plastic hinging in the body of the column – again, utilising the concept of “controlled rocking” with 

the opening and closing of the segment joints under lateral loading. However, this is based upon the 

discontinuity of any longitudinal mild steel reinforcement across the segment joints, as the original 

“jointed systems” were detailed (see Figure 2-2). Once again, this results in an inadequate amount 

of energy dissipation in the system, as compared to a traditional monolithic bridge pier (Ou et al. 

2007). Megally et al. (2003) also mention that segmented construction with “dry” joints, and 

discontinuity of reinforcing bars across the segment joints is not recommended by the current 

American Association of State Highway and Transportation Officials guidelines for the application 

of segmental design in bridges. For these reasons, this construction type has also received some 

considerable attention in the literature, with much of the focus upon improving the ductility and 

energy dissipation capacity of the system. 
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resulted in very high residual displacements with only a small increase in energy dissipation. An 

increase in the number of bonded PT tendons decreased the residual drift and further increased the 

energy dissipation, but better energy dissipation was achieved by utilising the mild steel energy 

dissipater bars, with less residual drift.  

Billington and Yoon (2004) modified the “hybrid” system by replacing the top and bottom 

segments (those in potential plastic hinging regions) of the proposed column system with precast 

ductile fibre-reinforced cement-based composite segments in an effort to reduce residual damage 

and increase the energy dissipation capacity of the system. The system utilised stiff angles to 

“embed” the segments, and the proposed system still relied on damage in the form of cracking in 

order to properly dissipate energy, with results sensitive to the type and location of cracking. In 

particular, the modified system showed better energy dissipation capacity than a regular monolithic 

column only when a single base tensile crack was apparent – hence introducing the “rocking” 

mechanism at the base of the segment. 

Trono et al. (2015) similarly utilised a fibre-reinforced concrete in the bottom segment of their 

specimens to prevent compression damage and added unbonded reinforcement to increase energy 

dissipation. Through the use of shake table tests, the columns were subjected to multiple sequential 

ground motions, with minimal accumulated residual drift in the UBPT column, and damage limited 

to concrete spalling and cracking at the base. 

Kim et al. (2010) investigated an alternate energy dissipation system in the form of shear resistant 

connecting structures. These structures are placed across the segment joints in the tendon ducts, 

together with bonded tendons, and through the transfer of shear between segments, also contribute 

to energy dissipation and ductility of the system. In testing, the proposed system showed improved 

ductility and strength retention, with small residual displacements and damage and good energy 

dissipation capacity as compared to the conventional monolithic column. However, little 

improvement was shown over a similarly detailed without the use of shear connectors. 

Roh and Reinhorn (2010a) suggested the use of superelastic shape memory alloy (SMA) bars as 

energy dissipaters in the tested “hybrid” bridge pier system. Placed internally, at the base of the 

column, these SMA bars are shown to improve energy dissipation capacity, and ensure the self-

centring capability of the system, whilst avoiding any system damage. The study utilises segmental 

construction; however, the segments are all strongly connected, thus only allowing uplift at the base 

of the column. This then acts equivalently to a single precast rocking structure. The system used has 

therefore taken advantage of the ease of construction provided by segmental precast columns, but 

by rigidly connecting the segments allows better control and prediction of the behaviour of the 
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column. Some of the energy dissipating capacity inherent with the segmented controlled motion is 

thus lost, and additional means of energy dissipation needs to be added to the system, which is done 

in the form of the SMA bars. Roh et al. (2012) went on to explore lateral strength variations and 

damping in the columns utilising the same model. 

Chou and Chen (2006) tested segmented precast concrete-filled tube columns, utilising a steel 

jacket, which provided the transverse reinforcement for the system. The tests also included external 

energy dissipaters to increase energy dissipation and moment resistance. The experiments showed 

little strength degradation or residual displacement, with minimal concrete damage due to the 

addition of the steel tube. The use of external dissipaters increased the hysteretic energy dissipation 

of the system, but this was not significant due to the limitation of movement about the base caused 

by the addition of the dissipaters. A larger residual displacement was also seen in the specimen with 

the external dissipaters. Chou et al. (2013) went on to develop simplified numerical models for 

these specimens, as well as complete testing of columns with the addition of internal mild steel 

dissipater bars. The study explored the effects of ED bar placement and ratio on the columns, and 

found an optimum ratio which maximises the energy dissipation whilst minimising the residual 

displacement of the system. The conclusions of this study with regards to ED bars were similar to 

those stated in Ou et al. (2007). 

ElGawady et al. (2010) utilised GFRP with continuous and segmental construction, which acted as 

reinforcement along with the post-tensioned tendons. The study also investigated the effects of 

using rubber as an interface between segments and adding external dissipaters in the form of steel 

angles. The GFRP prevented significant damage of the concrete, and the tests showed no strength 

degradation up to a large 15% drift, and very small residual displacements. The use of steel angles 

increased the energy dissipation of the system, but also significantly increased the residual 

displacement of the system. The rubber joints resulted in very little energy dissipation as any 

damage in the concrete and GFRP was avoided due to the deformation of the neoprene. There was 

also a marked decrease in lateral strength and stiffness. ElGawady and Dawood (2012) completed 

computational modelling of the testing reported in ElGawady et al. (2010), and were able to capture 

the general backbone behaviour of the system. The study goes on to explore the effects of the 

amount of post-tensioning force and the size of the piers themselves on the seismic behaviour. 

ElGawady and Sha’lan (2011) went on to perform a very similar study to that of ElGawady et al. 

(2010) but tested two-column bridge bents as opposed to single columns. 

Guo et al. (2016) utilised GFRP on the bottom segment of their UBPT columns, in this case 

implemented in order to reduce concrete damage at the base of the pier. The study also uses external 
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energy dissipaters made of aluminium and swaps the typical post-tensioning tendons for those made 

of basalt fibre-reinforced polymer, stating strength, price and corrosion-resistance as their 

motivations for the materials utilised. Although showing good energy dissipation capacity, there 

were instances of energy dissipater rupture at drifts exceeding 4%, which may limit applicability for 

moderate to large sized earthquakes. The use of GFRP was reported to reduce concrete damage at 

the base of the columns, and the use of materials such as BFRP are reported as significantly 

increasing the durability of the system. The study also examined the effects of ED bar placement 

and length on the hysteretic performance. It was found that bars placed on the east and west sides, 

with loading applied in the East-West direction provided a greater energy dissipative capacity, but 

resulted in larger residual deformations. Bars placed on the north and south sides mostly provided 

an ideal “flag-shape” behaviour. A reduced bar length increased the energy dissipation of the 

system, particularly in the east-west direction where more plastic deformation occurred. 

An example of the hysteresis plots obtained when subjecting precast segmented UBPT columns to 

quasi-static cyclic loading is shown in Figure 2-10, taken from the testing completed by Ou (2007), 

which was performed up to a drift ratio of 5%. The columns tested are square, with a hollow core 

where the post-tensioning is installed. The ED bars were installed as bonded longitudinal 

reinforcement. Figure 2-10 (a), designated specimen “COC”, shows the behaviour of a plain UBPT 

column without additional reinforcement. A “flag-shape” behaviour can be observed, with a clear 

re-centring tendency, and a small amount of energy dissipation. Figure 2-10 (b), specimen “C5C”, 

shows the behaviour of the system with the addition of ED bars up to a 0.5% reinforcement ratio. 

There is an obvious increase in the hysteretic energy dissipation, but whilst there is still clear re-

centring behaviour, there is also a noticeable residual drift of the system. Figure 2-10 (c), specimen 

“C8C”, has additional ED bars up to a reinforcement ratio of 1%. Again, there is a clear increase in 

energy dissipative behaviour, but re-centring is less prevalent and there is a much larger residual 

drift. The last specimen, “C5C-1”, shown in Figure 2-10 (d) is identical to specimen “C5C”, shown 

in Figure 2-10 (b), but less post-tensioning force has been applied has been applied to the system. 

The result is a slight increase in both energy dissipation, and double the residual drift of the system 

as compared to specimen “C5C”. 
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Figure 2-10: Example of  hysteresis loops of segmented precast UBPT columns under cyclic load up to 5% drift: (a) 
plain segmented UBPT column (b) added ED bars for 0.5% ratio (c) added ED bars for 1% ratio (d) same as column (b) 

but with reduced post-tensioning force (Ou 2007). 

2.2.3 Application of Rocking Mechanism to Cast in-situ Reinforced Concrete Columns 

Most research in the area of rocking columns has focused on precast “hybrid” systems, stemming 

from the original research during the PRESS program (detailed in Section 2.1.2). Some research, 

however, has also focused upon the use of rocking columns in cast in-situ reinforced concrete 

construction. This research has been mostly limited to a similarly detailed “hybrid” system, that is, 

the use of unbonded post-tensioned tendons, with little focusing on the behaviour of uninhibited 

rocking (“pure-rocking”) columns.  

Sakai et al. (2006) performed tests on reinforced concrete bridge columns, utilising an unbonded 

post-tensioned tendon in place of some of the normal longitudinal reinforcing steel. These columns 

developed a controlled rocking mechanism at the base with the development of cracking, with the 

tendon providing a self-centring capacity to the system. The effects of locally unbonding some of 

the longitudinal reinforcing bars in the plastic hinge region were also explored, with the unbonded 

bars reducing the probability of fracture of reinforcing bars and subsequent crushing of the concrete 

core. It was found that the use of unbonded bars slightly increased the residual displacement of the 

system. Steel jacketing was also explored as a method of reducing residual damage and 

displacement to the system. Later they went on to test a two-column bridge system with similarly 

encouraging results.  
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Lee and Billington (2011) used the results from the study by Sakai et al. (2006) to analytically 

investigate the use of unbonded post-tensioned tendons in two prototype highway bridge structures. 

The post-tensioned system displayed similar drift capacity to the conventional column, but 

improved self-centring ability. Using a performance-based earthquake engineering (PBEE) 

technique, the study found that similar repair costs would be incurred post-earthquake, but 

considerably less downtime would be expected as compared to a regularly reinforced column. 

Roh and Reinhorn (2008) utilised the concept of “rocking” columns in order to control system 

accelerations due to seismic loading and reduce residual damage in their column system. Simple 

reinforced concrete columns were subjected to cyclic loading and allowed to rock as a double hinge 

during loading, forming a so-called “pure-rocking” mechanism. This resulted in concrete crushing, 

or “rounding” effect at the base of column, but no other observable damage. It was found that 

simply allowing this motion in the system was not sufficient if large displacements were 

experienced, and the addition of damping is necessary. 

Figure 2-11 shows an example of the hysteresis of “pure-rocking” behaviour in square reinforced 

concrete columns, with cyclic loading applied to drift levels of between roughly 10%-12%. As can 

be observed in Figure 2-11 (a), a strong self-centring behaviour is achieved, but with very little 

energy dissipative capacity. Figure 2-11 (b) shows an identical system, but with the application of 

additional external axial loading which acts to increase the energy dissipation of the system.   

  
(a) (b) 

Figure 2-11: Example of hysteresis loops of cast in-situ reinforced concrete columns (a) with axial load up to 5% of 
nominal strength and (b) with axial load up to 10% of nominal strength (Roh 2007) 

2.2.4 Application of Rocking Mechanism to Foundations 

Another form of “rocking” isolation behaviour requires the uplift of the foundation itself as opposed 

to the column. There have been numerous studies into the effects of rocking foundations on 

structure behaviour under seismic loading. These include not only explorations of the structural 

behaviour, but also that of the foundation-soil interaction. The foundation-soil interaction 

introduces a new nonlinear action in the behaviour of the system, where the material damping due 
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to soil settlement and compaction acts together with the radiation damping due to the rocking 

element impact, warranting investigation. 

Experimental tests have been performed with actuators (Hung et al. 2011) and shake tables 

(Espinoza and Mahin 2006) utilising neoprene pads to take soil-structure interaction into account. 

Actual dense sand (Anastopoulos et al. 2013; Antonellis et al. 2015) has also been used in 

conjunction with shake-table tests. Centrifuge tests are another method of taking the effects of soil 

nonlinearity into account (Loli et al. 2014), with some studies including investigations into the 

footing size (Algie et al. 2008), and soil type and settlement behaviour (Deng and Kutter 2012).  

Analytical models of bridges utilising rocking foundations showed similar results to experimental 

studies (Mergos and Kawashima 2005; Chen et al. 2006; Kawashima and Nagai 2006; Deng et al. 

2012; Antonellis and Panagiotou 2014). 

Generally, utilising rocking foundations in bridges has been found to be beneficial for isolation 

purposes, with no inelastic damage to piers, good energy dissipative capacity due to the footing-soil 

rocking interface, and efficient re-centring following seismic loading. However, large drift ratios 

are typically incurred in the system, which would have to be allowed for in both in the sub and 

super structure design. It was also reported that this lateral displacement was highly dependent upon 

the applied ground motions (Hung et al. 2011; Anastopoulos et al. 2013). Further, although the 

system has the capacity for re-centring following seismic events, residual drifts have been reported 

when excess soil falls beneath the footings during the rocking behaviour (Deng and Kutter 2012; 

Antonellis et al. 2015). Residual settlement of the soil underneath the footing due to compaction 

may also affect the bridge residual displacement (Mergos and Kawashima 2005; Deng et al. 2012; 

Loli et al. 2014). Footing size and type was also found to play a role in the effectiveness of the 

rocking motion to provide isolation to the bridge system (Mergos and Kawashima 2005; 

Kawashima and Nagai 2006; Algie et al. 2008; Deng and Kutter 2012). 

A schematic of the expected behaviour of a rocking foundation can be seen in Figure 2-12. Example 

hysteresis loops may be seen in Figure 2-13, comparing the behaviour of a monolithic reinforced 

concrete specimen with spread footings in Figure 2-13 (a) to that which allows the rocking of the 

footing on the underlying soil in Figure 2-13 (b). Whilst reduced moments in the system were 

reported, it can be seen that the self-centring capacity of the system is reduced, and the 

displacements of the system have increased significantly. 
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columns. Conventional columns, which are designed to form plastically under extreme loading, 

currently have a large advantage over rocking systems in their energy dissipative capacity. An 

example of the differences in hysteresis loops between a conventional monolithic column and a 

precast UBPT column was shown in Figure 2-8 (a) and (b) respectively. As such, although rocking 

has been identified as a valid isolation mechanism in bridge structures, significantly decreasing 

residual displacements, often to negligible amounts, much of the research as summarized in Section 

2.2.2 for both continuous and segmented precast columns utilising UBPT has focused upon 

methods of increasing the energy dissipative capacity of the system. 

2.3.1 Theory 

When considering the rocking system as applied to precast columns with UBPT, the post-tensioned 

tendon, together with the gravitational axial load provides the observed self-centring capacity, 

whilst any additional energy dissipation devices work to provide increased energy dissipation 

capacity. The moment contributions of each reinforcement set (prestressed and unprestressed) to the 

system as a whole may be used to define a design parameter to predict the behaviour and resulting 

hysteresis loop of the column, and has been included in concrete structural standards such as ACI 

(2003) and NZS (2006) (Palermo et al. 2007).  

The moment ratio,  𝜆, is defined in the NZS (2006) as: 

 
𝜆 =

𝑀 + 𝑀

𝑀
 

2-1 

  

where 

𝑀  is the flexural strength contribution of the post-tensioned tendons 

𝑀  is the flexural strength contribution of the axial load 

𝑀  is the flexural strength contribution of the non-prestressed steel reinforcement or other 

energy dissipative device 

NZS (2006) further states that for full self-centring, the moment ratio should be greater than or 

equal to the overstrength factor for the non-prestressed steel reinforcement or other energy 

dissipative devices. In general, as long as the self-centring moment contribution is sufficient to 

counteract the effects of plastic yielding introduced by the energy dissipative steel (or other 

devices), re-centring should occur. An appropriate moment ratio will ensure that re-centring 

behaviour occurs in the system, together with an acceptable amount of energy dissipation. The 

upper bound for this ratio would be a system with full re-centring and no additional form of energy 
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dissipation, i.e. a precast UBPT system with no additional energy dissipative devices, an example 

hysteresis loop of which was presented in Figure 2-8 (b). The lower bound would be given by a 

system with dissipaters only. 

2.3.2 Summary of Research and Trends 

A summary of the studies presented in Section 2.2.2 on precast UBPT systems with additional 

energy dissipation devices is presented in Table 2-1. The majority of the studies are concerned with 

experimental findings utilising mild steel bars as energy dissipation devices, with similar 

conclusions throughout, based upon observations as compared to rocking specimens without the 

addition of energy dissipation devices. 
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Table 2-1: Summary of studies utilising additional energy dissipaters with precast UBPT systems 

 

Main Study Construction

exp

num

segmented; base segment 
uses FRC

continuous & segmented; 
GFRP wrapped

external; base

internal; full length; 
bonded to base

internal; full length; 
unbonded at base

exp

segmented; GFRP wrapped 
base; BFRP tendons

segmented; some bonded 
tendons

ObservationsAuthor Additional Energy Dissipation

type location

exp

exp

exp

continous

exp

exp

num

external; basesegmented; steel jacket

incr. ED; minor concrete damage; decr. stiffness due to bond 
deterioration; incr. ED decr. RD with incr. λ

incr. ED; minor concrete damage; negligible RD; incr. ED & RD with 
incr. ED bars

Guo et al. (2016)

Bu et al. (2016)

Trono et al. (2015)

ElGawady et al. (2010)

Roh and Reinhorn 
(2010)

Kim et al. (2010)

Wang et al. (2008)

Ou et al. (2007)

Chou and Chen (2006)

Marriott et al. (2009)

Palermo et al. (2007)

exp

exp

continuous

aluminium bars

mild steel bars

mild steel bars

steel angles

SMA bars

shear resistant 
connecters

high strength steel; 
mild steel

mild steel bars

reduced steel plates

mild steel bars

mild steel bars

segmented - linked 
construction

segmented

segmented; incr. height in 
1st segment; partial fixity

segmented

external; base

internal; base; unbonded 
over opening

incr. ED & RD; lateral restraint from EDD

differing ED bar ratios show optimum ratio for flag-shape behaviour 
i.e. max ED with full re-centring

external; base

internal; base; unbonded 

in tendon ducts; across 
joints

internal; partial length; 
across joints

internal; full length; 
unbonded across joints

as compared to specimens without EDD

not enough ED with HS steel; ED & RD depended on fixity 
conditions of base segment

small incr. ED; large incr. RD

incr. ED; ED & RD dependent on position, length & diameter of ED 
bars

incr. ED; incr. RD; bonded tendons incr. RD

similar ED; decr. RD *as compared to conventional

 incr. ED; small incr. RD

incr. ED; further ED incr. with adjustment of SMA bar length
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From the studies summarised, some of the trends apparent in the research may be identified as 

follows: 

1) Internal versus external bars 
The current norm in the research available is for internally placed bars, as they are cheaper 

and the construction is easier than for their external counterparts where systems have to be 

devised to attach them to the column in an efficient manner. External bars have an 

advantage, however, in that following a seismic event, they may be easily inspected and 

replaced, acting as a “structural fuse” in the system. The results presented in Palermo et al. 

(2007) and Marriott et al. (2009) may be directly compared, as both results stemmed from 

the same study, Marriott (2009). In this case, the external dissipaters were able to achieve 

similar levels of energy dissipation as their internal counterparts, but with less residual 

displacement of the system. In external ED devices designed to also increase the moment 

resistance of the system, however, such as in Chou and Chen (2006), increase in the ED of 

the system may be limited. 

 

2) Bonded versus unbonded bars 

In most cases where internally placed ED bars were utilised, the bars were left unbonded, 

either wholly, or over the segment joints or base of the column where rocking was expected 

to occur. Unbonding the bars in this way ensures that premature failure due to excessive 

strains is avoided. Palermo et al. (2007) utilised partially debonded bars in this manner, but 

reported some decrease in stiffness of the system due to bond deterioration between the ED 

bar and the concrete. 

 

3) Length of bars 

The ED bars are most efficient at the base of the column where the rocking motion occurs, 

and hence where the most plastic deformation in the bars may occur. Roh and Reinhorn 

(2010a) reported an increase in ED and lateral strength with decrease in (internal) ED bar 

length. Guo et al. (2016), however, utilising external ED bars showed an increase in ED 

with increase in length, together with a small increase in residual displacement.  

 

4)  Placement of bars 

With regards to external dissipaters, Guo et al. (2016) found that bars placed on the faces of 

the column in the direction of loading provided greater energy dissipation, and 

correspondingly greater residual displacement in the system, than those placed on the 
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alternate faces. Those placed on the alternate faces to the loading direction produced an 

ideal “flag shape” behaviour in the system. This was similar to results by Marriott et al. 

(2009) who placed dissipaters on alternate faces to loading direction, and then on all four 

faces of the column.  

 

5) Amount of dissipative reinforcement 

Marriott et al. (2009) decreased the diameter of the ED bars, but increased the number for a 

greater total area, and found an increase in energy dissipation and residual displacement. 

Guo et al. (2016) similarly found that decreasing the diameter of the ED bars resulted in 

decreases of the energy dissipation and residual displacements. Ou et al. (2007), working in 

terms of ED bar ratios, found that increasing the ratio increased the energy dissipation. 

Further, the bar ratio could be increased with little corresponding increase in the residual 

displacement of the system up to a certain point, ratios above which resulted in a large 

increase in the residual displacement of the system. Palermo et al. (2007) described their 

system in terms of the moment ratio defined in Equation 2-1. In their case, they found that 

increasing the moment ratio from 1.0 to 1.4 resulted in a system with more energy 

dissipation but less residual displacement than that with the smaller ratio. Again, this would 

only be true up to a certain moment ratio value. 

 

6) Material type 

Wang et al. (2008) found that high strength steel was too strong to produce sufficient energy 

dissipation in the system. Roh and Reinhorn (2010a) utilised shape memory alloy bars in 

their study which they found increased energy dissipation and had additional capacity for 

the self-centring of the system. Guo et al. (2016) utilised aluminium bars as energy 

dissipaters, which performed in a similar manner to mild steel in terms of energy dissipation 

and residual deformation but have the advantage of increased corrosion resistance. 

 

7) Alternative energy dissipative devices 

Besides energy dissipaters in the form of bars, steel angles, plates, and shear resistant 

connectors have been used as energy dissipative devices (ElGawady et al 2010; Chou and 

Chen 2006; Kim et al. 2010 respectively). Both the steel plates and angles were placed 

externally to the column and acted as lateral restraints to the system as well as EDDs. This 

configuration only minimally increases the energy dissipation of the system as compared to 

other EDDs, but controls the residual displacement to some extent. The shear resistant 

connectors used by Kim et al. (2010) slightly reduced the lateral strength of the system, 
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although loss of stiffness under loading was reduced. Further, the energy dissipation 

capacity for drift up to 6% showed no improvement upon a specimen without connectors, 

whilst still increasing the residual displacement of the system. 

 

8) Other factors 

Other factors considered included the post-tensioning forces and axial loads, which act as 

self-centring mechanisms according to Equation 2-1. Palermo et al. (2007) show that 

decreasing the initial forces (in terms of the ultimate column strength, 𝑓 ) can decrease 

lateral strength in the system, however, this works in conjunction with the reinforcement in 

the system, as suggested by the equation, such that a balance between the two is required. 

2.4 Computational Modelling of Precast Bridge Systems 

Computational modelling concerning rocking columns, or bridge piers in particular, is limited and 

can be attributed to only a few authors. The focus in the majority of studies is on simplified 

analytical models of the lumped plasticity and multi-spring model type, with some finite element 

studies. 

2.4.1 Simplified models 

A summary of studies on simplified multi-spring and lumped plasticity models for hybrid 

connections is given in Palermo et al. (2005b). Multi-spring models generally use multi-spring 

elements to simulate the contact interface between the rocking element and its base or adjacent 

element, whilst lumped plasticity models can be used where the inelastic behaviour is confined 

within discrete critical sections, with other modelling elements and springs utilised for the 

remainder of the model.  

Roh and Reinhorn (2009; 2010a; 2010b) developed and used simplified multi-spring analytical 

models for the analysis of “pure rocking” reinforced concrete columns. In the 2009 study, the 

simplified model was compared to a 2D finite element model using half cycle and three cycle tests. 

The simplified model produced comparable results to the FE model, however, several simplifying 

assumptions were utilised, and the model accuracy would be expected to decrease with differing 

column parameters, such as slenderness ratios. Limitations of the 2D model are also to be expected, 

with Roh (2007) specifically mentioning problems related to the initiation of rocking in the model. 

Palermo et al. (2007) developed an analytical model of the “hybrid” system in precast, post-

tensioned concrete bridge piers. The lumped plasticity model showed reasonable results when 
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compared to monolithic behaviour, but failed to capture adequate concrete material degradation 

under cyclic loading, or steel behaviour under cyclic loading.  

The main downside of the simplified models can be identified as the inability to accurately model 

concrete damage and behaviour, specifically under cyclic loading. In general, the usage of these 

simplified models can predict limited behaviour of the system with some accuracy, and provide 

advantages in reduced computational cost.  

2.4.2 Finite Element Models 

Few finite element models exist for the modelling of rocking column systems. Most studies focus 

on monotonic behaviour, and, as such are also limited in the area of modelling concrete damage. 

2D FE modelling has been completed by Wang et al. (2008), Kim et al. (2010) and Chou et al. 

(2013). Wang et al. (2008) performed 2D modelling of segmental precast post-tensioned concrete 

bridge piers using the finite element software ABAQUS, using a single reverse cycle loading. They 

achieved mixed agreement with observed experimental results, tending to overestimate the system 

strength. The model performance against more complicated systems with the inclusion of energy 

dissipation bars similarly showed problems capturing material behaviour. Kim et al. (2010) used 

software RCAHEST under full cyclic loading achieving a relatively good fit to experimental results 

but consistently overestimating the system strength. The model also showed deficiencies in 

predicting strength and stiffness degradation, and failed to provide a good estimate for the residual 

displacement of the column. Chou et al. (2013) performed 2D modelling with the software PISA, 

performing a parametric study with ED bars. The model struggled to predict the amount of rocking 

behaviour correctly, hence overestimating strains in the UBPT tendons and ED bars, and limiting 

the applicability of the study. No energy dissipation or residual displacement results were presented. 

Ou et al. (2007) used ABAQUS to develop a more detailed 3D FE model. The model showed good 

agreement with experimental results, but could not adequately represent the concrete degradation 

under cyclic loading.  

Dawood et al. (2012) performed 3D FE modelling of segmental precast post-tensioned concrete 

filled FRP piers also using ABAQUS, validated with previous work. The monotonically-loaded 

model showed significant differences as compared to the experimental results when considering 

higher drift values and pre-damaged specimens. ElGawady and Dawood (2012) used a similar 

model to perform a parametric study. Again, the model was able to simulate the general 

performance of the piers under monotonic loading through the comparison of backbone curves, but 

the model stiffness was over-predicted for higher drift values.  
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The detailed FE models from the literature show a common limitation in the definition of the 

concrete material model utilised. This is evidenced in the difficulty of the models to adequately 

simulate the damage in the model under repeated lateral loading, consistently over-estimating 

damage measures such as model strength and stiffness, and hence the resulting residual deformation 

of the system. As these are key identifiers of performance of the rocking system under seismic 

loading, the application of these models is restricted. A better understanding of the material 

behaviour is required in order to simulate a more accurate representation of the rocking system 

behaviour. 

Besides these limitations, current computational models available in the literature focus on the 

behaviour of a single concrete column or pier, and thus do not take into account the action of the 

remainder of the bridge structure. This has been identified as an area of importance, as the response 

of the superstructure to seismic loading in general needs to be considered, as well as the action of 

the superstructure due to the rocking movement adopted. Thus, although certain macro-models, 

such as the lumped-plasticity and multi-spring models, have shown promise for use in this field, a 

micro-modelling technique such as finite element modelling is necessary in this case, not only to 

accurately depict material behaviour and damage under repeated lateral loading, but also in order to 

fully understand the actions of the entire bridge structure, before simplified models should be 

attempted.   

2.4.3 Material Modelling: Concrete 

Concrete is a nonhomogeneous, nonlinear and anisotropic material, and as such presents difficulties 

in modelling. The behaviour of reinforced concrete elements can be defined by three phases. The 

first is the elastic response phase, where the concrete is as yet uncracked, the second is the phase 

where the concrete cracks and some unrecoverable plastic response is seen, and the third is the 

completely plastic phase which is characterised by the crushing of the concrete and yielding of the 

steel reinforcement. When considering the modelling of concrete behaviour, all these phases must 

be considered in order to accurately depict its actions, with the nonlinear plastic phases the most 

difficult to define. The three phases of concrete behaviour in compression are shown in Figure 2-14. 



30 
 

 

Figure 2-14: Three phases of load-deflection behaviour of reinforced concrete (Chen 1982) 

Historically, concrete material models have been defined by either linear elasticity, nonlinear 

elasticity, perfect plasticity, or work-hardening plasticity. Representing concrete behaviour using a 

linear elasticity model, despite its obvious shortcomings, is still one of the most commonly used 

methods in the literature, and has been proven to be fairly accurate when dealing with structures 

such as beams and shear walls which are characterised by sudden brittle tensile failure, thereby 

avoiding the plasticity shown by concrete in compression. Improvements upon the behaviour 

predicted by this model can be made by assuming nonlinear elasticity, or hyper/hypo-elasticity, 

which are widely used for nonlinear analysis of reinforced concrete structures. These models are 

unable to represent plasticity, and hence are suited only for singular monotonic loading in their base 

definition. Perfectly plastic concrete definitions assume that once yielding, concrete behaves in a 

ductile manner until fracture or complete crushing. Generally this assumes linear elastic behaviour 

before yield and after fracture, with a plastic stress-strain description in between, which does not 

allow changes of permanent strain under constant stress i.e. strain hardening does not occur, and the 

material does not offer resistance to deformation. Work-hardening plasticity, on the other hand, 

does allow changes in permanent strain under constant stress. This model defines an initial yield 

surface, any behaviour within which may be defined as linear elastic. Once this yield surface is 

reached, a subsequent loading surface is defined combining both perfect plasticity and work 

hardening, which replaces the initial surface. Within this loading surface, no additional plastic 

deformation occurs until the surface is reached, at which stage, if further straining occurs, another 

new surface is defined encompassing further irrecoverable deformation. Several surfaces may be 

defined in this way until a failure or crushing surface is reached (Chen 1982). A representation of 

this work-hardening failure surface may be seen in Figure 2-15. This concrete constitutive model is 

viewed as a good representation of the elastoplastic stress-strain behaviour of concrete in 

compression, however, does not consider any strain-softening behaviour.  
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Figure 2-15: Loading surfaces for a work hardening plasticity model for concrete behaviour (Chen 1982) 

If concrete is unloaded after undergoing significant plastic deformation, the unloading curve will 

show nonlinearities and permanent plastic strain. Depending on how much permanent damage has 

occurred, significant changes in stiffness and strength may be observed upon reloading. Further 

reloading and unloading cycles result in a characteristic hysteresis loop, such as that shown in 

Figure 2-16. These nonlinearities would be taken into account with the definition of a work 

hardening model, and to a limited amount in a perfectly plastic model, but additional unloading and 

reloading criteria would have to be added to the linear elastic and nonlinear elastic models in order 

for this behaviour to be exhibited. 

 

Figure 2-16: Stress-strain curve of concrete undergoing repeated loading and unloading behaviour (Chen 1982) 

The confining effect of reinforcement also needs to be taken into account when specifying a 

material model for concrete. The above models represent only the behaviour of the concrete in a 

uniaxial stress state, and do not take into account the biaxial or triaxial stress states induced by 

reinforcement. When considering compression in concrete the transverse reinforcement provides 

the confinement mechanism, increasing the strength and ductility of the concrete through crack 
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resistance. Thus, when considering this effect, the stress-strain relationship of the concrete itself 

must be defined, as well as the relationship of the confining reinforcement. Richart et al. (1929) 

presented one of the first models of confinement based upon tests of concrete including volumetric 

confining stresses. The tests (Richart et al. 1928; cited in Chen 1982) clearly showed increasing 

strength and ductility with increasing confinement stresses, as displayed in Figure 2-17. 

 

Figure 2-17: Stress-strain curves of triaxial compression tests of concrete (Richart et al. 1928; printed in Chen 1982) 

The tensile strength of concrete is often considered to have a negligible effect on the behaviour of 

concrete for design purposes. However, in elements where considerable tensile cracking is 

expected, and the determination of accurate strength behaviour is necessary, a stress-strain 

relationship and failure criteria for concrete in tension should be specified. This is generally defined 

with a linear, or near-linear, curve, followed by a steep softening curve to zero strength. The steep 

softening is indicative of the sudden brittle failure that characterises concrete behaviour in tension 

due to the formation of large cracks.  

A full representation of the behaviour of concrete, showing work hardening behaviour and softening 

in compression, as well as brittle failure in tension is shown in Figure 2-18. 
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Figure 2-18: Full uniaxial stress-strain curve representing concrete behaviour in compression (Chen 1982) 

2.4.3.1 FE Modelling of Concrete 

In order to fully understand the behaviour of concrete numerically, three-dimensional modelling of 

the material needs to incorporate several features of its nonlinear response under loading, such as 

crushing in compression and cracking in tension. For these reasons, much research has focused 

upon the best way of modelling the complex behaviour of concrete, and modern finite element 

software includes various built-in constitutive models for the definition of concrete and its 

behaviour. These models generally include a mechanism for the behaviour of both compression 

crushing (plastic behaviour) and tensile cracking – these having been identified as the two main 

areas of failure in concrete.  

The steel reinforcement in these models can be modelled either using discrete link or beam 

elements, which are embedded into the concrete elements, or the behaviour of the reinforcement 

may be “smeared” over the volume of each element. Modern FE software allows the reinforcement 

to be defined together with the concrete, such that separate modelling does not need to be 

performed and the “smeared” approach is used to define the “reinforced concrete” material. This 

approach is acceptable if the effects of bond between steel and concrete are not being taken into 

account. It is modelled as an additional smeared stiffness distributed through an element in a 

specified orientation. The use of beam elements would allow the internal reinforcement to develop 

shear stresses but as these elements are linear in ANSYS, no plastic deformation of the reinforcement 

is possible. The smeared stiffness and link modelling options allow the elastic-plastic response of 

the reinforcement to be included in the simulation at the expense of the shear stiffness of the 

reinforcing bars. 
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The mentioned studies from Wang et al. (2008), Ou et al. (2007) and ElGawady and Dawood 

(2012) all adopted such a model, known as “concrete damaged plasticity” in the FE software 

ABAQUS, for the concrete definition in their studies of rocking columns. ABAQUS utilises two 

different models for the representation of reinforced concrete. The first is the “smeared cracking 

model”, which assumes that tensile cracking is the prevailing behaviour of the system. Besides 

being largely unsuitable due to the absence of compressive behaviour, this model is suitable for 

monotonic loading only, and is highly sensitive to the post-failure “tension stiffening” parameter. 

The “concrete damaged plasticity” model has the appearance of being more robust, however, the 

parameters used are numerous and material definition complex. This may have limited its 

application as few 3D finite element models have utilised this model – particularly for cyclic or 

seismic loading. Those adopting this model with cyclic loading generally show results with some 

inconsistencies when compared to those from experimental studies, specifically in terms of strength 

and stiffness degradation and accumulated damage as in Ou et al. (2007). 

Other finite element software packages such as ADINA present similarly generally accepted 

concrete models, which are likewise not wholly suitable to model the full behaviour of concrete. 

2.4.3.2 Reinforced Concrete in ANSYS 

The SOLID65 element is an element in ANSYS dedicated to the modelling of reinforced concrete. It 

is an 8-node 3D structural solid element with the added capabilities of tensile cracking in three 

orthogonal directions and crushing in compression. Reinforcement may either be defined discretely, 

by specifying the reinforcing bars separately with a 3D spar element, or by utilising the method of 

smeared concrete which is defined through the SOLID65 element as real constants. The smeared 

concrete method takes into account the properties and geometry of the reinforcement, and averages 

the effects of the reinforcement over the concrete body. 

The SOLID65 element has been used by many researchers for FE modelling of concrete, with 

different material models and hence varying results. The cracking and crushing capabilities of the 

element are defined by a failure surface based upon the William-Warnke failure criteria (ANSYS 

Inc. 2011), assuming linear stress-strain behaviour to either the maximum tensile or compressive 

stress specified. After the failure surface has been reached, the element stresses are reduced to zero, 

with the element effectively eliminated, and with no capacity for softening behaviour. The 

assumption of a linear stress-strain relationship, and the absence of softening behaviour mean that 

the element, utilised alone, is inadequate to represent the nonlinear behaviour of concrete in a 

complex model, such as one required for a full analysis of structural performance under cyclic 

loading. 
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Barbosa and Ribiero (1998) performed several simple analyses on a uniformly loaded simply 

supported reinforced concrete beam. Whilst utilising the SOLID65 element for all analyses, changes 

such as the removal of the element’s crushing capability, and the addition of a second nonlinear 

material definition were included. The results show large deficiencies in the unaltered SOLID65 

model soon after service load is reached, which result in premature failure of the system, and an 

unconverged solution. The addition of an elastic-perfectly plastic model, with the ANSYS definition 

of the Drucker Prager yield criterion, similarly led to premature failure. The model with the most 

accurate results utilised an elasto-plastic model with work hardening in compression and a von 

Mises yield criterion. Furthermore, it was found that defining the crushing option in the element 

also led to premature failure, and results were more accurate when providing a tensile cracking limit 

only. Other researchers have detailed similar findings and likewise demonstrated the effectiveness 

of a model including SOLID65 without the crushing mechanism and the inclusion of a second 

nonlinear concrete model. Kachlakev et al. (2001) utilised an elastic-perfectly plastic model when 

modelling reinforced concrete beams, Wolanski (2004) a multilinear isotropic model based upon 

the work of Kachlakev et al., and Mohyeddin (2011) conducted a similar material model study to 

Barbosa and Ribiero, and showed the clear advantage of the combination of a von Mises yield 

criterion and a nonlinear stress-strain model in conjunction with SOLID65 without defining the 

William-Warnke failure surface in compression (crushing). 

A comparison of different failure surfaces for concrete, as utilised by Mohyeddin (2011) is shown 

in Figure 2-19. The basic William-Warnke failure criteria is illustrated, together with the well-

known von Mises failure criteria, and that of Lofti and Shing (1991), originally developed for 

masonry but extensively used for application to reinforced concrete, which is based upon the von 

Mises failure criteria together with a tensile cut-off. Also shown is the European design standard for 

concrete (CEB FIP), which can be seen to be more conservative than the alternative models. When 

combining nonlinear material models with that of the SOLID65 element, in the most successful 

iteration as identified above, the failure surfaces combine that of William-Warnke and von Mises, to 

produce a failure surface closer to that defined by Lofti-Shing (Mohyeddin 2011). 

The shear behaviour of concrete is also defined in ANSYS to include the amount of shear transferred 

across cracks. These cracks are calculated solely based on the defined tensile strength, with the 

open or closed status of a crack based on a strain value known as the “crack strain”. Two 

coefficients are defined for each of a closed and open crack, with the coefficients ranging from 0, 

which represents a smooth crack with complete loss of shear transfer, to 1, which represents a rough 

crack with no loss of shear transfer. These coefficients differ widely in the literature, but it is 

generally accepted that a closed crack should have a coefficient near 1, whilst the coefficient for 
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open cracks may require some trial and error in order to determine model and convergence 

sensitivities (Mohyeddin 2011). 

 

Figure 2-19: Different failure surfaces for plane stress in concrete (Mohyeddin 2011) 

In terms of confinement due to typical steel-reinforced concrete, multiple models have been utilised 

to define the increases in strength and strain typically seen in practice. The use of a concrete 

material model to predict these increases is only necessary in models in which the smeared crack 

approach has been used for the definition of the steel reinforcement. In studies such as that by Ou et 

al. (2007), the physical modelling of the transverse steel reinforcement is thought to provide the 

necessary lateral confining pressure to replicate the reinforced concrete behaviour. Richart et al. 

(1929) defined one of the first models for concrete confinement, with other popular models 

including those of Kent and Park (1971; utilised by Mohyeddin 2011), and Mander et al. (1988; 

utilised by Booker 2008; Kim et al. 2010; Chou et al. 2013). 

2.4.3.3 FRP Confined Concrete 

The built-in concrete constitutive models in finite element software such as ABAQUS and ANSYS 

may also be used for the representation of FRP confined concrete. However, the FRP wrapping now 

replaces the action of the traditional steel reinforcement, and the changes in the system behaviour 

must be accounted for. 

Steel provides an active confinement mechanism which activates a constant confinement pressure 

on concrete columns, whereas FRP wrapping acts as a passive confinement mechanism. It behaves 

elastically up to failure and hence exerts an increasing confining pressure on the concrete core. As 

axial loading is added, the concrete dilates laterally, which activates the confining pressure of the 

FRP, and increases the strength and ductility of the concrete. The action in the concrete is 
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dependent upon the continually varying confining pressure introduced by the FRP, and a 

relationship between the axial strain in the concrete to that induced laterally is the main challenge of 

differentiating between the active confinement mechanism of steel and the passive mechanism of 

the FRP. 

As with steel confinement, when considering the modelling of confined concrete, the constitutive 

model used to represent the concrete must firstly be taken into account, and secondly, the method of 

defining the new stress-strain curve of the concrete due to effects of the FRP confinement must be 

considered. 

Drucker-Prager plasticity is a widely used constitutive model for materials such as concrete, soil 

and rocks, and can take into account the volumetric plastic strain of the material by considering its 

sensitivity to pressure. It has been frequently adopted for use in finite element models of confined 

concrete (Mirmiran et al. 2000; Karabinis and Rousakis 2002; Koksal et al. 2009), and may be used 

in conjunction with a built-in concrete element, such as SOLID65 in ANSYS (Mirmiran et al. 2000). 

However, Mirmiran et al. (2000) noted that the Drucker-Prager model could not capture all aspects 

of the response of FRP confined concrete. Furthermore, since the Drucker-Prager model assumes 

elastic-perfectly plastic behaviour, no strength or stiffness degradation is possible when subjecting 

the system to cyclic loading. For this reason, the authors recommend using a kinematic hardening 

rule for modelling degradation under cyclic loading. 

Other approaches include using an isotropic hardening rule with a Mohr-Coulomb yield criterion 

based on the concrete hydrostatic stress (Parvin and Wang 2001), or simply using the built-in 

“concrete damaged plasticity” model in ABAQUS (Elgawady and Dawood 2012), as discussed 

previously. 

When considering the confinement effect due to the FRP, there are several methods available for 

taking this into account. Most of these models are based upon adaptations from steel-based 

confinement models, or developed to correspond with specific experimental data. 

The Mander et al. (1988) model is an example of a confinement model traditionally used to take 

into account concrete confinement due to steel, but has been used extensively for FRP confinement 

with some modifications. Saadatmanesh et al. (1994) used the Mander et al. (1988) confined 

concrete model for reinforced concrete columns strengthened with FRP straps. Mirmiran and 

Shahawy (1996) and Spoelstra and Monti (1999) also utilised the Mander et al. (1988) model with a 

suggested modification of an iterative procedure in order to better account for the passive 

confinement effects of the FRP as compared to active steel confinement. Other researchers have 
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similarly based their confinement model on the Mander et al. (1988) approach such as Fam and 

Rizkallah (2001), Chun and Park (2002) and Harries and Kharel (2002) (all cited in Teng and Lam, 

2004). 

Other steel-based confinement models include that by Richart et al. (1929), which has been adapted 

and used by Koksal et al. (2009) and comparatively in Mirmiran et al. (2000). 

Design-based models mainly include simple bi-linear models based on experimental results, such as 

that suggested by Nanni and Bradford (1995) and later used by others such as Xiao and Wu (2000). 

Lam and Teng (2003) collated experimental results from multiple sources and suggest using a 

parabolic curve to take into account the effect of FRP on the nonlinear response of concrete before 

the transition point. This initial parabolic curve is also suggested by Youssef et al. (2007). 

Samaan et al. (1998) suggested a model based specifically upon the actions of FRP, with the most 

significant difference over steel-based models being the variation of the confinement effectiveness 

parameter with lateral pressure. In steel-based confinement models, this parameter is kept constant. 

This model was used by Elgawady and Dawood (2012) and showed reasonable agreement under 

monotonic loading, although strength was consistently overestimated. 

Models relating to the cyclic loading of FRP confined have been developed by Shao et al. (2006) 

and Lam and Teng (2009). These methods consist of some iteration of the previously established 

stress-strain models for monotonic loading, plus provisions for cyclic loading, including loading 

and unloading curves, plastic strains, and allowances for stiffness and strength degradation. These 

models are based upon experimental data, both from the author’s themselves and from a wider base, 

and show some promise for predicting the behaviour of FRP confined concrete under cyclic 

loading. The models remain largely untested, however, and the complexity of the unloading and 

reloading curves would make it difficult to apply to finite element modelling.  

2.4.3.4 Softening Models for Concrete 

When considering utilising FRP confined concrete in a rocking column model, some additional 

actions need to be considered. Firstly, since the system is to remain elastic, allowing for the rupture 

of the FRP becomes less important. Secondly, besides the confinement provided to the concrete by 

the FRP, potential damage to the concrete caused by the rocking motion should also be accounted 

for. This introduces a problem due to the necessity to combine the hardening model used for the 

FRP confinement effect, and a damage model to account for any damage at the base of the column. 

In particular, if a good estimate of the residual drift of the system is required then the damage in the 

column has to be well represented under repeated lateral or cyclic loading. 
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The Ou et al. (2007) model, as mentioned, could not accurately show stiffness degradation in the 

column under cyclic loading, and hence could not reliably predict a residual displacement in the 

system for the rocking column. The Elgawady and Dawood (2012) model, which specifically deals 

with the application of FRP and rocking, showed over-estimations of strength and stiffness in 

backbone curves due to monotonic loading.  

Although generally accepted that it is necessary to include some form of compressive strength 

reduction to accurately model the behaviour of reinforced concrete, many models exist in the 

literature and there is some disagreement as to the amount of damage that occurs post-yield, and 

whether this damage may be attributed to tension- or compression-softening. Some variation of the 

classical plasticity theory is generally used with reinforced concrete, essentially consisting of a yield 

criterion, a flow rule, and a hardening or softening rule, which is specifically important for use in 

repeated lateral loading. Both the Mohr-Coulomb and Drucker-Prager yield criterion have been 

used to represent concrete numerically (as detailed previously), however these require some 

modification or additional rules to fully represent experimental results, as suggested by reinforced 

concrete researchers such as Lubliner et al. (1989), and shown numerically in the case of FRP-

confined concrete by Mirmiran et al. (2000). 

The Hognestad parabola (Hognestad 1951), and variations thereof, has been used as a 

representation for concrete material consistently since its introduction by numerous researchers, and 

the modified version shown in Figure 2-20 is commonly used in teaching and practice for concrete 

strengths up to around 40 MPa. Two other commonly used models are that of Todeschini et al. 

(1964), which is popular in analytical studies due to its simple parabolic form, and that of 

Thorenfeldt et al. (1987), typically applied to high strength concrete (Wight and Macgregor 2009). 

 

Figure 2-20: Modified Hognestad stress-strain curve for concrete in compression (Wight and MacGregor 2009) 
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Vecchio and Collins (1993) investigated the compressive strength reduction in cracked reinforced 

concrete structures. Test data was used to compare the authors’ suggested numerical models and 

those suggested by others. The models are based upon the use of the Hognestad parabola, which 

involves the use of a softening parameter which is a function of the ratio of the principal tensile 

strain to principal compressive strain. The model suggested by the authors, including allowances for 

both stress and strain softening, showed the best correlation to experimental results. This study was 

also related to those presented in Vecchio and Collins in 1981 and 1986, and was part of a new 

understanding of softening behaviour in concrete beginning with Vecchio and Collins (1981; cited 

in 1986) and producing several varying analytical models for the description of softening behaviour 

by various authors using the Hognestad parabola as a base curve for the compressive response of 

concrete (Mo 2002). 

Some softening behaviour has been utilised in the modelling of FRP-confined concrete, under the 

premise that strain-softening will occur if the level of confinement is below that of the threshold 

confinement level. An example of this would be a small amount of FRP utilised in retrofitting 

columns for ductility purposes under seismic loading, where the amount of FRP applied is not 

enough to significantly increase the compressive strength of the column. This is rarely taken into 

account, however, as it is generally assumed that the threshold confinement level will be exceeded 

and strain-hardening will occur. This is the behaviour considered in all the papers reviewed 

previously for FRP-confined concrete models. Teng et al. (2009) followed on from their previous 

studies (Lam and Teng 2003), by utilising their previous model with the addition of a linear post-

peak descending branch to represent strain softening, terminating at a strain of 0.0035 at 0.85f’c. 

Both the ascending curve and the descending linear curve of this model were based upon 

Hognestad’s parabola. Li et al. (2003) also used Hognestad’s parabola to define a similar model 

with a descending linear softening branch, whilst Wu et al. (2006) simply defined ultimate 

parameters for the definition of softening, and Binici (2008) utilised a bilinear model based upon 

the Lam and Teng (2003) model. 

ANSYS currently does not have any built-in constitutive models for dealing with stress-strain 

softening. Current recommendations on support sites such as xansys.org include utilising the 

Drucker-Prager plasticity model or the command “EKILL”. The Drucker-Prager model has been 

deemed inadequate for the current study as per the literature presented, whilst the “EKILL” 

command does not appear to be widely used for reinforced concrete, with some describing the 

simulation response as unstable, as the command essentially reduces element stiffnesses to zero. 

ANSYS (2011) recommends using the command only for linear elastic materials. The modified 

models, such as those mentioned above, while providing some softening behaviour, tend to reach an 
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ultimate strain with little material degradation. The modified Hognestad curve as shown in Figure 

2-20, for example, can be seen to terminate as just 0.85f’c. For numerical purposes, and the stability 

of the numerical simulation, a more sustained decrease in strength is necessary, without a sudden 

strength termination, such as would be seen with the “EKILL” command, or in the case of these 

limited softening curves. Further, although some softening behaviour models have been detailed for 

the use of FRP-confined concrete, it should be noted that in the current case, due to the rocking 

motion of the column and the inherent elasticity of the system, the base of the column is the only 

region susceptible to concrete crushing. It is thus debatable whether this region is truly confined or 

acts more similarly to unconfined concrete. 

2.4.4 Material Modelling: FRP 

FRP is a linear elastic anisotropic material and may be modelled using either a solid or shell 

element with different material properties in each of three orthogonal directions. Similarly, the FRP 

may be modelled using either an element capable of simulating layers, or by modelling a single 

layer with prescribed thickness. The concrete-FRP bond may be modelled with a glue or epoxy type 

material or through the use of contact elements if delamination is under consideration (Parvin and 

Wang 2001; Issa et al. 2009; Elgawady and Dawood 2012), or a perfect bond is assumed 

(Kachlakev et al. 2001; Teng et al. 2015). 

Mirmiran et al. (2000) used a linear elastic shell element to model the FRP. The element was 

modelled as a single layer, and with orthotropic material properties. In order to limit the action of 

the FRP to confinement only, the elastic modulus in the axial direction was set close to zero. 

Similar approaches are used consistently in the literature for both shell elements (Parvin and Wang 

2001; Teng et al. 2015), and solid elements (Elgawady and Dawood 2012; Issa et al. 2009; 

Kachlakev et al. 2001) for the simulation of the FRP. 

There does not appear to be a significant advantage in using either a shell or a solid element for the 

simulation of the FRP in this case. Detailed examinations of delamination, FRP-concrete surface 

interaction, or studies of the effects of increasing the number of layers of FRP may result in one 

method of simulation being more suitable. 

2.4.5 Material Modelling: UBPT 

The UBPT bar may be modelled using solid elements, or by using the commonly adopted 

reinforcement modelling method of spar or truss elements (in 2D: Wang et al. 2008; Kim et al. 

2010; Chou et al. 2013; in 3D: Ou et al. 2007; Elgawady and Dawood 2012). The material may be 

represented by the classic metal plasticity model, with a bilinear definition.  
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Prestress actions in reinforced concrete may be modelled in two ways. The first is to model 

prestressing tendons, and apply an initial strain to these elements, whilst the second is to calculate 

the prestress effects on the model and apply these via external loading (ANSYS Inc. 2011). For 

physically modelled tendons, the elements may be treated similarly to traditional reinforcement. In 

the case of bonded tendons, a perfect bond may be simulated by merging the concrete and tendon 

nodes, whilst in the case of unbonded tendons, a coupling method may be used, such that the 

movements of the tendon and the concrete are integrated. 

2.4.6 Modelling of Energy Dissipative Devices 

2.4.6.1 Mild Steel 

The mild steel bars may be modelled in the same way as conventional steel reinforcement, with the 

same material model. Further, the internally placed bars may be unbonded or bonded using the 

same methods as the conventional steel reinforcement and the UBPT, that is, by either merging the 

bar and concrete nodes for bonded construction, or coupling the nodes for unbonded construction. 

An example of the 3D modelling of mild steel dissipative bars may be seen in Ou et al. (2007). 

2.4.6.2 Shape Memory Alloys 

Besides utilising steel reinforcement, the use of SMA (shape memory alloy) bars has been shown to 

be beneficial for use under seismic conditions. A defining characteristic of SMA is its 

superelasticity which allows it to withstand large plastic deformations, whilst returning to its 

original state upon unloading. This material is thus well suited to situations in which minimising 

residual deformation due to seismic loading is an important performance factor. SMA materials 

have also demonstrated large damping capacities which further improve their suitability for seismic 

applications.  

The use of SMA materials falls into two main categories. Active control, which is based upon the 

shape memory effect of the material occurring due to temperature induced transformation from the 

austenite to the martensite phases of the material, has structural applications such as the use of 

actuators for control of vibration. Passive control is based upon the superelasticity or 

“pseudoelasticity” of the material, which can either remain in the austenite phase of the material, or 

undergo stress-induced phase transformation. The austenite phase of the material has been shown to 

provide the strong self-centring characteristics of the material, whilst the martensite phase shows 

the large energy dissipating capacity (Saadat et al., 2002). A detailed literature review of the use of 

SMA materials in both active and passive control capacities has been completed by Saadat et al. 

(2002).  
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Roh and Reinhorn (2010a) presented the use of SMA as internal dissipaters in a rocking system, 

testing segmented PT RC columns, and showing the potential of the material to increase the energy 

dissipation of the system whilst minimising residual deformation.  

Based upon the applications of SMA materials, most commonly as bars or wires, uniaxial or one-

dimensional models for their representation have been proposed and utilised by numerous 

researchers. A stress-strain model used to simulate the hysteretic behaviour of SMA was suggested 

by Graesser and Cozzarelli (1991), based upon a previous model developed by Ozdemir (1976; 

cited in Graesser and Cozzarelli 1991). The proposed model follows an idealised flag-shaped 

hysteretic behaviour similar to that in Figure 2-21, and showed good agreement with experimental 

results for superelastic behaviour. 

Other models have furthered the work of Graesser and Cozarelli (1991) (Wilde et al., 2000), or 

suggested models based upon experimental results for SMA reinforced concrete columns (Saiidi 

and Wang, 2006). Roh and Reinhorn (2010a) suggested the use of a multiple-spring model for the 

representation of the hysteretic behaviour of SMAs with their previously presented analytical model 

for the simulation of rocking columns (Roh, 2007).  

Finite element modelling of SMA materials is based upon the constitutive models developed by 

Auricchio (2001), with FE software packages such as ANSYS and ABAQUS adopting various 

iterations of this model. The Auricchio (2001) model is a three-dimensional representation of the 

superelastic behaviour of shape-memory materials under large strains. The shape memory effect is 

based upon further works (Auricchio et al. 1997; Auricchio and Petrini 2005; Souza et al. 1998; all 

cited in ANSYS Inc. 2011). 

3D FEM of structures using SMA is limited, but the modelling of SMA reinforcement has been 

completed by Alam et al. (2008; 2009) and Billah and Alam (2011) with satisfactory results. 

The SMA bars may be modelled in the same way as the steel bars, and the ANSYS model for 

superelasticity utilised for the material definition. 

2.5 Earthquake Loading 

In terms of the effects earthquakes have on structures, they may be characterised as a function of the 

structure site to earthquake source distance, into two main groups known as near-field and far-field 

earthquakes.  

With regard to near-field earthquakes, the ground motion of most concern produces short-duration 

large-velocity pulses, examples of which have been seen in the Northridge, Kobe and Chi-Chi 
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earthquakes. Such earthquake pulses mean that structures would have to absorb and dissipate a 

large amount of energy in a short space of time (with few large yield cycles of hysteresis), leading 

to large ductility demands. 

Far-field earthquakes, on the other hand, are characterised by the long duration of ground motions 

and large number of cycles. This means that, due to the accumulation of plastic deformations, the 

ductility capacity of the structure is greatly reduced. Far-field earthquakes are also very sensitive to 

site soil conditions. 

Peak ground acceleration has historically been used to determine the severity of an earthquake. 

However, as can be identified in the differences between the near-field and far-field ground 

motions, this parameter alone cannot determine the damage which an earthquake may cause to a 

structure. As such, earthquakes in both site-source categories should be used to explore the 

behaviour of the bridge with rocking columns.  

2.5.1 Earthquake Time-Histories for use in Analysis 

General practice in selecting and utilising earthquake time history data for use in simulations or 

experiments is largely dictated by the seismic hazard or design ground motions available for the site 

of interest. Little guidance is given in design codes as to the selection or application of records, but 

the guidelines given enforce the usage of records based upon the site conditions or expected 

seismicity. The code stipulations require that for three-dimensional analysis, the mean acceleration 

response spectrum of the ground motion should be not less than 1.3 times that of the design 

spectrum assuming 5% damping, and should fall between the periods of 0.2T and 1.5T, where T is 

the fundamental period of the structure assuming linear elasticity. It is also stipulated that a 

minimum of three ground motions be used for all analysis (e.g. ASCE 2006). 

Ground motions are thus typically scaled in some way in order to match the response spectrum for 

the motion to the given target spectrum, which is normally related to the seismic hazard of the area 

or the particular site conditions. This is commonly done by scaling the motions to a nominal value 

of peak ground acceleration (PGA). However, this approach may result in inaccuracies in other key 

performance parameters of the ground motion, as this method does not guarantee the correct motion 

intensity - the severity of the ground motion also relies upon the motion’s frequency content, the 

duration of shaking and how much energy is imparted to the structure. This may lead to a large 

scatter in analysis results which could result in significant bias and uncertainty in these results 

(Kurama and Farrow 2003). Methods and code guidelines for the scaling of ground motions can be 

seen to depend only on the fundamental period of the structure, independent of any further 

structural properties, such as strength. This may then be problematic if higher vibration modes are 
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excited. Furthermore, the methods predominantly used are assumed for application to linear elastic 

behaviour only, and do not consider inelastic response. Other methods have been suggested for the 

purpose of scaling ground motions (Kurama and Farrow 2003; Kalkan and Chopra 2010), but no 

generally accepted method exists. 

When it comes to the selection of ground motion records for usage in simulations or experiments, 

currently most literature does not state why the records used in the respective studies were chosen. 

There also does not seem to be any attempt to choose records based upon the structure properties 

themselves in order to gain a full understanding of the structural behaviour under seismic loading. 

In some cases, it is stated that the ASCE (2006) guidelines for scaling the records are used, as 

outlined above, but no other guidelines for using response histories in analyses is given. This is 

similar or the same in other seismic building codes (e.g. Eurocode 8: cited in Iervolino et al. 2006; 

International Building Code, IBC; California Building Code, CBC: both cited in Kalkan and Chopra 

2010). 

Some literature has touched upon the lack of guidelines for the selection of ground motions. 

Bommer and Acevedo (2004) completed a comprehensive review of global standards in this area, 

and found little to no guidelines for the use of time histories in dynamic analysis in the code 

documents. They also presented a method for selecting ground motions based largely upon site 

conditions, distance from earthquake epicentre, and motion magnitude. Douglas (2006) explored 

selection methods for ground motion records by studying the papers submitted as “state-of-the-

practice” to a recent earthquake engineering conference. It was found that the current selection 

practice is not consistent (in some cases one ground motion record was chosen, whilst in others 

three or more), and in many cases the reasoning behind the choices was not given. Further, 

reporting on the ground motion characteristics was frequently done incorrectly, and in some cases 

the ground motion source and site were not reported at all. Generally, however, the ground motions 

are chosen based on their geographical location or seismic hazard. The author goes on to propose a 

method of selection based firstly on the seismic hazard of the region, and secondly upon strong-

motion parameters such as magnitude (or amplitude), distance from epicentre, and duration. Kalkan 

and Chopra (2010) also present a method for selection and scaling of ground motions based upon 

the hazard conditions for a given site e.g. magnitude range expected, site condition, distance from 

epicentre. Their scaling method may also be used for nonlinear analysis.  

2.5.2 Factors for Selection of Ground Motions 

The severity of an earthquake is often merely attributed to the value of the PGA, and hence scaling 

of the ground motions, as detailed above, is widely used. However, the ground motions may also be 
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defined by the frequency content, the duration of shaking, how much energy is imparted to the 

structure, the distance from the earthquake epicentre, and the properties of the fault (Douglas 2006; 

Moustafa and Takewaki 2012). 

The structure’s properties also play a large role in how the structure responds to the earthquake 

ground motions. Structure mass, natural frequencies, damping, ductility and geometric 

configuration are all examples of these structural properties (Moustafa and Takewaki 2012). 

As the current study is not concerned with the behaviour of the structure at a certain location, but is 

interested more in the overall behaviour of the bridge incorporating a rocking column, it is not seen 

to be necessary to include any factors reliant on the seismic hazard of a region, or any specific local 

soil conditions at this stage. This effectively precludes the chosen ground motions from undergoing 

the scaling methods set out in the current code requirements (as detailed) for a specific site response 

spectrum. 

Given the fact that the model has been constructed in detailed three-dimensional finite elements, in 

order to get a more accurate picture of the bridge behaviour, it is not computationally efficient to 

run simulations with many different earthquake time histories. Hence, it is necessary to choose the 

ground motion time histories which will be used with careful consideration of their characteristics, 

and how they may affect the bridge structure. Thus, the following aspects of the ground motions 

may be considered in the selection process: 

 Magnitude/Amplitude: the effects of the rocking motion on the bridge superstructure are of 

interest, thus larger magnitude earthquakes are utilised for the current study to facilitate the 

development of this action. The moment magnitude (M) is the current standard for 

determining the size of an earthquake in terms of energy released. Energy released can also 

be measured using the seismic moment parameter. This is based upon the area of the fault 

rupture, the average amount of slip, and the force required to overcome friction between the 

rocks in the fault offset by the sliding. Seismic moment may be calculated from the 

amplitude spectra of seismic waves (United States Geological Survey). 

 

 Frequency content: this may be ascertained from the response spectrum of the motion. Near-

field pulse-like earthquakes generally have a narrow field of frequency, and result in large 

displacement pulses. Earthquakes of higher magnitude tend to have a wider frequency range. 

 

 Duration: earthquakes of longer duration may impart more energy to the structure. The 

significant durations D5-95 and D5-75 are related to the Arias Intensity, and record the duration 
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of the ground motion up to 95% and 75% of the intensity respectively. This duration 

measure gives an effective representation of the most significant portions of the ground 

motion in terms of time, hence gives a measure of the amount of expected damage.  

 

 Number of cycles: this will affect the amount of energy delivered to the structure in a given 

time-frame. A large amount of energy in a small amount of time e.g. in near-field pulse-like 

earthquakes, will result in high ductility demands, whereas more energy may also be 

delivered over more cycles, which would show how the structure responds to sustained 

loading.  

 

 Predominant period: this may be defined as the period at which the maximum spectral 

acceleration occurs in an acceleration response spectrum considering 5% damping (Rathje et 

al. 1998). 

 

 Distance from epicentre: as detailed, near-field and far-field earthquakes are expected to 

affect the structure differently. The period of the motion will increase with increase in 

epicentral distance. 

 

 Site conditions where earthquake was recorded: rock sites will provide little amplification to 

ground motions, whereas softer sites may result in larger forces transferred to structures. 

Shear wave velocity is used to determine the behaviour of the soil in the subsurface, and is 

reported for the top 30m using parameter VS30. 

2.6 Effects of Pounding in Bridge Structures 

Damage in bridge structures due to pounding actions is generally considered to be the most 

common form of damage to superstructures under seismic loading. Pounding occurs between bridge 

deck segments, or between the bridge deck and the abutments due to differences in the relative 

displacement of these elements. Conventional bridge expansion joint gaps are usually too small to 

avoid the occurrence of this behaviour, and pounding between deck spans, and other problems due 

to relative displacements, such as deck unseating, have been observed in many major earthquakes, 

for example the Northridge earthquake in 1994 (Housner and Thiel 1995), the Kobe earthquake in 

1995 (Kawashima and Unjoh 1997), the Wenchuan earthquake in 2008 (Zhiqiang and Lee 2009), 

the Chile earthquake in 2010 (Schanack et al. 2012), and the Christchurch earthquake in 2011 

(Chouw and Hao 2012) . Damage may include local spalling of concrete, as well as increased 

superstructure demands, and possible increases in moment and shear force demands in the bridge 



49 
 

piers. Figure 2-22 illustrates typical occurrences of pounding damage between deck span expansion 

joints (a), and between span and abutment (b). 

 
 

(a) (b) 

Figure 2-22: Pounding damage of the Santa Clara River Bridge after the 1994 Northridge earthquake. Damage shown 
in (a) deck span expansion joints and (b) span-abutment area (Moehle and Eberhard 2000). 

Investigations into pounding behaviour have been performed by numerous researchers. Generally 

pounding has been found to dependent on the “seismic gap”, or bridge expansion joint gap, with the 

smallest pounding responses expected for small gaps, or gaps which are large enough to prevent 

pounding altogether (Jankowski et al. 1998; 2000). Further factors of importance are the period 

ratio of the respective elements and the characteristic period of the ground motion itself (DesRoches 

and Muthukumar 2002), either of which may cause the differential relative displacements, or out-

of-phase vibrations, of the adjacent elements which lead to pounding behaviour. These factors 

influence both the response of the bridge superstructure and substructure, with researchers 

presenting differing results as to the influence of pounding on the overall behaviour of the bridge 

structure. Whilst numerous researchers report increased moment and shear forces in the bridge 

substructure due to pounding (Jankowski et al. 1998; DesRoches and Muthukumar 2002; Nielson 

and DesRoches 2007), others have found a decrease in column deformations and hence bending 

moments and shear forces in the substructure, which was attributed to energy dissipation due to 

impact (Malhotra 1998). Priestley et al. (1996) also suggest that pounding may be “beneficial to 

seismic response”, as impacts dissipate energy and disrupt the build up of resonance. Other factors 

to be taken into consideration include the effects of spatially varying ground motions, which 

Zanardo et al. (2002) reported could double pounding forces.  

To the author’s knowledge, there are currently no published studies focussing on the effect of 

pounding actions in the superstructure by the introduction of uplift and rocking behaviour in the 

bridge piers. It is known that the use of seismic isolation in bridges elongates the natural period of 

the structure, which results in large displacements and increases the possibility of pounding 

(Jankowski et al. 1998). Allowing the formation of uplift and rocking actions in the substructure is a 
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form of passive seismic isolation, thus the increased motion of the substructure may act to produce 

larger relative displacements in the superstructure, which may lead to more localised pounding 

damage. However, the substructure is also isolated from the superstructure through the use of 

rocking at the top and bottom column interfaces, meaning the piers may develop the rocking motion 

independently of the structure foundations or bent beam, which may minimise any adverse effects 

on the superstructure. Other reported effects of pounding, such as an increase in moment demand in 

the bridge piers, should be mitigated by the rocking motion of the columns, as no plastic hinges 

form as in conventionally constructed piers.  

It is clear that exploration of the effects of the rocking bridge piers on the pounding actions in the 

superstructure is necessary. To avoid the need for expensive large-scale bridge structure testing, the 

pounding actions in the superstructure may be explored using a 3D FE model.  

Pounding in bridge structures has previously been modelled by numerous researchers with varied 

techniques utilised to represent the pounding impact and damage caused. This representation is 

difficult to achieve accurately due to the complexities of the pounding action, which may include 

energy dissipation due to the impact itself, friction forces between the contacting elements, and 

material damping due to damage-induced plastic deformation which may result in cracking or 

crushing in concrete structures. The dynamic impact which occurs during pounding has been 

approached by researchers in two different ways - the first uses contact elements of varying types, 

whilst the second relies upon the stereomechanical theory of the coefficient of restitution. 

The stereomechanical approach is a macroscopic method of modelling the impact due to pounding. 

The coefficient of restitution (ratio of velocities before and after impact) and the principle of 

conservation of momentum are used in the impact calculations in order to modify the velocities of 

the impacting bodies (Muthukumar 2003). The stereomechanical model has been used by Malhotra 

(1998) and DesRoches and Muthukumar (2004). In general it is considered less accurate than 

contact elements models due to its macroscopic approach and unsuitability for more complex finite 

element based models (Zhu et al. 2002; DesRoches and Muthukumar 2004; Jankowski 2005). 

Contact elements are the most common approach in both 2D and 3D modelling, as they are readily 

adapted for impact behaviour. The contact element may be made up of simply a spring with high 

stiffness, or incorporate a damping element to take energy dissipation into account when impact 

occurs. The main contact elements utilised include linear spring elements with no damping 

capability (Huo and Zhang 2013), the Kelvin-Voigt element, which includes a linear spring and a 

damping element (Jankowski et al. 1998; Zhu et al. 2002; DesRoches and Muthukumar 2004; Guo 

et al. 2009), and the Hertz contact element, which is a nonlinear spring with no damping (Pantelides 
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and Ma 1998). Further variations have included the implementation of a nonlinear viscoelastic 

element model (Jankowski 2005; Guo et al. 2009) and utilising the Hertz contact element with 

added damping (Muthukumar and DesRoches 2006; Nielson and DesRoches 2007). 

Although linear spring contact-based impact models have been implemented due to their simplicity 

and low computational cost, more detailed models are necessary to fully model pounding 

behaviour. Muthukumar and DesRoches (2006) explored the efficiency of several of these models 

and found that neglecting energy dissipation leads to overestimations in displacement and 

acceleration responses of the systems, becoming more significant with higher levels of ground 

excitation. The Kelvin model with the addition of energy dissipation capacities has hence been 

popularly used, but problems have arisen in the use of this representation in the presence of tensile 

forces acting on the impacting bodies due to the nature of the viscous material model (Muthukumar 

and DesRoches 2006; Jankowski and Mahmoud 2015). Nonlinear models, which fully take into 

account the impact and its behaviour, are thus seen to be superior in representing pounding in both 

2D and 3D simulations.  

These impact models have been adopted for simulation of pounding in bridges using different 

bridge modelling techniques. The simplest simulations use lumped mass models (Pantalides and Ma 

1998; Jankowski et al. 1998; DesRoches and Muthukumar 2002; Muthukumar and DesRoches 

2006; Guo et al. 2009), or beam elements (Nielson and DesRoches 2007; Huo and Zhang 2013). 

However, these models are typically 1D or 2D representations of a complex phenomenon, and their 

usage pre-defines points of contact during pounding. This limits the applicability of the models, as 

pounding may occur anywhere along the surface of adjacent elements, and eccentric pounding due 

to torsional responses may mean that pounding occurs on the corners of elements. The use of 3D 

models enables the simulation of arbitrary pounding models, such as the contact-friction node-to-

surface pounding developed by Zhu et al. (2002). This model, however, utilises linear spring 

constants and thus cannot account for material nonlinearities during pounding. More recently, 

increasingly detailed finite element analysis has been utilised by Bi and Hao (2013) to more 

realistically model the 3D behaviour of arbitrary pounding. The capabilities of FE software such as 

ANSYS or LS-DYNA (used by Bi and Hao 2013) to simulate arbitrary contact behaviour between 

surfaces makes them uniquely qualified for detailed nonlinear analysis of pounding simulations, 

although the trade-off with simpler models would be increased simulation time.  

2.7 Previous Work Completed 

Previous work in the area of rocking and uplift isolation techniques has been completed at The 

University of Western Australia. Simplified nonlinear numerical models were developed by Daube 
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(2010) and Zhao (2011) which explored the potential of foundation uplift as an isolation technique 

for bridge structures. Both studies used similar constraints and parameters in modelling a two-span, 

one pier bridge, representative of a typical concrete box girder bridge in the Perth Metropolitan 

Area in Western Australia. The initial study completed in 2010 by Daube was performed in two 

dimensions, utilising the software DRAIN-2DX. This study was expanded into three dimensions 

using DRAIN-3DX by Zhao (2011). 

Zhao (2011) presented basic results largely in agreement with existing literature. In this case, that 

allowing rocking can be an effective form of isolation in reducing bending moments and shear 

forces in the pier, but may result in increased pier displacements. Due to the nature of the study, 

pier damage, residual displacements and energy dissipation capacity of the system were not 

reported.  

Besides focusing on the potential of the rocking mechanism as a base isolation technique in seismic 

conditions, the studies also considered the response of the bridge superstructure when allowing 

rocking. This is an area which has been identified as currently lacking in the existing literature, with 

most studies focusing on the action of an isolated pier, with little emphasis on the bridge behaviour 

as a whole. The response of the superstructure includes consideration of different behavioural mode 

shapes under seismic loading, as well as the effects of pounding between decks and deck-abutment 

interfaces. Zhao (2011) observed pounding at all bridge structure joints, with the magnitude of 

pounding forces increasing when allowing rocking. The frequency of the pounding (that is, the 

number of times it occurs) also increased with rocking behaviour. 

As mentioned, these studies were limited to showing the potential of applying a rocking mechanism 

to bridge structures as an isolation technique. The modelling techniques used were approximate – 

for example the nonlinear behaviour of the concrete could not be captured, and problems were 

experienced with the analysis time step and applying displacement-time histories to the models. 

However, although limited, these studies provide a good basis for further study, and besides the 

application of rocking mechanisms, show the need to investigate the response of the entire structure, 

in particular pounding, which may occur in the superstructure.  

2.8 Limitations of Existing Literature 

Through the afore-mentioned work of several researchers, the concept of introducing a rocking 

mechanism to structures has been identified as a viable method of seismic load mitigation, as well 

as damage and residual displacement management. There are, however, several areas in which 
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knowledge can be identified as lacking in the existing literature, which would be need to be 

explored before any wide-spread implementation of the rocking mechanism in bridge structures. 

The problem of adequate energy dissipation in rocking systems, although receiving some attention 

in the literature, still remains. No widely accepted method of additional energy dissipation exists, 

and the use of rocking mechanisms can be shown in some instances to have inadequate means of 

dissipation. In addition to this, although researchers have found that external energy dissipaters may 

be more efficient than their internal counterparts, as well as have advantages in acting as easily 

replaceable structural fuses, little experimentation with the application of external energy dissipaters 

has been completed. More emphasis has been placed in the research upon internal dissipaters, but 

experimentation has shown that these dissipaters can result in undesirable residual displacements in 

the system. Further, it has been shown that the use of these dissipaters may not always increase the 

energy dissipative capacity of the system to adequate levels. If these internal energy dissipative 

devices remain favoured due to ease of construction, more attention needs to be placed upon 

optimum configuration and materials of these devices. In general, energy dissipaters which may be 

easily manufactured, applied to the system, and replaced after a seismic event need to be 

investigated more thoroughly, as well as energy dissipaters which supply adequate damping to 

rocking systems. 

In the current literature, there is a lack of detailed computational modelling of columns utilising 

rocking as an isolation mechanism. Although some computational models exist, most studies have 

focused upon simplified analytical models of the lumped plasticity and multi-spring type, with few 

more detailed finite element studies. Of the studies that do exist, discrepancies exist between the 

experimental and numerical data, mainly in the area of damage accumulation which occurs under 

repeated lateral loading, such as in earthquake loading conditions. This limits their applicability, as 

without adequate material models which can predict stiffness and strength degradation, and 

ultimately any residual damage and deformation in the structure, one of the key indicators of the 

performance of rocking systems cannot be estimated with any accuracy. Parametric studies and 

other studies such as the exploration of varying energy dissipation devices without expensive 

laboratory testing cannot thus be completed with a high level of confidence in the results. Further 

areas which warrant more attention include the consideration of real seismic ground loading 

scenarios, as opposed to simply monotonic or quasi-static cyclic investigations which much of the 

literature is limited to. 

There is also a general lack of both experimental data and three-dimensional modelling of entire 

bridge structures utilising rocking mechanisms. Current literature is largely limited to single bridge 
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piers, but the behaviour of the bridge superstructure, as well as that of the substructure, needs to be 

understood during rocking actions, in particular to account for superstructure pounding which has 

been identified as a large area of concern. Limited modelling of these phenomena in bridge 

structures, as detailed in Section 2.7, has found that factors such as pounding may be exacerbated 

by the rocking action in the substructure and thus warrant further investigation.  
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3 DEVELOPMENT OF 3D FINITE ELEMENT COLUMNS 

With reference to the literature reviewed in Section 2.4, it is obvious that there is a lack of detailed 

modelling of rocking systems which can accurately predict both residual displacements and the 

hysteretic energy dissipation of the system. A model which can provide good estimations of these 

values would allow computational simulations to be used in place of expensive experimental testing 

with a large degree of confidence in the results, and freedom to explore with more certainty how the 

rocking mechanism affects the system. 

With this in mind, three 3D FE models have been developed, utilising the FE software ANSYS, and 

ANSYS Parametric Design Language (APDL). The models represent a single bridge pier, and are 

made up of a circular column, the bridge substructure in the form of a foundation section, and the 

bridge superstructure in the form of a loading stub. These sub and superstructure elements are 

included in the analysis in order to better model the rocking behaviour and associated damage in the 

column element which is expected in the model simulations. The first model is a reinforced 

concrete monolithic bridge column, conventionally designed such that plastic hinges form upon 

repeated lateral loading. The second FE model replicates the geometry of the first model, but is 

modelled with a precast post-tensioned system, is wrapped in FRP, and is allowed to develop uplift 

during the application of lateral forces. Once the two original models are validated, a third model is 

developed utilising monolithic construction, but introducing FRP wrapping as an additional 

reinforcement technique. 

For validation purposes, the models utilised the dimensions and loading configuration of the 

experimental tests completed in Booker (2008) and published in ElGawady et al. (2010). The 

experimental work by the mentioned researchers was chosen on the basis of the use of FRP as a 

confinement mechanism, together with precast construction. These materials and techniques are 

relatively young in the construction industry, but both systems are becoming increasingly popular, 

especially in the area of seismic mitigation. The use of FRP has been shown to be advantageous in 

seismic conditions as both a mitigation and rehabilitation technique, with advantages over steel 

reinforcement including high specific strength and stiffness, as well as being light-weight. 

Furthermore, ease of production and on-site installation of precast systems of this nature means 

more cost-effective and environmentally friendly projects. 

A continuous column was chosen for modelling purposes over the multiple segments seen 

increasingly in the literature (see Section 2.2.2.1) for various reasons. Firstly, it has been observed 

in experimental tests that continuous columns are more stable and allow for better control, as stated 

in Roh and Reinhorn (2010a), who rigidly linked segments in order to imitate the behaviour of a 
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single segment. This, in turn, should allow for better prediction of the behaviour of the column. 

Further, the use of continuous FRP wrapping with segmented columns should mean that the column 

also effectively acts as a single element, due to the reduction in the ductility of the column normally 

afforded by the segment joints. This, therefore, negates the need to increase the complexity of the 

model with multiple segments. In short, using a continuous element in place of multiple segments 

should improve the ability of the model to predict the system behaviour, without adding 

unnecessary complexity. 

3.1 Monolithic Column 

3.1.1 Model Details 

The monolithic model consists of a circular column 203 mm (8 in.) in diameter, and 1524 mm (60 

in.) long. The load stub is made of a 254 mm (10 in.) square reinforced concrete block. The 

longitudinal reinforcement is provided by six (equivalent) No.10 Grade 420 bars (No. 3 Grade 60 in 

inch-pounds) representing a 1.31% reinforcement ratio. The shear and confining reinforcement is 

provided by a spiral at 102 mm (4 in.) pitch of (equivalent) No. 6 Grade 280 (No. 2 Grade 40 in 

inch-pounds), representing a transverse reinforcement ratio of 0.31%. Concrete was tested with a 

compressive strength of 13.8 MPa (2 ksi). 

The foundation is 711 mm (28 in.) long by 508 mm (20 in.) wide by 610 mm (24 in.) deep, with 

longitudinal reinforcement provided by two equivalent metric No. 19 bars (imperial size 6) in the 

bottom of the foundation and four equivalent metric No. 16 bars (imperial size 5) in the top. Four 

equivalent metric No. 10 bars (imperial size 3) were provided for each of the vertical and horizontal 

stirrup reinforcement. These foundation measurements were adjusted slightly from the experimental 

tests to accommodate the discrete reinforcement and symmetry applied to the model. 

All model dimensions are shown in Figure 3-1, with dimensions given in millimetres. 
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3.1.2 Types of Elements and Element Mesh 

The SOLID65 element is used for the structural concrete body of the column, a description of 

which has been presented in Section 2.4.3.2. The model developed utilises the smeared concrete 

option in SOLID65, defined through real constants. 

The column stub and foundation are modelled using a general 3D 8-node structural solid element, 

SOLID185. The foundation reinforcement is detailed using LINK180, which is a 3D spar element 

(uniaxial tension-compression), with the reinforcement nodes merged with those of the concrete in 

order to simulate a perfect bond.  

The mesh size was based upon a balance between computational time and output accuracy. A 

sensitivity analysis ensured that the solution output was near consistent at the chosen size and with 

smaller mesh. The body of the column is meshed with a roughly 12.7 mm (0.5 in.) square element 

on the circular column face, with a 25.4 mm (1 in.) depth along the length of the column. A finer 

mesh of 6.35 mm (0.25 in.) depth was used at the column-foundation interface, as this is where 

damage is concentrated. 

3.1.3 Symmetric and other boundary conditions 

The model takes advantage of symmetry in the perpendicular direction to the applied lateral 

loading, with symmetry boundary conditions defined. The foundation is assumed to sit on a stable 

surface, and thus the base is fixed in all three translational directions.  

3.1.4 Material Models 

3.1.4.1 Concrete: column 

An overview of concrete constitutive models and models utilised by various researchers has been 

presented in Section 2.4.3. Together with this research, several preliminary studies on the 

effectiveness of the SOLID65 element and its settings and real constants were performed in 

conjunction with the developed FE model. It was determined that the SOLID65 element, utilised 

with smeared reinforcement, and without the William-Warnke compressive failure surface, together 

with an elastoplastic multilinear kinematic hardening model, resulted in the most effective 

constitutive model for this analysis. This finding is in keeping with the previous research outlined in 

the literature review. 

The SOLID65 input requires a tensile cut-off which is taken as 1.9 MPa (280 psi), and shear 

transfer coefficients for both open and closed cracks. The closed crack coefficient may be taken as 

0.98, whilst the open crack coefficient was found to be the most efficient for the analysis at a value 

of around 0.5. Poisson’s ratio is taken as 0.15 and the density of concrete as 2400 kg/m3 (150 lb/ft3). 
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Confinement 

Some confinement of the concrete would ordinarily be provided by steel stirrups. As discrete 

reinforcement is not defined in this FE model, the strength of the defined concrete is increased 

according to the model of Mander et al. (1988). Some further discussion of the effects of 

reinforcement in the confinement of concrete is presented in Section 2.4.3.2, whilst the final 

material model for the reinforced concrete is presented in Section 3.4.2.2. 

3.1.4.2 Concrete: foundation 

As no damage to the foundation was observed during the experimental testing, a simple solid 

element was used in place of the SOLID65 element (SOLID185), defined with an elastoplastic 

multilinear kinematic hardening model. 

Confinement 

Reinforcement in the foundation is defined discretely, thus no adjustment to the concrete model is 

necessary, and the material may be defined as unconfined. The final material model for the 

unconfined concrete is presented in Section 3.4.2.1. 

3.1.4.3 Concrete: loading stub 

The loading stub was also defined using the solid element SOLID185, and utilised an elastoplastic 

material model with a large strength similar to that steel. This was done in order to avoid premature 

failure of the model at the application of load, and ensures a uniform distribution of the applied 

load. 

3.1.4.4 Reinforcement 

All steel materials are defined with an elasto-plastic bilinear kinematic hardening material model, 

with a Young’s modulus of 200 GPa (29000 ksi), a Poisson’s ratio of 0.3 and a density of 8000 

kg/m3 (500 lb/ft3). For the (equivalent) Grade 280 (Grade 40 in inch-pounds) reinforcing bars, the 

tangent modulus is defined as 1100 MPa (160 ksi). The (equivalent) Grade 420 bars (Grade 60 in 

inch-pounds) are defined with a tangent modulus of 1760 MPa (255 ksi). 

3.1.5 Loading 

The gravity constant was applied to the model in order to take into account the self weight of the 

structure. No additional loading was applied in the experimental studies by Booker (2008), but a 

small additional load was applied to the model for the purposes of simulation stability. 

A cyclic loading cycle, as used in the tests, was utilised in the analysis of the column. The loading 

sequence consists of displacements which are increased in subsequent cycles up to a drift of 4.6%, 
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24.8 x 103 MPa (3.6 x 103 ksi), circumferential tensile strength is 275 MPa (40 ksi), shear modulus 

is 5515 MPa (800 ksi), and Poisson’s Ratio is 0.35. 

All model dimensions are the same as those for the monolithic model, presented in Figure 3-1, and 

a schematic of the FE model for the PTFRP column is shown in Figure 3-3. 

 

Figure 3-3: Simplified FE model of the precast post-tensioned pier system 

3.2.2 Types of Elements and Element Mesh 

A 3D 8-node structural solid element, SOLID185, is used to represent the concrete material and the 

FRP wrapping, and a 3D spar element, LINK180 (uniaxial tension-compression), is used for the 

tendon and other steel reinforcement present. The optimum mesh size determined for the monolithic 

model was also found to be adequate for usage in this model. 

3.2.3 Symmetric and other boundary conditions 

The model takes advantage of symmetry in the perpendicular direction to the applied lateral loading 

and rocking, with symmetry boundary conditions defined. The foundation is assumed to sit on a 

stable surface, and thus the base is fixed in all three translational directions.  
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3.2.4 Material Models 

3.2.4.1 Concrete: column 

The built-in concrete element (SOLID65) available in ANSYS was not used in the numerical model 

of this rocking column as the treatment of the concrete cracking and crushing behaviour was found 

to be unsuitable for the purposes of the current model. Several preliminary analyses were performed 

with the SOLID65 element in many iterations, ending in premature failure of the model. It is 

thought that the complexity introduced into the model by the post-tensioned tendon, together with 

the lack of any further steel reinforcement in the structure resulted in excessive premature tensile 

cracking of the concrete at the base of the model which led to solution divergence.  

The premise behind allowing a structure to uplift and rock during lateral loading is based upon the 

need for damage avoidance. Previous research has shown that this method does indeed result in 

reduced structural damage during dynamic or cyclic loading. Furthermore, the use of FRP in this 

particular model has been shown to further reduce damage at the base of the column. It was thus 

inferred that a simpler solid element may be used to represent the concrete in the rocking FE model. 

However, as less absolute element failure is expected, the compressive softening branch of a typical 

stress-strain curve for reinforced concrete becomes more important than the tensile cracking 

strength in this model. As the SOLID65 element cannot detail softening behaviour, and has already 

been determined to be unsuitable in the current analysis, a more stable method of reducing the 

strength and stiffness of the model at increasing strains is needed. 

The 3D structural solid element SOLID185 was used in this model, which is capable of simulating 

plasticity and has eight nodes and three degrees of freedom at each node, together with an 

elastoplastic multilinear work hardening model. In order to gradually reduce the strength and 

stiffness of the elements as the analysis progressed, the ANSYS command “MPCHG” was used 

(ANSYS Inc 2011). This command allows the material of an element to be changed during an 

analysis. More detail of the softening procedure utilised is given in Section 3.4.3. 

Confinement 

The confinement of the concrete was allowed for by utilising the theoretical approach of Mander et 

al. (1988). This was altered slightly to account for the continuous nature of the FRP confinement as 

opposed to the steel hoop confining reinforcement assumed in the monolithic column. The strength 

parameters defined for the concrete in the model were altered accordingly. More information about 

the changes made to the model to accommodate the use of FRP, and the final confined concrete 

model are presented in Sections 3.4.1 and 3.4.2.2 respectively. 
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3.2.4.2 Concrete: foundation 

The concrete in the foundation was defined as for the monolithic model. 

3.2.4.3 Concrete: loading stub 

The concrete in the loading stub was defined as for the monolithic model. 

3.2.4.4 FRP 

The FRP is defined with an elastic model with the properties from the manufacturer defined in the 

circumferential direction. Properties in the axial direction remain small in order to limit the effect of 

the FRP to circumferential confinement only, similar to approaches used in previous research, such 

as that by Mirmiran et al. (2000).  

3.2.4.5 Post-tensioning 

The unbonded post-tensioned tendon is defined by an elasto-plastic bilinear hardening model and 

basic steel material properties as previously specified, with a yield stress of 810 MPa (117.5 ksi) 

and a hardening modulus of 3170 MPa (460 ksi) to the stated ultimate stress.  

3.2.5 FRP wrapping 

The FRP is physically modelled using a solid element as a means of additional stability in the 

model. This physical modelling was found to be necessary in order to replicate the reduced concrete 

damage in the column observed in the experimental studies. The FRP wrapping runs the length of 

the column and is discontinued 6.35 mm (0.25 in.) from the base, in order to prevent damage to the 

FRP in this area, as in the experiments by Booker (2008). As no damage or delamination of the FRP 

was observed in these experiments, FRP failure and FRP-concrete interaction in the form of 

delamination were not considered. The FRP was thus meshed such that coincident nodes could be 

merged with the concrete material nodes to simulate a perfect bond. 

3.2.6 Post-tensioning 

The tendon runs through the centre of the column system, and remains unbonded through the body 

of the column, but is anchored in the foundation and loading stub by merging the tendon and the 

surrounding nodes. Although unbonded, it is necessary for the tendon to follow the movement of 

the pier system, thus, the tendon and surrounding concrete nodes are coupled in the translational 

plane of motion. The tensioning is implemented by applying an initial prestress to the tendon 

elements prior to loading application, providing a post-tensioning equivalent to 30% of the tendon’s 

ultimate capacity. 
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3.2.7 Contact 

3D surface-to-surface contact was specified on both the column-foundation interface, and the 

column-loading stub interface. Contact elements allow for a more accurate representation of the 

interaction between the model surfaces during the development of the rocking motion. Rough 

contact behaviour is specified, with the column-foundation interface forces needing to overcome a 

defined friction coefficient of 0.5 before uplift may occur. The contact pair formed between the two 

surfaces allows the opening and closing of the gaps between the structural elements to be 

monitored. If the contact stiffness is zero, a gap has opened between the surfaces and uplift has 

occurred. Similarly, when the gap closes the contact stiffness increases. The contact also allows the 

transfer of forces between the two surfaces.  

Sliding is not considered with the use of this contact; however, sliding is expected to be minimal in 

this model due to the effects of the post-tensioned tendon. 

Several different contact elements were considered in the modelling process, recognizing the need 

for accuracy, but also the ease of assembly of the model, and the computational time required 

during the solution process. The use of surface-to-surface contact elements was decided upon, 

which are the simplest to use in terms of programming. These elements have inbuilt adjustments not 

present in other contact elements, and allow more freedom in model creation, enforcing no 

restrictions on model geometry. These elements also allow the presence of contact to be tested for 

prior to the solution being run. ANSYS Inc. (2011) states that surface-to-surface contact elements 

generally provide better results than the other contact types, and allow for monitoring data such as 

the printing of contact pressure during simulation. 

The Penalty method was used for this model, as it is the general understanding among ANSYS users 

that “better contact performance and results may be found when the penalty formulation alone is 

used” (Johnson 2002). Both the Penalty and augmented Lagrangian method were initially used for 

the model, but it was found that the Penalty method is quicker and the solution produces fewer 

errors when changing the other contact settings than the augmented Lagrangian method. The 

Penalty method also allows for more control over the contact stiffness utilized. 

3.2.8 Loading 

Gravity loading was applied to this model as for the monolithic model, together with an additional 

small load applied vertically for stability purposes. 

The cyclic loading applied to this FE model is the same as that applied to the monolithic column 

model up to a drift of 4.6%. Results of this loading sequence are directly compared to the 
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for both the monolithic and PTFRP columns, is illustrated in Figure 3-5 and presented in the 

following equations. 

 

Figure 3-5: Uniaxial stress-strain of Mander confinement model for reinforced concrete (Mander et al. 1988) 

The confined compressive strength of the concrete, 𝑓′ , is calculated with equation 

 
𝑓′ = 𝑓′ −1.254 + 2.254 1 +

7.94𝑓

𝑓
− 2

𝑓′

𝑓′
 

 

3-1 

where 

𝑓′  is the unconfined concrete strength 

𝑓′  is the effective lateral confining stress, given by Equation 3-2 

 
𝑓′ =

1

2
𝑘 𝜌 𝑓  

 

3-2 

where 

𝑘  is the confinement effectiveness constant, given by Equation 3-3 

𝜌   is the ratio of the volume of the confining reinforcement to the volume of the confined 

concrete core, given by Equation 3-4 for confining steel and Equation 3-5 for confining FRP 

𝑓  is the yield strength of the confining reinforcement (circumferential tensile strength for FRP) 
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The confinement effectiveness constant, ke, is then given by: 

 

𝑘 =
𝐴

𝐴
=

1 −
𝑠′

2𝑑

1 − 𝜌
 

 

3-3 

where 

𝐴  is the area of effectively confined concrete core 

𝐴  is the area of the concrete within the centre lines of the perimeter hoop 

𝑠′ is the clear vertical spacing between the hoops or spirals 

𝑑  is the diameter of the spiral between bar centres 

𝜌  is the ratio of the area of longitudinal reinforcement to area of the core of the section 

It can be seen that for FRP applied in a continuous nature to a circular column, the confinement 

effectiveness constant, k , is equal to one. 

The ratio of the volume of confining reinforcement to the volume of the confined concrete core is, 

for confining steel: 

 
𝜌 =

4𝐴

𝑑 𝑠
 

 

3-4 

where 

𝐴  is the area of the transverse reinforcement bar 

𝑠 is the centre to centre spacing, or pitch, of the hoop or spiral reinforcement 

and for confining FRP: 

 
𝜌 =

𝑡

𝑑
 

 

3-5 

where 

𝑡  is the thickness of the confining reinforcement (FRP) 

𝑑  is the diameter of the confined concrete area, in this case equivalent to the column diameter 

The corresponding compressive concrete strain, 𝜀 , is then calculated using equation 
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𝜀 = 𝜀 1 + 5

𝑓′

𝑓′
− 1  

 

3-6 

where 

𝜀  is the unconfined concrete strain at unconfined concrete strength 

In order to simulate a stress-strain curve according to Figure 3-5, some further equations are 

needed. The elastic modulus, Ec, is given by: 

 𝐸 = 5000 𝑓′  (𝑀𝑃𝑎) 3-7(a) 

 𝐸 = 57000 𝑓′  (𝑘𝑠𝑖) 3-7(b) 

The concrete stresses at corresponding strains are calculated with the following equations: 

 
𝑓 =

𝑓′ 𝑥𝑟

𝑟 − 1 + 𝑥
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where 

𝑥 is given by 

 
𝑥 =

𝜀

𝜀
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𝑟 is given by 

 
𝑟 =

𝐸

𝐸 − 𝐸
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where 𝐸 , as referenced in Figure 3-5 is defined as: 

 
𝐸 =

𝑓′

𝜀
 

 

3-11 

3.4.2 Defining the Material Curves 

3.4.2.1 Unconfined Concrete 

The multilinear isotropic stress-strain curve for unconfined concrete is defined as follows, following 

the method utilised by Kachlakev et al. (2001). 

The initial modulus of elasticity, 𝐸 , may be calculated using the well known relation shown in 

Equation 3-7. The first slope is then defined up to 0.3𝑓′  following Hooke’s law (point 1): 
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deformation of the system, which is a key indicator in the performance of the rocking model as 

compared to the conventional monolithic column system. The definition of a material model which 

is capable of simulating the behaviour of the concrete at the base of the column, whilst allowing for 

the effects of confinement due to the FRP wrapping, presents a unique problem which is not easily 

solved. 

The options for the definition of the concrete material model confined by FRP have been 

summarised in Section 2.4.3.3, and the chosen model has been introduced in the preceding sections. 

Many models exist for the representation of softening behaviour in concrete, but due to the complex 

nature of combining material models, and the wish to present an easily-accessible model whose 

principles may be reused easily, a simple approach was taken in the definition of the softening 

behaviour of the concrete. Research concerning the definition of numerical models for the softening 

behaviour in reinforced concrete has also been presented in the Literature Review in Section 

2.4.3.4, and based upon this, a simple solution based upon the idea of utilising a Hognestad 

parabola and a straight-forward elliptical cap failure surface is used for the determination of stress-

strain relationships in softening. Lubliner et al. (1989) showed that plasticity theory was successful 

in treating concrete when considering compressive loads, and the consideration of both stress and 

strain softening was shown to have the best correlation to experimental results in the Hognestad 

parabola models presented by Vecchio and Collins (1993). Chen (1982) shows that a simple 

approach for the assumption of strain softening is to assume the collapse of the yield surface after 

the maximum value has been reached. He also presents summaries of many methods for 

representing the behaviour of reinforced concrete, including work done by several authors on a 

spherical “cap model” for the hardening or softening of concrete combined with the Drucker-Prager 

yield criterion. Finally, the author presents a simple “cap model” in the form of either a plane or an 

elliptic cap, which has the form of a quarter of an ellipse. The elliptic-cap model showed good 

loading-unloading behaviour in the numerical example presented. 

The FRP shows no signs of rupture in the experimental results up to very high levels of drift, thus it 

may be assumed that strains in excess of the 0.012 predicted by the Mander et al. (1988) model, as 

shown in Figure 3-7, are not reached in the column. It can thus also be assumed that the maximum 

stress in the column is below that predicted by the Mander et al. (1988) model. The maximum stress 

is thus taken at a strain of 0.005, and softening occurs based upon strains larger than this. The 

Hognestad parabola (Hognestad 1951) was then defined based upon the parameters calculated using 

the Mander et al. (1988) model as follows: 
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𝑓 = 0.85𝑓′

2𝜀

𝜀
−

𝜀

𝜀
 

 

3-16 

where 

𝜀  is the strain at ultimate stress 

𝜀  is the current strain 

𝑓′  is the ultimate stress 

𝑓  is the current stress 

A modified Hognestad parabola was also defined using 𝑓′  as opposed to 0.85𝑓′ , which was done 

by Kent and Park (1971). The original factor of 0.85 was introduced in order to account for 

observed strength decreases in concrete as compared to the cylinder tests. Kent and Park (1971) also 

modified the softening “curve” of the parabola to a straight line, which has not been used here. 

Although detailed in the literature review, the use of a straight line for the softening behaviour of 

the concrete was not deemed sufficient due to the proposed models’ cut off, generally around 

0.85𝑓′ , which is thought to cause instability in the numerical model. In addition to this, since the 

base of the column is the only region suspected to show plasticity, it is expected that the 

confinement effect due to the FRP is reduced in this region, and the softening of the concrete would 

be more likely to follow that of unconfined concrete. 

The two defined parabolas, together with the confined concrete curve defined using the Mander et 

al. (1988) model, are shown in Figure 3-8. The strain at ultimate stress for input into the parabola 

curves was taken such that the best fit was given to the Mander et al. curve up to a strain of 

approximately 0.0035 where the modulus of the curve changes. Thus the two parabolas shown use 

an εc value equal to 0.045. The cut-off value for minimum stress in the concrete elements was taken 

as approximately one fifth of the peak strength, which can be seen to be reached in both the 

Hognestad and modified Hognestad curves at a strain of roughly 0.008.  

Eight stress-strain curves of decreasing strength and stiffness were then specified. The idea behind 

these gradually decreasing curves is based upon a simple elliptical cap model, which is a yield 

surface, often used in conjunction with the Drucker Prager model, and represents plastic behaviour 

in the material. The stress state may then cause yielding in such a way that the cap either expands 

(hardening) or shrinks (softening). If the cap expands, there is a corresponding hardening strength 

increase in the material stress-strain curve, the opposite of which is true for softening. The curves 

were defined attempting to follow the softening curves determined by the defined parabolas, with 
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curves to be used for cyclic analysis, but this approach will obviously be highly dependent on the 

concrete specimen. It was not the intention of the current study to develop a new constitutive model, 

or spend a considerable amount of time deriving a cyclic softening model from theoretical 

principles. The simple approach taken here aims to show that some softening approach is necessary 

when considering the FRP rocking model, but further work may need to be done in order to find an 

accurate balance between the defined softening behaviour and that of the confinement behaviour.  

3.5 Validation of the 3D FE Models 

As previously mentioned, the numerical models were validated by using the experimental results 

from Booker (2008) and published in ElGawady et al. (2010). The original experimental data was 

kindly supplied to the authors by M. ElGawady (personal communication 13 July 2013). The results 

of the 3D FE model simulations are compared to the experimental data by the use of force-

displacement hysteresis loops, with the results from the numerical models displayed as a solid line, 

and the experimental results displayed as a dotted line.   

3.5.1 Monolithic Model 

The hysteresis loops for the monolithic column are shown in Figure 3-9 for both the experimental 

and numerical results. The numerical model shows an increase of the peak load by 24%, and it 

appears that the utilised material model slightly overestimates initial system strength and stiffness 

and hence underestimates the damage incurred in the structure. This is evident in the larger energy 

dissipation which can be observed at smaller displacements after several loading cycles in the 

experimental results, and the slightly higher stiffness in the numerical model at larger 

displacements. However, the utilised material model shows adequate strength degradation, and 

comparison shows a good general fit, with similar energy dissipation and residual drifts as 

summarised in Table 3-1. 
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column system allow for a more efficient comparison of this model and the two validated systems, 

and the benefits of both FRP wrapping and allowing column uplift and rocking behaviour under 

cyclic quasi-static loading may be identified. 

The numerical results for the primary loading set (up to 4.6% drift) of the monolithic column 

wrapped with FRP (known as “Mono FRP”) are shown in Figure 3-11 (dotted line) in comparison 

to those from the conventional monolithic column detailed in Section 3.1 (solid line). It can be seen 

from this comparison that the addition of FRP leads to an increase of peak strength of 30%, which 

is to be expected due to the fact that the FRP is acting as an additional form of reinforcement. Of 

greater interest, however, is the reduction of residual displacement of the system by 53%, as 

summarised in Table 3-1. This indicates significantly reduced permanent damage in the column 

system with the addition of the FRP wrapping, which is supported by the considerable difference in 

stiffness degradation which may be observed in the hysteresis loops for each case. Furthermore, 

despite the reduced damage in the column, the hysteretic energy dissipation in the FRP wrapped 

column is only 7% less than that shown in the conventional monolithic column.  

The results of the FRP wrapped monolithic column (“Mono FRP”) may also be compared to the 

FRP wrapped precast post-tensioned column (“PTFRP”), as shown in Figure 3-12. Most notably, 

the self-centring effects of the UBPT and rocking motion in the PTFRP column act to decrease the 

residual displacement to near zero as compared to the monolithic FRP column, as summarised in 

Table 3-1. A further decrease in permanent damage is indicated by the slower strength and stiffness 

degradation apparent in the PTFRP column. Furthermore, by referring back to Figure 3-10, it is 

apparent that the PTFRP column has the capacity to withstand high drifts with minimal residual 

damage. It should be noted, however, that there is a significant decrease in the hysteretic energy 

dissipation of the PTFRP model. Again, the marked difference in strength between the two column 

systems is due to the differences in amount of column reinforcement. 
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al. 2008). The benefits of FRP wrapping and of post-tensioning and uplift in the column are clearly 

shown in the large reductions in residual drift. 

 The remaining area of focus - the amount of hysteretic energy dissipation in the column systems, is 

summarised in Table 3-2. The energy dissipation of the PTFRP and monolithic FRP columns, 

again, for loading up to 4.6% drift, is shown as a percentage of the energy dissipated in the 

conventional monolithic column. It can be seen that there are reductions in the amount of hysteretic 

energy dissipation in both cases. Most notable is the significant reduction in energy dissipation of 

the PTFRP model as compared to both of the monolithic columns. 

Table 3-1: Residual Drifts (%) – comparison between experimental and numerical models 

 

Table 3-2: Numerical hysteretic energy dissipation as percentage of conventional monolithic column 

 

3.7 Summary 

Two 3D FE models have been developed and subjected to a cyclic loading pattern. The results were 

analysed and validated according to existing experimental data. The first model represents a 

conventionally built reinforced concrete monolithic bridge column, which forms a plastic hinge 

under cyclic loading, resulting in permanent damage and residual displacement. The second model 

utilises the more efficient precast concrete construction with FRP as a confinement material, and is 

allowed to uplift and develop a rocking motion under cyclic loading, which allows the structure to 

remain elastic and limits damage and residual displacements.  

Preliminary modelling and a review of FE concrete models led to the use of two different concrete 

constitutive models for use in the FE models, depending on the behaviour and amount of damage 

expected in the concrete. The built in concrete element in ANSYS, SOLID65, was utilised in the 

monolithic model, with some modifications and the addition of a secondary kinematic hardening 

material model. In the PTFRP model, a solid structural element is defined, with a gradual softening 

behaviour imitated through the use of material changes with reduced strength properties according 

to the strain in each individual element. The results of the numerical models showed good 

agreement with the existing experimental data. 

Experimental Numerical

Monolithic 1.8 1.73

PTFRP 0.25 0.01

Mono FRP - 0.98

% of monolithic

PTFRP 23

MONO FRP 93
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The development of a softening mechanism for the concrete constitutive model in the PTFRP 

column was shown to be necessary to replicate the strength and stiffness behaviour in the 

experimental results, however, there was some overestimation of strength reduction for larger drifts 

(up to 15.4%). The effects of both FRP confinement and concrete softening in the context of the 

rocking model would have to be studied in greater detail in order to develop a more accurate 

softening model for very large drift values. 

After validation of these models, a third model was developed consisting of a conventional 

monolithic column wrapped in FRP. The results of this simulation allow direct comparisons to be 

made between the three models such that conclusions may be drawn as to the benefits of FRP 

wrapping and rocking behaviour. Clear advantages can be identified in the potential of FRP to 

increase strength and reduce stiffness degradation and residual displacements. The post-tensioned 

rocking column further improved behaviour under sustained loading and reduced the permanent 

damage in the system with residual deformations of near zero. A disadvantage may be identified, 

however, in the form of reduced energy dissipation in the rocking column, which would have to be 

improved before the system could be implemented.  

With the advantages of rocking behaviour established, it will be possible to expand the existing 

validated 3D FE model to consider several different forms of increased energy dissipation in a more 

efficient manner than experimental studies. It will also be possible to extend the FE model to 

explore larger bridge span behaviour using rocking as an earthquake mitigation technique. 
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4 ADDITIONAL ENERGY DISSIPATION IN ROCKING COLUMNS 

Clear advantages have been identified in Chapter 3 of the potential of both the use of FRP and the 

use of post-tensioned rocking column systems in bridge piers under cyclic loading. In particular, the 

models showed the ability to increase the column strength and reduce stiffness degradation and 

residual displacements under large applied lateral loading. A disadvantage has been identified, 

however, in the form of reduced hysteretic energy dissipation in the rocking column system. 

The PTFRP 3D FE model developed and detailed in Chapter 3 has shown the ability to replicate 

experimental results under cyclic quasi-static loading with a high degree of accuracy and to a large 

percentage drift, which will allow for variations of this model to be utilised with confidence. It is 

thus possible to explore the implementation of methods which will improve the hysteretic energy 

dissipation capacity of the system whilst maintaining the advantages of the PTFRP column which 

have already been determined. 

Two methods of increasing energy dissipation are considered here, in the form of the addition of 

internal and external energy dissipation (ED) bars. These bars are placed at the base of the column, 

and designed to yield and undergo plastic deformation during rocking, which provides further 

energy dissipation capacity in the system. Figure 4-1 shows the layout of the rocking PTFRP 

column: without added energy dissipation in (a), with the addition of internal energy dissipation 

bars in (b), and with the addition of external energy dissipation bars in (c). 
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                                                      (a)                         (b)                         (c)  

Figure 4-1: Schematic of rocking PTFRP models (a) base PTFRP model (b) PTFRP model with internal ED bars (c) PTFRP 
model with external ED bars 

4.1 Addition of Internal ED Bars 

The addition of internally placed energy dissipation bars to the rocking system has been deemed an 

effective method of increasing the energy dissipation compared to a system without the addition of 

such bars. A review of the literature in rocking systems with the addition of ED bars was presented 

in Section 2.3, with a summary of the research given in Table 2-1.   

In order to determine the effects of different parameters relating to the internal ED bars on the 

performance of the PTFRP column system, several variations are proposed. In all cases, two ED 

bars are modelled at the base of column (as in Figure 4-1 (b)), placed an equal distance from the 

column centre on either side. These bars are placed in the direction of application of loading. The 

parameters explored are: 

1) Placement of ED bars at distance from column centre: three bar positions were considered in 

order to demonstrate the effects of change in yield behaviour with distance from the column 

centre. These positions are at a distance from the column centre equivalent to 16.6%, 50% 

and 83.3% of the column radius respectively.  

2) ED bar diameter: two different bar diameters were modelled in order to demonstrate the 

effect of increased material on system behaviour. The first is 16 mm (equivalent to U.S. no. 
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5 bars, 5/8 in.) in diameter, based upon those used in Palermo et al. (2007), which equates to 

an energy dissipater bar ratio of 1.125%. The second bars modelled are 10 mm (equivalent 

to U.S. no. 3 bars, 3/8 in.) in diameter, equivalent to an energy dissipater bar ratio of 0.5%.  

3) Length of ED bar: the length of the dissipater bars is also varied in order to explore the 

effects of increased material, and changes in yield behaviour in the bars with change in 

length. The length of the bars above the foundation equate to 3.33%, 5%, 6.66% and 8.33% 

of the total length of the column.  

4.1.1 Mild Steel Internal Bars 

Internal mild steel ED bars have been used by several researchers in an effort to increase the 

hysteretic energy dissipation of rocking systems. With reference to Table 2-1, such studies may be 

identified as those by Palermo et al. 2007, Ou et al. 2007, Wang et al. 2008, Trono et al. 2015, and 

Bu et al. 2016.  

The original FRP wrapped unbonded post-tensioned (PTFRP) bridge column model may be used 

with the addition of mild steel bars in order to demonstrate the effects of this dissipation method. 

All geometry, material properties and modelling details remain the same as in the original model, as 

specified in Section 3.2. The cyclic quasi-static loading is applied according to Figure 3-2, up to a 

4.6% drift level, such that all results may be compared with the original simulations. 

4.1.1.1 Modelling of Mild Steel Internal Bars 

It is possible to model the internal bars in two ways. The first being of bonded construction and 

modelled in the same way as regular reinforcing bars. The nodes of the bars are merged with the 

surrounding column nodes in order to simulate a perfect bond, such that neither bond deterioration 

nor slip of any kind is taken into account. There is, however, a 50.8 mm (2 in.) length of bar which 

is unbonded over the column-foundation interface. This ensures that excessive plastic deformation 

of the bars does not occur, which, in practice, would cause excessive residual deformations and 

possible bar rupture. In terms of numerical simulation, this ensures that premature failure of the bars 

does not occur which would adversely affect the results of the simulation. 

It was found that using a bonded method in this case resulted in large residual displacements (of 

around 2% drift for a 10 mm bar), thus a second method was used with the dissipater bars only 

partially bonded above the foundation level. This was done by merging only the top node of each 

dissipater with the surrounding column nodes. The use of partially bonded mild steel bars results in 

significantly less residual displacement of the system. 
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The bar properties are based on those used in Palermo et al. (2007), being Grade 300 (yield 43500 

psi). 

4.1.1.2 Results of Parametric Study using Internal Mild Steel Bars 

The results of the parametric study using internal mild steel ED bars in the PTFRP column model 

are presented in terms of the hysteretic energy dissipation and residual displacement of the system. 

These results are displayed in Table 4-1, which show the hysteretic energy dissipation of the system 

as a percentage of the energy dissipated by the conventional monolithic column, and in Table 4-2, 

which shows the residual drifts of the system after the application of quasi-static loading protocol to 

4.6% drift. 

All results are displayed with respect to the position of the bars (percentage of column radius), the 

bar diameter (in mm), and the bar length (percentage of the length of the column). It should be 

noted that only the results for the first two column radius positions are reported here, that is, 

positions at 16.6% and 50% of the column radius. As the simulation with bars placed at an 

equivalent distance from the column centre of 83.3% of the column radius resulted in much larger 

residual displacements, these were deemed to be inconsistent with the goals of the system, and were 

excluded from the final results. 

Table 4-1: Hysteretic energy dissipation of PTFRP system with internal mild steel bars (as percentage of conventional) 
shown with change in bar length, diameter and position 

 

Table 4-2: Residual drifts (%) of PTFRP system with internal mild steel bars shown with change in bar length, diameter 
and position 

 

bar length (%) 10 16 10 16

3.33 71 80 140 150

5 66 76 132 151

6.66 63 73 129 149

8.33 60 72 126 148

DISSIPATER POSITION (% of column radius)

16 50

bar diameter (mm) bar diameter (mm)

bar length (%) 10 16 10 16

3.33 0.6 0.73 0.77 0.79

5 0.53 0.65 0.87 1.05

6.66 0.49 0.58 0.96 1.14

8.33 0.46 0.56 0.91 1.17

DISSIPATER POSITION (% of column radius)

16 50

bar diameter (mm) bar diameter (mm)
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In all cases it can be seen that the residual drift is considerably less than the 1.7% drift reported for 

the conventional monolithic column, however, notably larger than that for the PTFRP column 

without dissipaters, which was near-negligible.  

The dissipaters placed at 50% of the column radius all show energy dissipations larger than that of 

the monolithic column (i.e. greater than 100%), but also show large residual displacements. There is 

still considerable improvement over the conventional monolithic column, however, with the 

shortest bar length showing less than half the residual drift of the conventional column. It may also 

be seen that the bars closer to the centre of the column, at 16.6% of the column radius, display less 

plastic deformation resulting in reduced hysteretic energy and residual drifts compared to the bars 

placed at 50% of the column radius. These bars are, however, still efficient at largely increasing the 

energy dissipation of the system as compared to the PTFRP system without additional energy 

dissipaters. At a position of 16% of the column radius, it may also be observed that both the energy 

dissipation and the residual drifts decrease with increase in length, which is to be expected, as the 

strain in the bars increases with decrease in length. In the case of the bars placed at 50% of the 

column diameter, this remains true in the dissipater bars in terms of energy dissipated, but we see 

larger residual drifts with increasing length. It is thought that this is due to the large plastic 

deformation in the bars. 

When considering the theory for self-centring behaviour presented in Section 2.3.1, it can be seen 

that an increase in diameter of the ED bars, and a position at a greater distance from the centre of 

the column both work to increase the moment contribution of the non pre-stressed steel, hence 

reducing the moment ratio and the self-centring capacity of the columns.  

Both Ou (2007) and Palermo et al. (2007) showed that energy dissipation of rocking columns with 

the addition of internal mild steel bars (with energy dissipater bar ratios ranging from around 0.66% 

to 1%), can be very similar to that of an equivalent monolithic model, whilst still showing a 

reduction in residual displacement in the post-tensioned model. The use of 16mm bars in the current 

model, which represents a bar ratio of 1.125%, coupled with the increase in strength and stiffness 

over the monolithic model by use of FRP wrapping, implies that these energy dissipations greater 

than those of the monolithic model are possible, and with plastic deformation largely limited to the 

energy dissipaters, the column is still able to significantly self-centre, resulting in the reduced 

residual displacements. It should be noted, however, that if FRP wrapping was not utilised, and the 

initial stiffness and strength of the rocking and monolithic columns were more similar, such large 

increases in energy dissipation would be less likely. 
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These results may also be displayed graphically, in terms of the cumulative hysteretic energy 

dissipation and the residual displacement of the system shown after subsequent applied loading drift 

levels. Figure 4-2 shows these criteria changing with respect to the length of the dissipater (3.33%, 

5%, 6.66% and 8.33% of the length of the column), and the position of the dissipaters from the 

column centre (16.6% and 50% of the column radius) for 10 mm bars, while Figure 4-3 shows the 

same for 16 mm bars. Figure 4-4 shows these criteria with respect to change in ED bar diameter (10 

mm and 16 mm) and the position of the dissipaters from the column centre (16.6% and 50% of the 

column radius). The first row in the Figure shows these results for a bar length of 3.33% of the 

column length – (a) and (b), the second row 5% - (c) and (d), the third row 6.66% - (e) and (f), and 

the final row 8.33% - (g) and (h). The same trends observed from the results in Table 4-1 and Table 

4-2 are evident in these figures. The nonlinear nature of both the cumulative energy dissipation and 

residual displacement graphs may be used to track the plastic yield of the dissipaters.  

In terms of system efficiency, whilst the ED bars placed at a distance of 50% of the column radius 

may be seen to provide more energy dissipative capacity than those placed at 16.6% of the column 

radius, the corresponding residual drifts have increased too much for the dissipater configuration to 

be considered efficient. Considering the ED bars places at 16.6% of the column radius, the 10 mm 

bar at an equivalent length of 5% of the column length may be identified as an efficient option in 

terms of both cost (related to equivalent length of material) and performance. To reinforce the data 

presented in Table 4-1 and Table 4-2, examples of force-displacement hysteresis loops for the 

PTFRP system with internal mild steel bars will thus focus on this parametric iteration.  

Figure 4-5 shows comparisons between hysteresis loops for differing parameters, with (a) 

comparing the placement of the bars (at 16.6% and 50% of the column radius), (b) comparing the 

length of the bars – in this case limited to the example iteration of 5%, compared to that for the 

same position and diameter but of equivalent length of 8.33%, and (c) comparing the bar diameters 

(10 mm and 16 mm). The largest difference may be observed in (a), with distinct differences in the 

hysteresis loops for the change in position of the ED bars. The bars placed at a distance equal to 

50% of the column radius provide increased strength, and although similar initial stiffness is 

observed, the bars also show an increased reduction in stiffness, leading to a larger residual 

displacement than their counterparts placed at a distance of 16.6%. Very little difference may be 

observed in the hysteresis loops comparing the changes in length and diameter of the bars in (b) and 

(c) respectively. 

Figure 4-6 shows the results for the chosen iteration (10mm ED bars, 5% of the column length, at 

16.6% of the column radius) compared to the hysteresis loops for the conventional monolithic 
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4.1.2 SMA Internal Bars 

Besides utilising steel reinforcement, the use of SMA (shape memory alloy) bars has been shown to 

be beneficial for use under seismic conditions. A defining characteristic of SMA is superelasticity, 

which allows it to withstand large plastic deformations, whilst returning to its original state upon 

unloading. This material is thus well suited to situations in which minimising residual deformation 

due to seismic loading is an important performance factor. A detailed review of the use of SMA 

bars in both experimental and numerical applications is presented in Section 2.4.6.2. 

4.1.2.1 Modelling of SMA Internal Bars 

SMA bars may be used in this case in place of the mild steel bars, in order to explore their capacity 

for increasing hysteretic energy dissipation, whilst keeping residual displacements low. They may 

be modelled in the same way as detailed for the steel bars in Section 4.1.1.1. In the case of SMA, 

however, it was found that the method described for bonding the bars was necessary in order to 

further increase the hysteretic energy dissipation.  

The constitutive model defined by ANSYS for simulating SMA material is used without adjustment 

for the definition of the SMA material model. The material is defined as superelastic, with an 

idealised flag-shape stress-strain behaviour indicating that the material can sustain large 

deformations without residual strains whilst still dissipating energy. Ni-Ti SMA (a mix of nickel-

titanium known as Nitinol) is generally used for structural applications as it displays this 

advantageous behaviour, which is illustrated in Figure 4-7. 

The material properties used for the SMA bars are taken from Alam et al. (2009), which are based 

upon those used in experimental studies for reinforcing concrete. The SMA has a modulus of 

elasticity of 68200 MPa (9.89E6 psi) with the stress-strain parameters given in Table 4-3. The 

maximum residual strain, ē𝐿, which is the upper strain limit below which superelasticity is shown, is 

taken as 6.2%.  

Table 4-3: SMA material properties 

 

(MPa) (psi)

σs
AS starting stress forward phase 480 69600

σf
AS final stress forward phase 540 78000

σs
SA starting stress reverse phase 260 37700

σf
SA final stress reverse phase 120 17400
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Figure 4-7: Idealised stress-strain representation of superelastic behaviour of SMA 

4.1.2.2 Results of Parametric Study using Internal SMA Bars 

The results of the simulations utilising the SMA bars in the PTFRP column model are given as the 

hysteretic energy dissipation, which is presented as a percentage of that dissipated by the 

conventional monolithic column, and the residual drift of the system after an applied loading up to 

4.6% drift. These results are shown in Table 4-4 and Table 4-5 respectively. Again, all results are 

displayed with respect to the position of the bars (percentage of column radius), the bar diameter (in 

mm), and the bar length (percentage of the length of the column).  The SMA bars placed at 16.6% 

of the column radius showed relatively small energy dissipation capacity, and thus were excluded 

from the reported results for reasons of relevancy. 

Table 4-4: Hysteretic energy dissipation of PTFRP system with internal SMA bars (as percentage of conventional) 
shown with change in bar length, diameter and position 

 

 

 

 

bar length (%) 10 16 10 16

3.33 36 62 43 101

5 36 62 44 96

6.66 36 62 44 95

8.33 32 46 37 74

DISSIPATER POSITION (% of column radius)

50 83

bar diameter (mm) bar diameter (mm)
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Table 4-5: Residual drifts (%) of PTFRP system with internal SMA bars shown with change in bar length, diameter and 
position 

 

From the tables, it may be seen that the addition of SMA bars in all cases leads to an increase in 

energy dissipation over the PTFRP column, which dissipated 23% of the energy of the conventional 

monolithic column (refer to Table 3-2). The system also displays significantly smaller residual 

displacements than resulted with the addition of mild steel dissipaters. As a comparison, the SMA 

bars of equivalent length of 3.33% of the column length, 16 mm in diameter and placed at 83% of 

the column radius, shows a energy dissipation of 101% of that of the conventional column. The 

corresponding residual displacements are 1.7% drift for the conventional column, reduced to 0.34% 

drift for the PTFRP column with added SMA. When looking at the addition of mild steel bars, those 

with the same parameters as the SMA (but at 50% of the column radius) would result in an energy 

dissipation of 150% of the conventional column, and a resulting residual displacement of 0.79% 

drift. Further, it should be noted that the addition of 10 mm SMA bars at a position of 50% of the 

column radius not only increases the energy dissipation of the PTFRP system from 23% to 36% of 

that dissipated by the monolithic column, but also reduces the residual drift of the system from 

0.01% to 0.004%.  

Most notably, in terms of efficiency, the use of 16 mm diameter bars at a position from the centre of 

83% of the column radius gives near 100% of the energy dissipation of the conventional monolithic 

column with as little as 0.17% residual drift (in the case of equivalent 6.66% length dissipaters), 

which is a 90% reduction from the conventional column.  

The trends in the parameter changes are similar to those observed in the mild steel bars, with both 

energy dissipation and residual displacements decreasing with increase in length, although it can be 

seen that only small differences in energy dissipation and residual drift occur with change in 

dissipater length up to 6.66% of the column length, at which point the energy dissipated reduces 

with no significant corresponding reduction in residual drift for the equivalent 8.33% length. With 

regards to the theory for self-centring behaviour presented in Section 2.3.1, again the SMA appears 

to follow the same trend as the mild steel bars, with increase in bar diameter, and increase in 

bar length (%) 10 16 10 16

3.33 0.005 0.11 0.07 0.34

5 0.004 0.1 0.07 0.21

6.66 0.004 0.11 0.06 0.17

8.33 0.004 0.09 0.02 0.17

DISSIPATER POSITION (% of column radius)

50 83

bar diameter (mm) bar diameter (mm)
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distance from the column centre working to reduce the self-centring capacity of the column, 

although to a lesser extent than observed in the mild steel bars. 

The results may again be displayed in terms of the cumulative hysteretic energy dissipation and the 

residual displacements of the system shown after specific loading drift levels. Figure 4-8 and Figure 

4-9 show these results for 10 mm and 16 mm ED bars respectively, displaying the energy 

dissipation in (a) and the residual displacement in (b) varying with length (3.33%, 5%, 6.66%, 

8.33% of the length of the column), and the position of the ED bar from the column centre (50% 

and 83.3% of the column radius). Figure 4-10 further displays these criteria with change in diameter 

of the bars (10 mm and 16 mm) and the position of the bar (50% and 83.3% of the column radius). 

The first row in the Figure shows these results for a bar length of 3.33% of the column length – (a) and 

(b), the second row 5% - (c) and (d), the third row 6.66% - (e) and (f), and the final row 8.33% - (g) and 

(h).  

With reference to Figure 3-2, the residual displacement plots show the residual displacement after 

the application of each subsequent load cycle to a maximum applied drift level of 4.6%. With 

regards to the use of SMA, this allows some insight as to when enough strain is induced in the ED 

bars to allow the superelastic properties to work to reduce the residual displacement of the system: 

the initial residual displacements indicated occur due to the plastic deformation in the column, and 

once the column uplift has reached the point in which the SMA starts to yield, its superelastic 

behaviour controls the system. It is also possible to see when the maximum residual strain of the 

SMA is reached, resulting in permanent damage and an increase in residual displacement of the 

system.  In addition to the trends noted from Table 4-4 and Table 4-5, the curves displaying the 

residual displacements after increasing applied levels of drift show distinct self-centring behaviour 

depending on the parameters of the SMA bars. Figure 4-8 (b) shows this self-centring or recovery 

behaviour occurring in all the specimens with the addition of 10 mm SMA bars, and to a lesser 

extent in the 16 mm bars shown in Figure 4-9 (b). This recovery behaviour in the residual drift of 

the column has been previously attributed to SMA by multiple authors, as detailed in Section 

2.4.6.2, and in particular by Saiidi et al. (2009), who likewise showed a reduction in residual 

displacement due to the onset of yielding behaviour or superelasticity in the SMA reinforcement. 

The maximum residual strain of the SMA bars is taken as 6.2%, such that permanent damage will 

not occur in the bars up to this point. All simulations utilising 10 mm bars did not reach the 

maximum residual strain threshold, whilst the most notable iteration of the internal SMA bars (16 

mm, 83% of column radius, equivalent 6.66% length), with residual displacement of 0.17%, just 

reaches the maximum residual strain. The remaining two iterations with residual drifts above 0.17% 
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(lengths of 3.33% and 5% of the column length) show increased instances of maximum strain 

levels, hence may be presumed to be permanently damaged. With reference to Figure 4-9 (b), this 

may be seen in “pull-back” behaviour of the bars for the 3.33% and 5% lengths, followed by rapidly 

increasing residual displacements which would indicate permanent damage. The equivalent 6.66% 

dissipaters show this to a lesser extent, whilst the equivalent 8.33% length dissipaters only show 

recovery behaviour up to 4.6% drift. 

From review of Figure 4-8 and Figure 4-9, it may be assumed that an increase in strain in the ED 

bars, caused either by decrease in length, or increase in the non-prestressed moment contribution 

(due to increase in bar diameter or position from column centre), results in less self-centring 

capacity due to the superelasticity of the SMA. 

Hysteresis loops may also be displayed for the differing parameters. An example iteration of 

parameters will be used with bars of 16 mm diameter, equivalent 6.66% length, at a position of 

83.3% of the column radius, identified as the most efficient iteration for internal SMA bars. Thus, 

the hysteresis loops shown will focus upon this iteration. 

Figure 4-11 compares the hysteresis loops for (a) change in bar placement (at 50% and 83.3% of the 

column radius), (b) change in length of bars, displayed for the example iteration of equivalent 

6.66% length, compared to the corresponding iteration with length of 3.33% and (c) change in bar 

diameter (10 mm and 16 mm). The largest difference in stiffness degradation, and hence change in 

residual displacement may be observed with changes in length of the ED bar, as shown in (b). The 

loop in (c) shows the greatest increase in strength and stiffness, with increase in bar diameter. 

 Figure 4-12 shows the chosen iteration of internal SMA bars as compared to the models of the 

conventional monolithic column in (a), that of the PTFRP column without added dissipaters in (b), 

and the chosen example configuration of the PTFRP model with added internal mild steel 

dissipaters in (c). Large increases in initial stiffness and strength may be observed in both (a) and 

(b), with largely reduced degradation and hence residual displacement shown as compared to the 

monolithic column, with a corresponding decrease in the size of the loops indicating energy 

dissipation. The hysteresis loops for the PTFRP column and PTFRP column with added SMA bars 

are very similar in shape, with the additional energy dissipation observed due to the increase in 

strength shown. When comparing the addition of SMA bars as opposed to mild steel bars, in (c), it 

may be seen that in the chosen cases, the SMA has advantages in both increased strength and 

stiffness, as well as reduced degradation leading to largely enhanced self-centring. 
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4.1.3 Combination of Internal ED Bars 

In an attempt to minimise the residual displacement in a system with internal steel dissipaters alone, 

the intent of these combinations is to capitalise on the superelasticity of the SMA bars which has 

been shown to lead to recovery behaviour.  

Four different combinations were simulated, with all combinations using steel bars of 10 mm 

diameter, a length of 5% of the column height, and at a position equivalent to 16% of the column 

radius, which was identified in Section 4.1.2.2 as the most efficient placement of the internal steel 

bars. SMA bars are added in combination with the steel bars, with varying diameter and position 

from the column centre. All SMA bars are the same length as the steel bars. The bar combinations 

used are as follows: 

 INT1 combines the steel bars with 10 mm SMA bars placed at 50% of the column radius 

 INT2 combines the steel bars with 16 mm SMA bars placed at 50% of the column radius 

 INT3 combines the steel bars with 10 mm SMA bars placed at 83.3% of the column radius 

 INT4 combines the steel bars with 16 mm SMA bars placed at 83.3% of the column radius 

4.1.3.1 Results of Parametric Study using a Combination of Internal Bars 

The results of the simulations are shown in Table 4-6, together with the energy dissipation (ED) and 

residual drifts (RD) of the instances with internal steel bars only (with the same parameters as in the 

current simulations), and with internal SMA bars only (equivalent 5% length, 16 mm diameter, 50% 

of column radius). Again, the hysteretic energy dissipation is displayed as a percentage of the 

energy dissipated by the conventional monolithic column. 

Table 4-6: Comparison of hysteretic energy dissipation (as percentage of conventional) and residual drifts with internal 
combinations of steel and SMA 

 

It can be seen in all cases that the energy dissipation has increased as compared to the simulations 

with only either steel or SMA bars. It can also be seen that in all cases with the exception of 

“INT4”, the addition of SMA bars to the steel has reduced the residual drift of the system. An 

internal mild steel bar system with comparable energy dissipation to “INT4”, however, results in a 

residual drift of 0.96% compared to the 0.58% with the internal steel-SMA combination. In the case 

of “INT2”, the hysteretic energy dissipation is 94% of that dissipated in the conventional monolithic 

column, but the residual drift has been reduced by 78% from that of the conventional monolithic 

Steel SMA INT1 INT2 INT3 INT4

ED (%) 66 62 73 94 82 129

RD (%) 0.53 0.1 0.36 0.38 0.5 0.58

DISSIPATER TYPE
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column. It may further be observed that increasing the diameter of the SMA bars results in a large 

increase in hysteretic energy dissipation, with a relatively small increase in residual displacement. 

Both the internal mild steel only and internal SMA only configurations resulted in much larger 

increases in residual displacement for increase in bar diameter. 

Figure 4-13 shows these results graphically, displaying the cumulative hysteretic energy dissipation 

in (a) and the residual displacements in (b), shown after specific applied drift levels for each of the 

four combinations. Both of the combinations utilising 10 mm SMA bars may be seen to undergo 

some deformation recovery, whilst no significant recovery is evident in the 16 mm configurations. 

Low strain values are observed in the SMA bars, thus the maximum residual strain is not met, and 

the large residual drifts shown may be assumed to be caused by plastic strain in the steel bars. The 

strain values in the steel bars, however, although still in the plastic range, are greatly reduced 

compared to the simulations using only internal steel bars. Following previous trends, the energy 

dissipation capacity and the residual displacements both increase with increase in ED bar diameter 

and distance from the column centre. Again, it may be seen that an increase in strain in the ED bars, 

caused by decrease in bar length, or increase in bar diameter or distance from the column centre 

(increase in non-prestressed or non-self-centring moment), reduces the ability of the SMA bars to 

recover deformation, leading to more plastic-dominated behaviour. 

Figure 4-14 compares the results of the ED bar combinations displayed as force-displacement 

hysteresis loops. Figure 4-14 (a) compares the results of combinations “INT1” and “INT2”, which 

differ in the diameter in the SMA bars. Both combinations may be seen to have very similar initial 

stiffness and degradation, with the increase in bar diameter increasing strength and hence energy 

dissipation of the system. Figure 4-14 (b) compares the bar combinations “INT1” and “INT3” 

which differ in the position of the SMA bars. Again, very similar stiffnesses may be observed, with 

slightly increased strength, energy dissipation, and residual displacement shown in the “INT3” 

combination. 

Figure 4-15 shows the force-displacement hysteresis loops for the “INT2” combination compared to 

the equivalent case using internal mild steel only in (a) and the equivalent case using internal SMA 

only in (b). The “INT2” combination was used as the reference case as it showed more favourable 

results in terms of energy dissipation and residual drift compared to the other combinations, and 

was deemed the most efficient case. Figure 4-15 (a) clearly shows the advantages of the addition of 

the internal SMA to the model containing mild steel only, with increased energy dissipation and the 

SMA acting to reduce the residual displacement of the system. Figure 4-15 (b) shows the effects of 
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adding internal steel to the model containing SMA only, with obvious increases in both energy 

dissipation and residual displacement. 

Lastly, Figure 4-16 shows the chosen combination (“INT2”) as compared to the models of the 

conventional monolithic column in (a), and that of the PTFRP column without added dissipaters in 

(b). Very favourable hysteresis behaviour may be observed in both cases, with “fat” loops 

indicating adequate energy dissipative capacity, increased strength and stiffness behaviour, and 

good re-centring behaviour. 
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4.2 Addition of External ED Bars 

Another method which may be used to increase the energy dissipation in the rocking system is the 

addition of externally placed dissipater bars, again using either mild steel or SMA. The use of 

external bars allows for easy inspection and replacement of the bars after a major seismic event, 

making them superior to internal bars in lifetime cost and ease of repair. Literature on the use of 

energy dissipaters in rocking systems, including a summary of parameter changes and the use of 

internal versus external bars was presented in Section 2.3.2. With reference to Table 2-1, studies 

utilising external dissipaters include those of Marriott et al. (2009) using mild steel bars, Guo et al. 

(2016) using aluminium bars, Chou and Chen (2006) using steel plates, and ElGawady et al. (2010) 

using steel angles. 

As before, the original validated PTFRP bridge column may be used, with bars simulated externally 

using vertical 3D spar elements to represent the dissipaters. These connect to the column with a 

short horizontal element which is merged with the internal column nodes. The base of the dissipater 

is likewise merged with nodes in the model foundation, simulating a perfect bond. The use of 

external bars with the PTFRP model is illustrated in Figure 4-1 (c). 

All column and bar properties remain the same as in previous simulations, with the cyclic quasi-

static loading applied up to 4.6% drift according to Figure 3-2, as previously. 

The parameters explored in the simulation of the external bars are: 

1) ED bar diameter: as with the internal bars, two bar diameters were modelled in order to 

determine the effects of additional material on the behaviour of the system. The diameters 

used are a 16 mm (equivalent to a U.S. no. 5 bar, 5/8 in.) diameter bar, and a 10 mm 

(equivalent to U.S. no. 3 bars, 3/8 in.) diameter bar. 

2) Length of ED bar: the length of the ED bars extending above the column foundation is 

varied using the same proportions utilised for the simulation of the internal bars, in order to 

explore changes in material amount and yield behaviour on the system. To reiterate, the bars 

extension above the foundation equates to 3.33%, 5%, 6.66% and 8.33% of the total length 

of the column. 

4.2.1 Mild Steel External Bars 

4.2.1.1 Results of the Parametric Study using External Mild Steel Bars 

The results of the simulations utilising the externally placed mild steel bars are summarised in Table 

4-7 and Table 4-8. The amount of hysteretic energy dissipation of the system is again shown as a 
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percentage of that dissipated in the conventional monolithic column model, and is presented in 

Table 4-7. The calculated system residual drifts are shown in Table 4-8. 

Table 4-7: Hysteretic energy dissipation of PTFRP system with external mild steel bars (as percentage of conventional) 
shown with change in bar length, diameter and position 

 

Table 4-8: Residual drifts (%) of PTFRP system with external mild steel bars shown with change in bar length, diameter 
and position 

 

It can be seen that using a bar diameter of 16 mm leads to a large amount of energy dissipation, 

which is above that of the monolithic column (i.e. greater than 100%). However, although smaller 

than those displayed in the monolithic column, the system also experiences large residual drifts. The 

external mild steel bars display less energy dissipative capacity than their internal counterparts, 

which is to be expected in this case due to the nature of the fixity of the bars. This is consistent with 

what has been seen in the literature, such as in Marriott et al. (2009), however, the difference in 

energy dissipation between the internal and external bars shown by Palermo et al. (2007) and 

Marriott et al. (2009) appears to be larger. This may be attributed to the method of fixity of the bars 

in the experimental testing in the literature, and the results would likely be different with different 

methods of fixity. As the method of fixity of the external bars in the current simulations is not 

entered into in detail (a simple method is used, as mentioned), it is expected this will affect the 

results. As the literature is not extensive in this area, it is difficult to tell the level of uncertainty 

which may be present here. As with the internal ED bars, the results of energy dissipative capacity 

which are above those shown in the monolithic column are likely increased due to the use of FRP 

wrapping in the rocking column model.  

Focusing on the 10 mm bars, a dissipater length equivalent to 5% of the total column length appears 

the most beneficial for use. Whilst the equivalent 3.33% length provides the most energy dissipation 

capacity, it also has a significantly increased residual displacement. The equivalent 5% length still 

bar length (%) 10 16

3.33 45 143

5 42 128

6.66 41 128

8.33 40 122

bar diameter (mm)

bar length (%) 10 16

3.33 0.24 1.03

5 0.1 0.75

6.66 0.12 0.74

8.33 0.11 0.69

bar diameter (mm)
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shows good hysteretic energy dissipation whilst reducing the residual drift to 0.1%. Although 

providing only 42% of the energy dissipation of the conventional monolithic column, it has nearly 

doubled the dissipative capacity of the PTFRP column without dissipaters, whilst maintaining good 

self-centring capabilities. It should be noted, however, that equivalent lengths of 6.66% and 8.33% 

also appear similarly beneficial. 

With the exception of the equivalent 3.33% length bar, very little difference in both energy 

dissipation and residual displacement is observed with change in length, whereas larger differences 

could be noticed in the simulations with internally placed mild steel ED bars. The trends observed 

with increase in bar diameter, however, remain true for the external bars.  

Graphical representations of the cumulative hysteretic energy dissipation and the residual 

displacements at applied drift loading levels are shown in Figure 4-17 for 10 mm bars, and Figure 

4-18 for 16 mm bars, changing with respect to the length of the bars (equivalent to 3.33%, 5%, 

6.66% and 8.33% of the length of the column). Figure 4-19 shows the effect of change in bar 

diameter on the energy dissipation and residual displacement, shown for a bar length of 3.33% of 

the column length in (a) and (b), 5% of the column length in (c) and (d), 6.66% of the column 

length in (e) and (f), and 8.33% of the column length in (g) and (h). It is interesting to note that the 

externally placed bars of 10 mm diameter have some self-centring effect on the column system, as 

can be seen in Figure 4-17(b). This self-centring action reduces with reduction in length of the 

dissipater, that is, with increase in strain in the ED bars, but the two longer lengths show distinct 

recoverable displacement at 4.6% drift. It should also be noted that although the bars showed large 

plastic strains, they can easily be inspected and replaced, as compared to the internal steel bars 

which showed similar plastic strains. The 16 mm bars show decidedly more energy dissipation and 

residual drift than the 10 mm bars, and the large strains leading to the large plastic deformation in 

the bars appears to have precluded any self-centring effects. This is in keeping with observations of 

the self-centring effects of the SMA which decrease with increase in bar strain, due to decrease in 

bar length, increase in distance from column centre, or, in this case, increase in bar diameter.  

The force-displacement hysteresis loops shown in Figure 4-20 and Figure 4-21 are based upon the 

10 mm bar at a length equivalent to 5% of the column length, which was identified as a beneficial 

bar configuration. Loops comparing the effects of the change in length and the diameter of the bars 

are shown in Figure 4-20 (a) and (b) respectively. These figures reinforce the observations made 

from Table 4-7 and Table 4-8, with very small changes observed with change in length (in this case 

shown for equivalent 5% length and 8.33% length for 10 mm bars), and fairly large changes in 

strength, stiffness and material degradation leading to an increase in residual displacement, seen 
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with increase in bar diameter (in this case for an equivalent 5% length). Figure 4-21 shows the 

hysteresis loops for the chosen example iteration compared to that for the conventional monolithic 

column in (a), the PTFRP column without added dissipaters in (b), and the PTFRP with internal 

mild steel dissipaters in (c). Whilst showing increased initial stiffness and strength, and a greatly 

reduced residual displacement, the PTFRP model with external steel can still be seen to show a 

distinct decrease in energy dissipative capacity compared to the monolithic model. In (b), the 

addition of external mild steel dissipaters results in a similar initial stiffness, but increased 

degradation, leading to a higher residual displacement than in the PTFRP model without dissipaters. 

A small increase in strength leads to the recorded increase in energy dissipative capacity. Compared 

to internal mild steel dissipaters in (c), the addition of external dissipaters can be seen to greatly 

reduce the residual displacement of the system, but with much “flatter” loops leading to reduced 

energy dissipation. The initial stiffness and strength of the two systems may be seen to be very 

similar. 
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4.2.2 SMA External Bars 

4.2.2.1 Results of Parametric Study using External SMA Bars 

Table 4-9 and Table 4-10 show the results of the simulations of the PTFRP column model utilising 

external SMA bars. The hysteretic energy dissipation is reported as a percentage of that dissipated 

by the conventional monolithic column, for the 10 mm and 16 mm bars with changing bar length 

(percentage of the length of the column) in Table 4-9, with the residual drifts shown in Table 4-10. 

Table 4-9: Hysteretic energy dissipation of PTFRP system with external SMA bars (as percentage of conventional) 
shown with change in bar length, diameter and position 

 

Table 4-10: Residual drifts (%) of PTFRP system with external SMA bars shown with change in bar length, diameter and 
position 

 

It can be seen that very little difference in both energy dissipation and residual displacement is 

shown with change in length when using 10 mm SMA bars, similar to the trend observed in the 

external mild steel bars. Although the energy dissipation only represents about 30% of that 

dissipated by the conventional monolithic column, all lengths of the 10 mm SMA bars show an 

increase in energy dissipation as compared to the PTFRP column, and maintain very small residual 

drifts of 0.01%. The 16 mm SMA bars give similar residual drifts to the external 10 mm mild steel 

bars (in the order of 0.1%) but show increased energy dissipation capacities. Also similarly to the 

mild steel bars, it can be seen that although the equivalent 3.33% length bar provides the most 

energy dissipation capacity, the corresponding increase in residual drift is quite substantial, and the 

bar length equivalent to 5% of the column is the most efficient, showing 61% of the energy 

dissipation capacity of the conventional monolithic column, and an increase in capacity of 62% 

over the PTFRP column. 

bar length (%) 10 16

3.33 30 69

5 29 61

6.66 29 58

8.33 29 51

bar diameter (mm)

bar length (%) 10 16

3.33 0.021 0.229

5 0.012 0.137

6.66 0.011 0.122

8.33 0.012 0.104

bar diameter (mm)
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As with previous simulations, it may be observed that an increase in diameter and decrease in 

length of the ED bars increases both the energy dissipative capacity and the residual drift of the 

system. 

The cumulative energy dissipation and residual displacements of the column system after 

subsequent applied drift levels are shown in Figure 4-22 and Figure 4-23, for the 10 mm and 16 mm 

bars respectively, with respect to change in dissipater length (equivalent to 3.33%, 5%, 6.66% and 

8.33% of the length of the column). Figure 4-24 shows these criteria with respect to change in the bar 

diameter for the lengths equivalent to 3.33% of the column length in (a) and (b), 5% in (c) and (d), 

6.66% in (e) and (f), and 8.33% in (g) and (h). 

Distinct self-centring behaviour is observed in all the simulations, as evident in Figure 4-22 (b) and 

Figure 4-23 (b). Again, this self-centring behaviour decreases with decrease in length of the ED bar, 

and there also appears to be a slight decrease in self-centring capacity with increase in diameter. 

These observations are consistent with those for previous simulations. All strain values in the 

external SMA bars remain below that of the specified maximum residual strain. 

Hysteresis loops comparing change in length and diameter of the ED bars are shown in Figure 4-25. 

The simulation chosen as a base example is that using a 16 mm diameter, 5% equivalent length bar, 

which is compared to a bar of 8.33% equivalent length in (a), and 10 mm bar in (b). As for the 

external mild steel bars, it may be seen that the change in length of the bar does not noticeably 

change the behaviour of the system. Increasing the diameter of the bar, however, increases both the 

strength and stiffness of the system, leading to increased energy dissipation. Unlike with the mild 

steel external bars though, this does not equate to a large increase in the residual displacement of the 

column, which may be attributed to the superelasticity of the SMA bars and the self-centring 

behaviour observed in Figure 4-22 and Figure 4-23.  

The example simulation is then compared to hysteresis loops of the monolithic column in Figure 

4-26 (a), and the PTFRP column without added dissipaters in (b). Compared to the conventional 

monolithic column, the PTFRP column with added external SMA dissipaters shows very favourable 

re-centring behaviour, with increased strength and stiffness throughout. The “skinny” loops, 

however, still indicate a general decrease in the amount of hysteretic energy dissipation capacity of 

the system. Compared to the PTFRP column without added dissipaters in Figure 4-26 (b), the 

dissipaters can be seen to increase strength and initial stiffness, as well as energy dissipation. Some 

stiffness degradation may be seen under larger drifts, which leads to a slightly increased residual 

drift of the system. Finally, the example configuration is compared to those from the simulations for 

internal SMA dissipaters in Figure 4-27 (a), and for external steel dissipaters Figure 4-27 (b). From 
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4.3 Further Combinations of ED Bars 

In order to maximise the energy dissipation capacity of the column system whilst minimising 

residual displacements, some combination of energy dissipation bars may be used. Based on the 

idea that the external dissipaters may be replaced easily, the most efficient permutation of the 

external mild steel dissipaters, that at a length equivalent to 5% of the column height, and with a 

diameter of 10 mm was used as a base case for the simulations.  

The first combination to be simulated was to double the number of external dissipaters from two to 

four. Due to the circular nature of the column, the second set of dissipaters was placed 

perpendicularly to the first such that an external dissipater is placed at every quarter of the circular 

column. This resulted in a large increase of both the energy dissipated and the residual displacement 

of the system.  

Secondly, together with the external mild steel dissipaters, SMA dissipaters of the same height were 

placed internally, in an attempt to further reduce residual drifts and improve energy dissipative 

capacity. As it has been shown that minimal residual displacement occurs with internal SMA 

dissipaters, these are less likely to need replacing after a seismic event. Four different iterations 

were simulated:  

 COMB1 combines external steel bars with internal 10 mm SMA bars at 50% of the column 

radius. 

 COMB2 combines external steel bars with internal 16 mm SMA bars at 50% of the column 

radius. 

 COMB3 combines external steel bars with internal 10 mm SMA bars at 83.3% of the 

column radius. 

 COMB4 combines external steel bars with internal 16 mm SMA bars at 83.3% of the 

column radius. 

4.3.1 Results of Parametric Study using a Combination of Bars 

The results of these simulations are displayed in Table 4-11, together with the simulation results for 

the single set of external mild steel bars (length equivalent to 5% of the column height, and with a 

diameter of 10 mm) and the doubled set of external mild steel bars. As previously, the hysteretic 

energy dissipation is displayed as a percentage of that dissipated by the monolithic column. 
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Table 4-11: Comparison of hysteretic energy dissipation (as percentage of conventional) and residual drifts with a 
combination of external steel and internal SMA 

 

It can be seen that the system energy dissipation has increased in all cases using a combination of 

bars as compared to using only the external steel dissipaters. With the addition of 10 mm internal 

SMA dissipaters, as in the case “COMB1”, it can be seen that there is an increase in energy 

dissipation to 49% of that displayed in the conventional monolithic column, but with no 

corresponding increase in residual displacement. Case “COMB3” further increases the energy 

dissipation with little increase in the residual drift. 

The remaining cases increased the hysteretic energy dissipation of the system above that shown in 

the case of the conventional monolithic column (i.e. greater than 100%), but resulted in large 

residual displacements. All residual drifts shown, however, are considerably less than the 1.7% 

residual drift shown in the monolithic column (see Table 3-1). It can also be seen that using SMA 

internally at an increased diameter (“COMB2” and “COMB4”) is more efficient in both energy 

dissipated and reduced residual displacement than using extra external mild steel bars (“Double”).  

 The cumulative energy dissipation and residual displacements of the four combinations are 

compared graphically with increasing applied drift levels in Figure 4-28. The combinations utilising 

the internal SMA bars with 10 mm diameter (“COMB1” and “COMB3”) can be seen to provide 

some re-centring behaviour to the system in Figure 4-28 (b). In the case of “COMB2” and 

“COMB4”, which utilised the 16 mm diameter bars, it should be noted that the strain in the SMA 

bars remains well below that of the specified maximum residual strain, despite the large residual 

drifts. The strain in the external steel bars is much larger, indicating that the plastic deformations 

causing the residual drifts are concentrated here. Again, these observations relating to the strain in 

the ED bars is consistent with previous simulations. However, as the strains in the SMA bars are 

recorded to be low in this case, it would appear that the addition of a large amount of non-

prestressed (or non-self-centring) moment in the form of the mild steel bars does not allow any 

superelastic behaviour to develop in the SMA. 

Figure 4-29 compares the hysteresis loops for various combinations, comparing the change in 

internal SMA bar diameter in (a), using “COMB3” and “COMB4”, and the position of the internal 

SMA bar diameter in (b), using “COMB1” and “COMB3”. “COMB3” is used as the base example 

due to its favourable comparative performance. It can be seen that there is very little difference 

Single Double COMB1 COMB2 COMB3 COMB4

ED (%) 42 124 49 150 56 177

RD (%) 0.1 1.01 0.09 0.77 0.1 0.7

DISSIPATER TYPE
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between the two internal bar positions in (b), with the bar farther from the column centre showing a 

slight increase in strength, leading to the increased energy dissipation observed. The change in bar 

diameter, however, may be seen to produce a large difference in initial strength and stiffness, but 

also a rapid degradation in stiffness leading to an increased residual drift in the system. 

Figure 4-30 shows the force-displacement hysteresis loops for the “COMB3” combination 

compared to the equivalent case using external mild steel only in (a) and the equivalent case using 

internal SMA only in (b). Figure 4-30 (a) shows the slight increase of energy dissipation of the 

“COMB3” option over using external steel only, while (b) shows a further increase in energy 

dissipation with a slight increase in residual displacement over the usage of the equivalent internal 

SMA option. 

Finally, Figure 4-31 compares the “COMB3” combination to the hysteresis loops for the 

conventional monolithic column and the PTFRP column without added dissipaters in part (a) and 

part (b) respectively. Compared to the monolithic column, there is favourable re-centring behaviour, 

with increased strength and stiffness. Again, however, the reduced energy dissipation capacity is 

apparent. Strength and stiffness is again improved as compared to the PTFRP column without 

dissipaters, with slightly increased residual drift. The shape of the loops is similar, with the 

increased energy dissipative capacity coming from the improved strength of the system. 
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4.4 Summary 

In an effort to increase the amount of energy dissipative capacity in the precast FRP-wrapped 

rocking column, simulations have been performed utilising energy dissipater bars. These have been 

placed either internally to the column, externally to the column, or in some combination of both, 

utilising both mild steel and SMA materials. Further to this, parameters have been explored 

including changes in the bar diameter, bar length, and, in the case of internally placed bars, distance 

from the column centre. 

A summary of some of the results for each of the groups of energy dissipater bars simulated is 

shown in Table 4-12. This table includes the configurations chosen as examples in each of the 

simulated groups due to their potential within that group for efficiency in energy dissipative 

capacity and residual displacement. Details of each example chosen are reproduced here for clarity: 

 IntMS (internal mild steel): 10 mm diameter (0.5% ED bar ratio), 5% equivalent length, 

positioned at 16.6% of column radius 

 IntSMA (internal SMA): 16 mm diameter (1.125% ED bar ratio), 6.66% equivalent length, 

positioned at 83.3% of column radius 

 IntMS&SMA (internal mild steel and internal SMA combination): combination “INT2”, 

16mm SMA bar at 50% of column radius with 10mm mild steel bars at 16.6% of column 

radius, both an equivalent length of 5% of the column length 

 ExtMS (external mild steel): 10 mm diameter, 5% equivalent length 

 ExtSMA (external SMA): 16 mm diameter, 5% equivalent length 

 ExtMS&IntSMA (external mild steel and internal SMA combination): combination 

“COMB3”, internal 10 mm SMA bar at 83.3% of column radius with external 10 mm mild 

steel bars, both an equivalent length of 5% of the column length. 

Table 4-12: Summary of hysteretic energy dissipation and residual drifts for example configurations in all simulation 
groups 

 

In terms of the parametric study presented, it is difficult to determine an ideal configuration, 

however, the changes in length, diameter and position of the dissipater bars presented here provide 

valuable information as to the variations expected in energy dissipation and residual displacement 

IntMS IntSMA IntMS&SMA ExtMS ExtSMA ExtMS&IntSMA

ED (%) 66 95 94 42 61 56

RD (%) 0.53 0.17 0.38 0.10 0.14 0.10

DISSIPATER TYPE
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of the PTFRP system, and could provide a helpful tool in maximising efficiency of both 

performance and cost during the design process. 

When comparing the energy dissipation and residual displacements of the columns with rocking 

configuration versus those of monolithic construction, it should be noted that the use of FRP 

wrapping in the rocking model means that some benefit in terms of strength and stiffness increases 

over the monolithic model likely act to improve the performance of the column with added 

dissipaters. As such, the differences between these values for the two models would likely be less 

without this advantage. That said, the values may also be compared to those of the rocking column 

without the addition of ED bars, which shows the benefits they add to the structure. 

4.4.1 Internal Bars 

The addition of internal bars to the PTFRP column proved a useful mechanism for increasing the 

hysteretic energy dissipation of the system. A summary of the parameters used for the parametric 

study using internal energy dissipater bars is given in Table 4-13. Results of the simulations for the 

internal mild steel bars were presented in Table 4-1 and Table 4-2, while the results for the 

simulations utilising internal SMA bars were presented in Table 4-4 and Table 4-5. 

Table 4-13: Summary of differing parameters used for simulations with the PTFRP column with added internal energy 
dissipating bars 

 

In the case of the mild steel bars it was possible to increase the energy dissipation of the PTFRP 

column from 23% of that dissipated by the conventional monolithic column to anywhere from 60% 

to 150% with the addition of differing iterations of mild steel bars. There was, however, a 

corresponding increase in the residual drift of the system, which ranged from 0.46% to over 1% 

residual drift. Although less than that of the conventional monolithic column, which showed 1.7% 

residual drift, this is still a substantial increase from the PTFRP column, which showed 0.01% 

residual drift. Through the different dissipater configurations, it is clear to see the effects of 

additional steel (increasing diameter) or additional non-re-centring moment (increasing placement 

STEEL SMA

diameter of dissipater bar in mm

LENGTH OF BAR
3.33; 5; 

6.66; 8.33
3.33; 5; 

6.66; 8.33length of dissipater bar above 
foundation as % of column height

INTERNAL

POSITION

16.6; 50 50; 83.3bars placed at distances from the 
column centre equivalent to % of 

the column radius

BAR DIAMETER
10; 16 10; 16
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from centre) on the residual drift of the column, which is in keeping with the current theory. 

Increasing the strain in the bars by reducing their length presented similar trends. 

The internal SMA bars also showed a good capacity for energy dissipation, ranging from 32% 

through to 101% of the capacity of the monolithic column, depending on length, diameter and 

placement of the bars. Although not displaying as much energy dissipation as their equivalent mild 

steel counterparts, the residual drifts of the system were greatly reduced as compared to those with 

added internal steel. The highest residual drift shown in the simulations utilising SMA bars was 

0.34%, compared to the lowest value of 0.46% for the internal steel bars. In the case of the 10 mm 

bars (equivalent to U.S. no. 3 bars, 3/8 in.) placed at 50% of the column radius, the system actually 

shows less residual drift than that of the PTFRP column without the addition of dissipaters, while 

increasing the energy dissipation from 23% to 36% of that of the monolithic column, proving their 

re-centring capabilities. Perhaps the most efficient iteration, however, is the 16 mm bar (equivalent 

to U.S. no. 5 bars, 5/8 in.), placed at 83.3% of the column radius, with an equivalent length of 

6.66% of the column length. This iteration increases the energy dissipation of the system to 95% of 

that of the monolithic column, whilst only increasing the residual drift to 0.17%.  

The initial cost of the SMA bars over the mild steel options would be greater, but as may be seen in 

Table 4-12, the internal SMA is a much more efficient option for increasing energy dissipation 

whilst maintaining a good re-centring capacity. Furthermore, strains less than the maximum residual 

strain for these iterations of the SMA dissipaters mean that it is possible to achieve both high levels 

of energy dissipation and low residual drifts without permanent damage to the SMA dissipaters, and 

thus repair and replacement of the dissipaters is not necessary (up to the applied 4.6% drift), 

reducing lifetime costs and associated down-time of the bridge after a seismic event.  

In an effort to take advantage of the superelasticity of the SMA, and the deformation recovery 

behaviour displayed in Figure 4-8 (b) and Figure 4-9 (b), whilst also utilising the large energy 

dissipative capacity of the mild steel, internal combinations of steel and SMA bars were simulated. 

A summary of the combinations utilised is presented in Table 4-14. Results of the simulations for 

the internal combination of bars were presented in Table 4-6. 
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Table 4-14: Summary of differing parameters used for simulations with the PTFRP column with added internal steel 
and internal SMA energy dissipating bars (parameters relate to SMA) 

 

The addition of SMA bars to the PTFRP system already containing steel bars can also be seen to be 

beneficial, in both further increasing the energy dissipation of the system, and reducing the residual 

drift of the system which was shown to occur with the addition of steel bars alone. Again, the 

energy dissipation may be increased to near 100% of that of the conventional column, but the 

corresponding residual drift is 0.38%, which is more than solely using the internal SMA. The 

combination of the bars, however, does largely reduce the strains recorded in both the steel and the 

SMA, so may be a viable option for drifts exceeding the 4.6% used here. 

The use of SMA as additional dissipation is not currently covered by the available theory, but its 

potential for use as an energy dissipater has been clearly shown by the simulations performed here. 

Not only does it have the ability to dissipate energy, but its inherent superelasticity means that 

residual displacements are small, and in some cases this property can reduce residual drifts which 

would otherwise be caused by other materials. With reference to Table 4-12, the use of internal 

SMA bars appears to be the most efficient source for the addition of energy dissipation capacity to 

the PTFRP column. It should be noted however, that this comparison is limited to a drift of 4.6%, 

and some configurations of internal SMA bars exceeded, or came near to exceeding the maximum 

strain for superelasticity. Higher lateral drifts may result in a different option becoming the more 

efficient choice. 

The simulations utilising SMA showed similar trends to those utilising mild steel dissipaters, in that 

increasing the strain in the bars, either by reducing their length, or by increasing their diameter, or 

distance from the column centre, resulted in increased hysteretic energy dissipation and residual 

displacement. However, the superelasticity of the SMA, which was shown to contribute to the 

deformation recovery of the system, cannot be accounted for with the current theory, and it is clear 

that some balance between the addition of non-re-centring moment and the superelasticity 

properties of the material needs to be determined in order to predict the behaviour of the system as 

in the case of the current theory for mild steel dissipaters. 

INT1 INT2 INT3 INT4

BAR DIAMETER
10 16 10 16

diameter of dissipater bar in mm

INTERNAL STEEL CONSTANT; DIFFERING 
INTERNAL SMA 

POSITION

50 50 83 83bars placed at distances from the 
column centre equivalent to % of 

the column radius
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It should further be noted that although Ni-Ti is used as the SMA material in these simulations as 

the recommended form for civil applications, other forms are available. Ni-Ti is relatively 

expensive as compared to steel reinforcement, and other forms of SMA, such as iron and copper 

based SMAs, are cheaper but also correspondingly less efficient than the Ni-Ti variation. 

4.4.2 External Bars 

In view of the ability of externally placed energy dissipater bars to be easily inspected and replaced 

after loading, minimising costs and down-time associated with seismic events, a parametric study 

was also performed utilising external bars. 

A summary of the parameters used for the parametric study using external energy dissipater bars is 

given in Table 4-15. Results of the simulations for the external mild steel bars were presented in 

Table 4-7 and Table 4-8, while the results for the simulations utilising external SMA bars were 

presented in Table 4-9 and Table 4-10. 

Table 4-15: Summary of differing parameters used for simulations with the PTFRP column with added external energy 
dissipating bars 

 

The residual drifts in the external mild steel bar simulations can be seen to be greatly reduced as 

compared to those of the internal steel bars. There is, however, a corresponding decrease in the 

amount of hysteretic energy dissipated. This decrease in the energy dissipated by the external 

dissipaters as compared to their internal counterparts may be attributed to the partially bonded 

nature of the internal bars, whilst the external bars remain effectively unbonded along their length. 

This difference, however, may also be dependent upon the way in which the external bars are fixed 

to the column, which was simulated very simply in this study. Nevertheless, with a residual drift of 

0.1% and energy dissipation of 42% of the monolithic column (for 10 mm bars of an equivalent 5% 

length), the use of mild steel external bars remains a viable option for increasing the energy 

dissipation capacity of the PTFRP column.  

The externally placed SMA bars show both decreased energy dissipation and residual displacements 

as compared to the equivalent bars in mild steel, similar to the trend seen when comparing the 

internal bar simulations. When comparing the external SMA bars to the internal SMA bars, 

STEEL SMA

LENGTH OF BAR
3.33; 5; 

6.66; 8.33
3.33; 5; 

6.66; 8.33length of dissipater bar above 
foundation as % of column height

BAR DIAMETER
10; 16 10; 16

diameter of dissipater bar in mm

EXTERNAL
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however, although we see a reduction in the energy dissipated by the use of external bars, there is a 

general increase in the residual drifts recorded. The bonded nature of the internal bars in this case is 

beneficial, as the superelasticity of the SMA bars works to reduce the residual drift of the system, as 

compared to the external SMA bars. 

4.4.3 Bar Combinations 

The combination of internal SMA and external steel dissipaters has the potential to not only benefit 

from the superelasticity of the SMA, but also the ease of repair afforded by the external nature of 

the steel bars. A summary of the combinations utilised for this parametric study is presented in 

Table 4-16. Results of the simulations for the internal combination of bars were presented in Table 

4-11. 

Table 4-16: Summary of differing parameters used for simulations with the PTFRP column with added external steel 
and internal SMA energy dissipating bars (parameters relate to SMA) 

 

The addition of internal SMA to the system with external steel bars is shown to increase the energy 

dissipation of the system without penalty of increased residual drift in the case of the smaller 

diameter bars. However, when using the larger diameter SMA bars, it appears the “balance” 

between superelasticity and non-re-centring moment has been exceeded, and both the hysteretic 

energy dissipation and the residual drift show large increases. The potential of this dissipater 

configuration indicates that it may be worth exploring further iterations to maximise the 

superelasticity of the SMA, particularly because the strain in the internal SMA remains well below 

the maximum residual strain level even with large residual drifts, indicating that it would not need 

to be replaced after a seismic event. 

 

  

COMB1 COMB2 COMB3 COMB4

16
diameter of dissipater bar in mm

83.3bars placed at distances from the 
column centre equivalent to % of 

the column radius

BAR DIAMETER
10 16 10

EXTERNAL STEEL CONSTANT; DIFFERING 
INTERNAL SMA 

POSITION

50 50 83.3
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5 DEVELOPMENT OF 3D FINITE ELEMENT BRIDGE MODEL 

Building upon the single column model detailed in Chapter 3, a bridge model is developed with two 

continuous spans and a single pier substructure, which may be either monolithically constructed, or 

may allow uplift and rocking. This model will allow the behaviour of the bridge superstructure to be 

explored when uplift and rocking occurs in the bridge substructure, as has been seen and detailed in 

the single column model. Again, the FE software ANSYS has been utilised, with the ANSYS 

Parametric Design Language (APDL).  

Various bridge manuals and design guidelines are utilised in the development of the bridge model. 

The manuals quoted are used due to the availability of the documents online and the clarity with 

which the requirements are presented, rather than for the specific region for which they are 

designed. Other U.S. state and international requirements are also available online and were 

checked in conjunction with those utilised.  

5.1 Model Details 

The bridge model consists of a single circular column resting on a foundation. Two bridge spans 

meet at the single column bent with an integral bent cap, and extend on either side supported with 

roller fixity and longitudinal springs to simulate pounding behaviour. 

The bridge geometry was chosen based upon the dimensions used in the previously developed 

column models, with reference also made to the standards utilised for design (as detailed throughout 

this chapter), and consideration of modelling techniques. All parameters and results detailed are for 

a full-scale prototype model, however, it should be noted that due to the nature of the simulations, 

this model proved to be too large for efficient simulation and a 1/5 scale model was used in order to 

shorten simulation time. 

The column is 7620 mm (300 in.) tall with a 1016 mm (40 in.) diameter, and resting on a foundation 

of height 3048 mm (120 in.), width 2540 mm (100 in.) and length 3556 mm (140 in.). The column 

bent cap is 2540 mm (100 in.) deep, 1524 mm (60 in.) wide and 4064 (160 in.) long. A schematic of 

the bridge bent may be seen in Figure 5-2. The bridge units are given in inches in order to remain 

consistent with the original column models which were based upon experimental data performed in 

imperial units. The diagrams show the equivalent dimensions in millimetres. 

The girders are based upon a commonly used single cell box girder section, an example cross 

section of which may be seen in Figure 5-1. This is then simplified to a typical rectangular section, 

as can be seen in Figure 5-2, with depth of box section 2032 mm (80 in.), width of box section 4064 
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5.1.1 Bridge Substructure 

The bridge substructure is made up of the single column and foundation unit. Two different base 

column models are utilised in order to compare the movement of the bridge with and without uplift 

and rocking behaviour. 

A bridge model with a monolithic column, which adheres to current conventional design in that it is 

fixed at the top and bottom interfaces and expected to form plastic hinges under loading, is first 

utilised. For the design of this column, the data from the original column models detailed in Chapter 

3 was considered, however, during the simulations with quasi-static cyclic loading of the monolithic 

column model, it sustained significant damage and showed a large residual displacement. Under 

transient loading, therefore, it is expected that greater damage would occur in the column. Indeed, 

during preliminary analyses under transient loading, it was only possible to obtain data from a 

partial run with simulation failure due to excessive material damage. With FRP wrapping, however, 

it is expected that the monolithic column will show greater strength and less damage, as may be 

inferred from the simulation presented in Section 3.6, where the monolithic FRP wrapped model 

shows reduced damage, but similar hysteretic behaviour to the conventional monolithic model. It 

was thus decided to apply FRP wrapping to the monolithic as well as the rocking columns. Firstly, 

this will allow for a full bridge simulation with the monolithic columns to be run due to the reduced 

damage expected, and thus better data to analyse. Furthermore, utilising FRP wrapping with the 

monolithic column allows for a simplification in the comparison process of simulation data between 

the two bridges (with monolithic or rocking columns), as it will be possible to utilise the same 

concrete material model in both cases. Discrete longitudinal reinforcement may be added (as 

opposed to smeared reinforcement which was previously used) which will allow for a better 

determination of damage and residual displacement. FRP wrapping has been used extensively in 

areas of high seismicity in the design and retrofit of concrete columns, and thus using a similar 

design with FRP is a reasonable benchmark for conventionally designed bridges with monolithic 

columns.  

The rocking column utilised in the second bridge model will be approached in the same way as the 

original rocking column model detailed in Section 3.2, designed such that uplift can occur during 

loading which may develop into a rocking motion, at both the base and top of the column. 

The column details for the bridge model are based upon the original column models developed in 

Chapter 3, however a number of elements of the original models were checked to ensure that they 

fit code criteria for a bridge structure, and subsequently redesigned if necessary. 
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5.1.1.1 Types of Elements and Element Mesh 

All element types are as defined previously for the column models, detailed in Sections 3.1.2 and 

3.2.2. Likewise, the mesh size for the column was found to produce stable results at the same size as 

defined in the initial column models and thus remains the same. In particular, a small mesh size is 

required to correctly simulate the rocking interfaces. 

The foundation mesh is modelled in the same circular pattern as the column mesh, in order to 

facilitate the surface contact between the column and foundation. The remaining foundation face is 

meshed with a 25.4 mm (1 in.) square mesh. The depth of the mesh is 6.4 mm (0.25 in.) for 25.4 

mm (1 in.) in depth, to aid in the impact detection by the surface contact. The remaining depth of 

the foundation is meshed with a 50.8 mm (2 in.) mesh. 

The concrete in the column is modelled with the SOLID185 element, as well as the external FRP 

tube, with the unbonded post-tensioning defined with the LINK180 element, as previously. The 

concrete in the foundation utilises a simplified SOLID65 element with a smeared reinforcement 

ratio. 

5.1.1.2 Concrete Material Models 

Previously, the concrete material model for the column was based upon the experimental results of 

Booker (2008), with the concrete in these experimental models tested to have a strength of 13.8 

MPa (2 ksi). According to AASHTO (as per MnDOT 2015), however, bridge piers should have a 

general strength of 27.6 MPa (4 ksi). The concrete model in the column was thus updated to have an 

unconfined concrete strength of 27.6 MPa (4 ksi), and the new confined model was calculated using 

the method outlined previously in Section 3.4. This new model may be seen in Figure 5-4 (dotted 

line), together with the new projected softening curve (solid line). Also displayed are the parabolas 

utilised in the definition of the softening behaviour as per Section 3.4.3. 

Note that, as explained above, both the monolithic and rocking columns utilise the same concrete 

material model. 
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5.1.1.3 FRP  

The material model and properties of the FRP remain the same as in the original column models, as 

detailed in Sections 3.2.1 and 3.2.4.4. However, in the development of the full-scale bridge model, 

the FRP thickness needs to be changed according to the new size and concrete strength of the pier in 

the bridge model. In the small-scale model, therefore, the FRP thickness utilised in the original 

column models should be double checked according to the theory acquired. This may be done 

through the use of the nominal confinement ratio, which acts as a performance criterion. This ratio 

is defined as the effective lateral confining stress at ultimate, 𝑓′ , to the unconfined concrete 

strength, 𝑓′ . Thus the nominal confinement ratio is defined as: 

 
𝑓′

𝑓′
=

2𝐸 𝑡 𝜀

𝐷𝑓′
 

 
5-1 
 

where  

𝐸  is the modulus of elasticity of the FRP  

𝑡  is the total nominal thickness 

𝜀  is the ultimate tensile strain of the fibres assumed to be 0.02 

The values for the confinement ratio reported in the literature vary widely. Ozbakkaloglu and 

Vincent (2013) tested a total of 83 different concrete-filled FRP tube columns, with the nominal 

confinement ratio varying from 0.1 to 0.49. However, both Ozbakkaloglu and Vincent (2003) and 

Lam and Teng (2003) report that the ultimate tensile strain of the FRP fibres, generally given by the 

manufacturers, is not a realistic value, and instead the recorded strain at FRP rupture, 𝜀 , , should 

be used. Lam and Teng (2003) report experimental results by several researchers, totalling 76 

specimens, with the ratios of rupture strain to FRP material ultimate strain varying from 58.6% -

85.1%. For GFRP, the ratio is reported as 62.4%. This value may be used as a reduction factor, 𝑘 , 

such that  

 
𝜀 = 𝑘 𝜀 ,  5-2 

Based on the compilation of test results, Lam and Teng (2003) also conclude that any FRP confined 

column with a confinement ratio less than 0.07 (using the hoop rupture strain) is insufficiently 

confined. This threshold ensures that the column is adequately confined and strength gains can be 

expected with little expectation of FRP rupture. Considering this, Ozbakkaloglu and Vincent (2013) 

then report the actual confinement ratios from their extensive testing in the range of 0.04 to 0.39. 
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If this ratio is computed for the experimental results presented in Booker (2008), considering the 

above, and using the reduction factor, the value achieved is 0.7, which may be seen to be large as 

compared to the data above. However, as the unconfined strength of the concrete is increased in the 

column (as mentioned in Section 5.1.1.2), the final confinement ratio is reduced to 0.35, which is 

more in line with the literature values. These calculations assume that the remaining material data 

for the FRP remains constant, and thus the corresponding FRP thickness for the full-scale model is 

15.9 mm (0.625 in.). 

As previously stated, the manufacturer stated circumferential flexural modulus is 24.8 x 103 MPa 

(3.6 x 103 ksi), circumferential tensile strength is 275 MPa (40 ksi), shear modulus is 5515 MPa 

(800 ksi), and Poisson’s Ratio is 0.35. 

5.1.1.4  Longitudinal Reinforcement 

Monolithic Column 

The longitudinal reinforcement utilised in the original monolithic model, detailed in Section 3.1.1 

(as per the experiments performed by Booker 2008), of six (equivalent) No.10 Grade 420 bars (No. 

3 Grade 60 in inch-pounds), gives a 1.31% reinforcement ratio which remains adequate for the use 

of bridge piers (Caltrans 2015). An equivalent amount of reinforcement for the full-scale model is 

achieved with ten (equivalent) No. 36 Grade 420 bars (No. 11 Grade 60 in inch-pounds). This 

reinforcement is defined discretely ensuring adequate concrete cover. The reinforcement runs the 

length of the foundation, column and cap beam, and a perfect bond is assumed by merging the 

nodes of the reinforcement and concrete elements.  

As previously, the longitudinal reinforcement is defined with an elasto-plastic bilinear kinematic 

hardening material model, with a Young’s modulus of 200 GPa (29000 ksi), a Poisson’s ratio of 0.3 

and a density of 8000 kg/m3 (500 lb/ft3). The (equivalent) Grade 420 bars (Grade 60 in inch-

pounds) are defined with a tangent modulus of 1760 MPa (255 ksi). 

Note that the reinforcement ratios for the small-scale and full-scale models are not an exact match 

for similitude requirements. The bar sizes for the smaller model were assumed to fall within 

prescribed bar sizes, with the resulting reinforcement ratio being very similar. 

Rocking Column 

As in the original column model, the sole longitudinal reinforcement in the rocking column is made 

of the post-tensioned bar. Assuming the same material properties as laid out in 3.2.1 and 3.2.4.4, the 

unbonded post-tensioned tendon is defined by an elasto-plastic bilinear hardening model and basic 

steel material properties as previously specified, with a yield stress of 810 MPa (117.5 ksi) and a 
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hardening modulus of 3170 MPa (460 ksi) to a manufacturer-provided ultimate stress of 1034 MPa 

(150 ksi). The tendon runs the length of the column, foundation, and cap beam, remaining 

unbonded in the body of the column, and bonded or anchored through the length of the foundation 

and cap beam. 

Similarly to the definition of the FRP, the amount of post-tensioning defined in the original column 

models has to be checked for application to the full-scale bridge model.  

From the literature on unbonded post-tensioned columns, there are two ways to determine the 

amount of post-tensioned reinforcement necessary in concrete columns. In most cases this is 

calculated based upon the axial strength of the column, which is a factor of the specified concrete 

strength, 𝑓′ , and the gross cross-sectional area of the column, 𝐴 . Reported prestressing forces as 

fractions of the column axial strength range from 5% to 10% (Sakai et al. 2006; Ou et al. 2010; Roh 

and Reinhorn 2010a; Larkin et al. 2012), with the most common appearing to be 10%. 

The ultimate force of the tendons utilised also has to be taken into account when determining 

prestressing forces. Again, the amount of prestressing differs in the literature, generally between 

10% and 60% of the ultimate strength of the tendons (Hewes and Priestley 2002; Lee and Billington 

2009; Kim et al. 2010; Roh and Reinhorn 2010a; ElGawady and Sha’lan 2011; Larkin et al. 2012). 

A required area for the post-tensioning tendons may be calculated in this way, assuming the 

common prestressing force of 10% of the column’s axial strength: 

 0.1𝑓′ 𝐴  5-3 

Then, a force as a percentage of the ultimate stress of the tendon must be assumed. In the original 

model 30% was used (as per Booker 2008), which provides a good average as per the literature. 

Thus we have: 

 0.3𝑓  5-4 

where 

𝑓  is the ultimate stress of the tendon material 

Thus to calculate the required tendon area: 

 
𝐴 =

0.1𝑓′
𝑐𝑜

𝐴𝑔

0.3𝑓
𝑝𝑢

 
 

5-5 
 

However, much of the literature has included the use of additional longitudinal reinforcement, 

which was not utilized in the original PTFRP model. In this model (based upon the experimental 
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work in Booker 2008), the unbonded tendon is the sole longitudinal reinforcement in the column.  

In order to avoid changing the fundamentals of the column model to a large extent, this assumption 

will be kept in the bridge model. However, there is a minimum longitudinal reinforcement for 

concrete bridge piers which needs to be adhered to. This is given as 1% of the total column area 

(Caltrans 2015).  

Considering the usage of prestressing bars, as utilized in the original PTFRP model, this equates to 

the use of 10 Grade 150 bars (ultimate stress 1034 MPa) with a 34.9 mm (1.375 in.) diameter 

(Caltrans 2012), which may be grouped close to the centre of the column. This retains the 

prestressing force of 10% of the column’s axial strength, and tendon forces of roughly 30% of the 

ultimate stress. 

In the original column model, the supplied area of post-tensioning greatly exceeds that which is 

required for the small-scale model. In order to comply with similitude for the scale model, the same 

ratio of prestressed tendon area to column area needs to be utilised in the scale model. A similar 

ratio may be obtained by using a prestressing bar of 25.4mm (1 in.) diameter, and reducing the 

corresponding prestressing force to 20% of the ultimate stress of the tendon.  

Hewes and Priestley (2002) discussed the selection of prestressing steel area and initial stress, and 

presented a short parametric study utilised with the design of their columns. The study focussed 

upon changing the initial prestress in the columns, and hence increasing the axial load ratio. It was 

shown that increasing the prestress (and thus axial load), whilst resulting in an increase in the 

column strength, also reduces the overall ductility of the column, and its post-yield stiffness. A 

balance of this strength and ductility is thus required when designing for the post-tensioned steel 

area and prestress. 

It should be noted, therefore, that although versions of the equations above have been chosen for 

their representation in the available literature, multiple variations of the equations would still result 

in a technically correctly designed column. Different versions, therefore, may result in distinctly 

different behaviour in the column and hence in the bridge system as a whole, which may be an area 

in which valuable research could be done in the future. Further, note that for exact similitude, the 

ratio would fall outside of the prescribed prestressing bar area, but the ratios acquired here are 

similar enough to be acceptable to assume a prescribed bar size. 

5.1.2 Bridge Superstructure 

The bridge superstructure is made up of a single cell box girder which is commonly used in practice 

for prestressed girders, and is generally an economical choice. Two continuous spans meet the bent 
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cap and substructure and form an integral connection between the sub and superstructures. 

Although not commonly utilised, with practice leaning towards non-integral supports with the use 

of bearings, numerous examples of bridges of this type may be seen in practice - for example, the 

high profile Aberdeen Channel Bridge in Hong Kong (Mitchell et al. 2011). 

In areas of high seismicity, organisations such as Caltrans have traditionally utilised cast-in-place 

concrete construction with some more recent explorations into precast bridges, and mixes of pre-

cast and cast-in-place construction for sub and superstructures. Both may utilise post-tensioned box 

girder construction, with either drop cap or integral cap construction. An integral construction type 

is favoured by such transport authorities as WISDOT, but are limited in the form of pre-cast 

elements, and generally used for cast-in-place construction. However, there is no reason why 

integral joints cannot be used with precast construction in short to medium span bridges (Wood et 

al. 2015), and there is ongoing research into the use of integral caps for precast construction. For 

example, Marsh et al. (2013; 2014) have detailed a pre-cast system (both sub and superstructures) 

with a monolithic integral bent cap to girder connection, together with monolithic column to bent 

and column to foundation connections for use in the highly seismic region of western Washington 

state. 

Drop bent caps provide non-integral support for girders, typically relying on elastomeric bearing 

pads to provide isolation between the substructure and the superstructure. Bridges with non-integral 

drop caps may also have simply-supported spans which meet on the bent gaps, with gaps providing 

potential areas for pounding damage. The isolation provided by the bearings means that there is no 

moment continuity between the sub and superstructures, with girder behaviour typically remaining 

elastic. This type of design is generally used with precast concrete or steel girders. 

Integral bent caps provide a fixed monolithic connection between the sub and superstructures, with 

the girder integrally cast or attached to the bent cap. This results in moment continuity between the 

sub and superstructures, and the design of columns and/or girders have to be considered to take this 

into account either by using a pinned connection at the column base or by designing a more flexible 

column. The most significant source of increased moment to the substructure is any expansion or 

contraction in the superstructure which would normally be accommodated with joints. 

Using integral construction with the use of rocking columns, however, provides a form of isolation 

not only at the base of the column, but also at the column-bent cap interface, which means that any 

disadvantages of the integral system due to moment continuity between the sub and super structures 

is avoided. It could also be argued that due to this form of isolation, bridge structures including 

bearings are not necessary, which reduces initial set-up and ongoing maintenance costs. 
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Wood et al. (2015) list integral bridge construction beneficial over simply supported bridges due to 

lower construction and maintenance costs, improved constructability and durability, and improved 

vehicle ride quality. Connections of this kind limit pounding actions in simple span joints, and 

eliminate the need for bearings, which can be difficult to replace. In the case of precast structures, 

moment connections between the girders and cap beams are beneficial under longitudinal seismic 

loading to ensure continuity and structural integrity, and under transverse loading as they eliminate 

the need for a stop mechanism, and can avoid unseating behaviour.  

Figure 5-5 shows examples of the two different bridge construction types mentioned, with the 

models rendered in ANSYS. A typical bridge construction with a drop cap beam making up a two-

column bent is shown in (a). The girder in this case is simply supported and rests on bridge bearings 

with an expansion gap where the two girders meet at the bent. In contrast, an integral cap beam and 

girder is shown in (b). This construction does not utilise bearings, and the expansion gap at the 

bridge bent has been eliminated. Figure 5-5 (b) is representative of the model developed in this 

chapter and utilised in the simulations. 

 

(a) 

 

(b) 

Figure 5-5: Example bridge construction (a) with drop cap beam and bearings (b) with integral cap beam and girder 



151 
 

The length of the bridge girders for the full-scale model from bent to roller support is 15.24 m (600 

in.). This is consistent with the Caltrans guidelines for precast box girders which are ideally 

designed with spans between 40 ft - 100 ft (480 in. – 1200 in. or 12 m to 30 m) (Caltrans 2012a), 

and the definition for short span integral bridges according to the NZ Transport Agency (Wood et 

al. 2015).  

With reference to these guidelines, the current defined bridge length may be assumed to represent a 

full span, in which case pounding would occur between the girder and an abutment, or may be 

considered to represent half a span with the presence of an expansion joint or similar gap between 

bridge segments at the span centre where pounding may occur. It is common to see bridges with 

integral cap beams additionally utilise bearings at the girder-abutment interface, for example, the 

Aberdeen Channel Bridge (Mitchell et al. 2011). This is also consistent with the available literature 

considering pounding under seismic loading, which has been detailed in Section 2.6, with lengths 

varying between 18 m (Desroches and Muthukumar 2002), 30 m (Zanardo et al. 2002; Huo & 

Zhang 2013), 40 m (Jankowski et al. 1998) and 50 m (Li et al. 2012). Huo & Zhang (2013) also 

modelled a 36 m long span with an expansion joint in the centre to examine pounding effects. 

In this case, it is assumed that the two 15 m (50 ft) spans are supported by abutments, and pounding 

occurs at the girder-abutment interface, which is simulated with the use of longitudinal springs. As 

such, with the current bridge design, due to the double rocking interface and the use of springs to 

simulate pounding at a non-integral abutment, the bridge can be classified as semi-integral (Wood 

et al. 2015). 

5.1.2.1 Types of Elements and Element Mesh 

Both the bridge spans and cap beam are modelled with the SOLID65 element, as has been 

previously used in the modelling of concrete for the original monolithic column model (see Sections 

2.4.3.2, 3.1.2, and 3.1.4.1).  

The face of the girder is meshed with 50.8 mm (2 in.) square elements throughout. The length of the 

girder is meshed with large scale elements with a depth of 254 mm (10 in.), giving a maximum 

aspect ratio of 5 along the girder. An exception to this is the top web of the girder where it makes 

contact with the integral cap beam, where the length is reduced to 50.8 mm (2 in.) in order to better 

establish contact with the top of the cap beam. 

On the underside, the cap beam mesh is identical to the column mesh pattern in order to aid in the 

surface contact efficiency. The mesh depth changes up the height of the cap beam in order to aid the 

impact behaviour to be captured by the contact. The mesh height is 6.4 mm (0.25 in.) over the first 
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inch of depth, followed by 25.4mm (1 in.) up the remainder of the beam height. For the sides of the 

cap beam not in contact with the column, the mesh size is changed to 50.8 mm (2 in.) in all 

directions. 

5.1.2.2 Concrete Material Models 

According to AASHTO criteria, as summarised in the MnDOT LRFD Bridge Manual (2015), the 

concrete strength in the bridge girders is assumed as 48 MPa (7 ksi). It is further assumed according 

to these specifications, that a unit weight of 0.150 kcf may be used (as for pre- or post-tensioned 

elements), a Poisson’s ratio of 0.2 may be adopted, and the Modulus of Elasticity may be calculated 

as per AASHTO Equation 5.4.2.4-1, where 𝐾 = 1, and for 𝑓′  greater than 6 ksi: 

 𝐸 = 33000𝐾 𝑤 . 𝑓′  (𝑘𝑠𝑖) 5-6 
 

Smeared reinforcement throughout the girder is thus assumed to be 2%. This ratio encompasses 

both prestressed and unprestressed reinforcement throughout the girder cross-section and was 

judged to be a good approximation based upon evidence in literature. For example, Su et al. (2015) 

performed experimental tests on a prestressed box girder with reinforcement ratios of 1.6% and 

1.8% in the sagging and hogging-moment regions of the girder respectively. Thus a uniform value 

of 2% seems an appropriate approximation. No prestressing forces are applied in the girder, and all 

steel reinforcement properties remain the same as in the previous column models. 

The SOLID65 element is used for the meshing of the girder as stated, but with both cracking and 

crushing capabilities turned off, and no further constitutive models utilised, as for the foundation 

concrete definition in Section 5.1.1.2. In general, the superstructure of a bridge is expected to 

remain elastic under seismic loading (Priestley et al. 1996), and due to the semi-integral nature of 

the specified bridge model, this is not expected to change. No other plastic behaviour of any other 

kind (e.g. pounding) is expected in the body of the girders, thus it is not necessary to specify a 

damage model for the concrete in the girder. The SOLID65 element was retained for use in this area 

due to the ease with which reinforcement may be specified for inclusion in the total weight of the 

model. The element is utilised with an elastic material definition calculated using equation 5-6. 

The cap beam utilises the same concrete strength as the remainder of the girder. The elastic material 

model was further utilised, following the same reasoning as for the foundation detailed in Section 

5.1.1.2. 
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5.2 Contact 

3D surface-to-surface contact and the penalty method contact formulation were utilised in all areas 

utilising pure contact, as in the original PTFRP model. Discussions on the choice of these options 

were presented in Section 3.2.7. In the rocking bridge model, the only areas utilising pure contact 

are the column-foundation and column-beam interfaces (in the monolithic model, these interfaces 

are merged as contact is not required). These elements are defined as for the original PTFRP 

column model, details of which can be found in Section 3.2.7. 

5.2.1 Multi-Point Constraints 

Multi-point constraints (MPCs) are applied in conjunction with bonded contact elements, and can 

be used to connect two solid entities with different mesh patterns. They provide a rigid linear 

contact formulation which is cheaper computationally than regular bonded contact, and does not 

require a separate stiffness definition, which is well known to cause convergence problems in 

ANSYS if incorrectly defined. The connection is determined in the initial steps of the analysis in the 

same way as for regular contact elements, but after this the contact elements are replaced with 

internal constraint equations. 

A large benefit of using MPCs is the ability to join areas with different meshing patterns, without 

the computational expense of pure contact. This also means that areas of the model can be defined 

with a larger mesh where necessary, thus reducing simulation time. 

MPCs are thus utilised in the model for the following purposes: 

 Cap beam: different areas of the cap beam utilize MPCs in order to use a coarser meshing 

pattern in areas of less importance. 

 Integral cap beam – girder interfaces: MPCs are used here to join the girder to each side of 

the integral cap beam. As a perfect connection is assumed during casting, this is the most 

efficient way to join these structural elements. 

 Integral cap beam – top girder web interface: as the surface of the cap beam is meshed in a 

circular pattern to match the column, as already described, MPCs were utilised to join the 

top surface of the girder to the top surface of the cap beam. 

5.3 Boundary Conditions 

Boundary conditions are applied at the base of the foundation, with fixity in the translational 

directions not subjected to earthquake ground motions. 
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Vertical translation (roller) fixity is applied at the opposite end of each of the two girder spans. 

Further to this, spring elements are defined in the longitudinal direction with a stiffness equivalent 

to an assumed adjacent abutment.  

5.3.1 Longitudinal Springs 

Longitudinal springs are defined in the model at the ends of each of the two girder spans. These 

springs are used in order to model pounding behaviour, without the complexity of additional 3D 

structures, by assigning a stiffness to the spring elements which is equivalent to that of an adjacent 

abutment. COMBIN40 elements in ANSYS allow the definition of a spring stiffness and damping 

coefficient as well as a perceived “gap” between structural elements. Thus, the COMBIN40 

elements act as simplified contact elements, and are largely used in the literature for this purpose, as 

detailed in Section 2.6.  

Although a fully nonlinear 3D contact model would be the most accurate method of simulating 

pounding behaviour in the bridge model, in the current case, where the amount of movement and 

pounding behaviour specifically due to the introduction of uplift and rocking behaviour in the 

bridge piers as compared to a conventional monolithic bridge pier is being explored, a simplified 

model is deemed sufficient for this comparative behaviour. It should be noted, however, that 

although a linear spring is used, due to the nature of the definition of the elements at the ends of the 

girders, the behaviour expected may still be considered “arbitrary”, as any number of springs may 

or may not be “in contact” at any one time. 

In the initial model, the spring stiffness, 𝑘, is assigned as 

 
𝑘 =

𝐸𝐴

𝐿
 

 
5-7 
 

where 

𝐸 is the modulus of elasticity of the concrete 

𝐴 is the cross sectional area of the abutment 

𝐿 is the axial length of the abutment 

For the purposes of the stiffness calculation the dimensions of the abutment are taken as shown in 

Figure 5-6, with a length equal to the width of the bridge girder of 4064 mm (160 in.). The 

abutment is taken with a height of 3175 mm (125 in.), width of 1270 mm (50 in.) and seat height 

and width of 1016 mm (40 in.) and 762 mm (30 in.) respectively. 
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The spring “gap”, which would be expected to be equivalent to a structural joint either between a 

girder and abutment or between adjacent girders, indicates the displacement of the girder before the 

spring stiffness and any damping is activated. An assumed gap of 51 mm (2 in.) is utilised for the 

simulations under multiple time-histories, in order to compare all simulations easily.  

5.4 Similitude Requirements 

When utilising a scale model, similitude laws have to be applied in order to properly represent the 

behaviour of the structure. Several laws exist for this purpose; however, an acceleration based law, 

in which acceleration is modelled at unity, is generally utilised for pseudodynamic tests, in order to 

take into account both gravity and inertia effects. In order to accurately model the behaviour of the 

structure, this law requires the addition of mass to the model, and loading applied in a compressed 

time frame. A further advantage of this law is that material definitions remain the same as in the 

original structure. The similitude requirements are thus calculated using dimensional analysis 

following the methodology laid out in Bracci et al. (1992). 

5.4.1 Mass Similitude 

Due to the modelling of acceleration at unity, and the use of the same material models as the 

prototype structure, a correction has to be applied to the mass of the model in order to accurately 

represent the original structure. This may be understood by examining the scale factors for these 

model attributes, where the scale factors for acceleration, 𝜆 , and the elastic modulus, 𝜆 , remain 

unity (one), and the geometric length factor, 𝜆 , in this case is equal to five. Thus, for material 

density: 

 
𝜆𝜌 =

𝜆𝐸

𝜆𝑙𝜆𝑎

=
1

𝜆𝑙

 
 

5-10 
 

However, as stated, the material properties remain the same in the model as in the original structure, 

therefore 𝜆 = 1. Thus, for the model to be properly scaled, the material density is adjusted by the 

addition of mass to the model. If the mass may be defined as a product of the material density, 𝜌, 

and the material volume, 𝑉, as follows 

 𝑚 = 𝜌𝑉  5-11 

and the scaling factor for the volume, 𝑉, may be considered as 𝜆 , then the difference between the 

required mass due to providing material density at unity, and the provided mass, may be calculated 

and the mass adjusted using the following equations 
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𝑚 =

𝑚

𝜆
 

 
5-12 
 

 
𝑚 =

𝑚

𝜆
 

 
5-13 
 

where 

𝑚   is the required mass of the model 

𝑚  is the provided mass of the model 

𝑚   is the mass of the original structure or prototype model 

5.4.2 Time Similitude 

In order to simulate real-time dynamic tests under the acceleration similitude law, a scale factor, 𝜆 , 

has to be applied to the time as follows 

 
𝜆 =

𝜆

𝜆
 

 
5-14 
 

Thus, the time history of the applied earthquake loading is compressed by a factor of 1/√5. The 

applied compressed loading is presented along with the original time-history curves in Section 

5.6.2. 

5.4.3 Summary of Similitude Factors 

A summary of the factors required for, or affected by, the changes for similitude is shown in Table 

5-1. 
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Table 5-1: Summary of similitude factors 

QUANTITY DIMENSION 

  
Length 𝜆  

Geometry Area 𝜆  

  Volume 𝜆  

  
Stress 1 

Strain 1 

Materials Elastic Modulus 1 

Mass 𝜆  

  Density 𝜆  

  
Time 𝜆 /

 

Dynamic Frequency 𝜆 /
 

 
Acceleration 1 

 
Force 𝜆  

Forces Weight 𝜆  

 
Energy 𝜆  

 

5.5 Modal Analysis 

Modal analysis utilises the mass and stiffness of the structure to determine the natural frequencies at 

which it vibrates. Determining the modes of the structure allows for a better understanding of how 

the structure will behave under seismic loading, whilst determination of the natural frequencies of 

vibration generally allows for the design of the structure such that its natural frequencies do not 

coincide with the expected frequencies of earthquakes in that area, which would create resonance 

and increase the demands on the structure. 

5.5.1 Modes of Rocking Structures 

When it comes to the modes of rocking structures, some differences are apparent as compared to 

fixed structures. Through experiments Qin and Chouw (2013) showed that structures allowing uplift 

have a longer period of structural response than those with a fixed base. The response period of the 

uplifting structure was also reliant on the amplitude of displacement of the structure in the free 

rocking tests, which is consistent with the initial rocking body tests of Housner (1963). 
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In terms of existing bridge structures allowing uplift, Chopra (2012) reports the fundamental natural 

vibration periods of the Golden Gate Bridge as 18.2s for transverse vibration, 10.9s for vertical 

vibration, 3.81s for longitudinal vibration and 4.43s for torsional vibration. These periods 

correspond to natural frequencies of 0.055Hz, 0.092Hz, 0.262Hz and 0.226Hz respectively. The 

South Rangitikei Bridge is reported by Cormack (1988) to have a transverse natural period (before 

uplift) of 1.6s, with the longitudinal period reported as close to 2.0s. 

Qin and Chouw (2013) show an increase in period of the structure after uplifting is permitted, with 

a distinct change occurring in the period at uplift. The South Rangitikei bridge uses energy 

dissipaters in each leg of the “stepping” bridge, and it is unclear whether the function of these 

dissipaters is limited to the reduction of the rocking motion once started, or whether the dissipaters 

control or limit the amount of uplift achieved in the bridge piers. For this reason, it is difficult to 

determine the effect the uplift itself has on the natural period of the structure. Using a scale model 

of the bridge, Ma and Khan (2008) were able to achieve a transverse natural period of 1.63s without 

uplift, which correlates well with the value reported by Cormack (1988). After uplift, the natural 

rocking periods for the scale model were between 1.73s-4.33s depending on the amplitude of 

vibration (higher amplitude, longer period). 

Mantawy et al. (2016) estimated the period of the bridge structures used in their experimental 

testing (detailed in Section 2.2.2), and show an increase in the period of the bridge with columns 

allowing uplift once the motions had increased to a point where uplift could occur. Specifically, the 

authors attribute the increase in period to longitudinal bar fracture and yielding of the prestressed 

strands which occurred under larger motions. This would allow more movement in the columns, 

contributing to the increase in period noted by other authors as mentioned. 

5.5.2 Modal Analysis in ANSYS 

Determining the natural frequencies of the bridge structure is complex in ANSYS. Traditionally, 

modal analysis is performed for linear structures only, and thus the bridge model, which relies 

significantly on contact in areas of uplift, cannot be modelled exactly for modal analysis. The 

contact elements at the areas of uplift, in particular, affect the stiffness of the system used in the 

modal analysis, which causes errors. Another area of concern is the rocking behaviour itself, as the 

natural period of the rocking structure has been seen in the literature to differ depending on 

amplitude of vibration. Further, the definition of the spring elements at the girder ends are designed 

to contribute stiffness to the analysis once a defined gap is closed, simulating pounding. However, 

whilst spring stiffness may be taken into account in a modal analysis, it is not done so if a gap is 

present. 
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The modal analysis that has been completed in ANSYS may thus be used to get an idea of the 

vibrating modes of the bridge, but the outlined potential sources of error should be taken into 

account when analysing the results. As, in this case, the modal analysis is intended to better 

understand the behaviour of the bridge structure with rocking columns under any seismic loading, 

rather than design the structure for a specific region or intended frequency of motion, the 

determination of accurate natural frequencies for the bridge is not critical at this stage. 

It should further be noted that the natural frequencies computed are the undamped natural 

frequencies which assume no structural damping. In most practical cases the damped natural 

frequency is very close to the undamped natural frequency and so the values computed may be 

applied to the equivalent damped structure. 

5.5.3 Modal Analysis Results 

The first two structural modes of the bridge model with the rocking column are the transverse and 

longitudinal uplift of the column. ANSYS simulation of the model gives these two modes with a 

very similar frequency of 4.6499 Hz and 4.6776 Hz respectively, which equates to modal periods of 

0.2151s and 0.2137s. The parameters of the prototype model thus become  2.079 Hz and  2.092 Hz 

with corresponding periods of 0.4809s and 0.4780s for the transverse and longitudinal uplift of the 

columns respectively. The remaining modes of the structure are of much higher frequency and are 

concentrated in the superstructure of the bridge model. As the model does not allow for deck 

unseating or other similar modes of failure, the stiffness of the superstructure dominates the 

remaining modes, and these behaviours, for example buckling behaviour in the superstructure, are 

unlikely to occur. 

With the addition of energy dissipater bars, the frequencies of the first two rocking modes are 

increased to 6.6969 Hz and 6.7550 Hz in the transverse and longitudinal directions respectively, 

which lowers the modal periods of the structure to 0.1493s and 0.1480s. For the prototype model, 

this equates to 2.995 Hz and 0.3339s in the transverse direction, and 3.021 Hz and 0.3310s in the 

longitudinal direction. This reduction in period is related to the introduced limitation to the rocking 

motion in the bridge structure due to the presence of the dissipaters. 

The bridge model with the monolithic column similarly shows the first two modes as movement of 

the substructure in the transverse direction, followed by movement in the longitudinal direction. 

The frequencies of these two modes are 10.65 Hz and 11.39 Hz respectively, which give periods of 

0.09390s and 0.08780s. For the prototype model these equate to 4.763 Hz and 5.094 Hz, with 

periods of 0.2100s and 0.1963s for the transverse and longitudinal directions respectively. The 
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reduced period of motion for the bridge model with the monolithic column is in keeping with 

expectation, as the column uplift has been shown to increase the structure’s period. 

Thus it is expected that the bridge model has two significant modes, the first with deformation in 

the transverse direction, and the second with deformation in the longitudinal direction. Before uplift 

of the columns occurs, the period of these motions may be expected to be around 0.20s. After uplift 

has occurred, the period of the structure lengthens to around 0.48s and is expected to vary between 

0.20s – 0.48s depending on the amount of uplift occurring. This is consistent with the little research 

available in this area as detailed in Section 5.5.1. The high stiffness of the structure is consistent 

with the use of both concrete box girders and integral cap beam to girder connections. 

5.6 Loading 

Transient dynamic analysis, or time-history analysis, is used to determine the dynamic response of 

the bridge structure. This analysis takes into account inertia and damping effects in order to fully 

describe the response of the bridge to earthquake ground motions. 

The loading is applied at the base of the foundation. Similarly to the previous column models, initial 

steps are used to identify the state of the model due to the post-tensioning, followed by the addition 

of gravity. After these steps, the earthquake loading is applied in a dynamic analysis. Additional 

load is applied to the bridge model as per the mass similitude requirements detailed in 5.4.1. 

In the study of pounding in bridges, the seismic loading is generally applied horizontally in the 

longitudinal direction, which gives an acceptable approximation of the pounding behaviour of the 

structure, and is usually conservative for design purposes. In reality however, excitations may occur 

horizontally in the longitudinal or transverse directions, or include components of both directions in 

the case of ground excitation at any angle to the bridge supports. Few studies have considered 

loading in the transverse or vertical directions, or bi-directional loading, and what effect these 

excitations will have on pounding behaviour. Nielson and DesRoches (2007) considered the effects 

of longitudinal and transverse excitations separately and compared pounding and substructure 

responses due to the two different directions of motion. Using a detailed nonlinear 3D analytical 

model of a multi-span simply supported bridge, they found that the critical column response 

occurred in the longitudinal direction, with no pounding occurring when applying loading in the 

transverse direction. Vertical ground motions may also occur due to near-field excitations, but they 

are not widely utilised in the literature, which is a generally accepted practice. 

In terms of bridges which allow column uplift, few studies, either experimental or analytical, have 

considered the effects of seismic excitations. Studies have mainly been limited to single columns, or 
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two-column bridge bents under quasi-static cyclic loading, as detailed in Section 2.2. Cheng (2008) 

performed an experimental study on a scale model of a two-column precast concrete bent under 

seismic loading, which was applied in the transverse direction through the use of a shake table. 

Although a step further than cyclic load testing, providing valuable information into the onset of 

uplift and rocking under seismic excitation, and the damping of the system, the study does not offer 

much insight into the behaviour of a whole bridge structure under seismic loading. A more recent 

experimental program detailed in Mantawy et al. (2016) applied shake table loading in the 

transverse direction to scaled bridge structures, one conventionally detailed, and one allowing 

uplift, as mentioned in Section 2.2.2. This study, however, focuses upon the damage in the columns, 

and the resulting residual drifts of the systems, which has been established in some detail with 

single column models in previous literature, and does little to highlight the differences in behaviour 

of the bridge as a whole. 

In order to understand the role of uplift in an entire bridge structure undergoing seismic loading, a 

one-directional longitudinal excitation will be applied to the model. This will enable us to see the 

effect of uplift on both the sub and superstructures. 

5.6.1 Loading Time Step 

For transient loading, the time step of the analysis is normally related to the frequency of the modes 

of excitation of the structure. This integration time step is important for the accuracy of the dynamic 

solution of the simulation. As a general rule of thumb, the time step should be small enough such 

that the behaviour of the structure is captured. Thus the frequency of the highest mode of interest is 

utilised to estimate time step size. For the implicit Newmark time integration scheme utilised in 

ANSYS, a generally accepted and utilised benchmark for the time step size is twenty points per cycle 

of the highest frequency of interest. That is (ANSYS Inc. 2011): 

 
𝐼𝑇𝑆 =

1

20𝑓
 

 
5-15 
 

where 

ITS is the Integration Time Step 

𝑓 is the highest frequency of interest 

In the case of the current model, the highest frequencies of interest are the lateral and longitudinal 

deformation or rocking of the column. The remaining frequencies are much higher than these due to 

the relatively high stiffness of the bridge superstructure. Considering the longitudinal deformation 
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of the bridge pier in the monolithic column as the highest frequency of interest, rounded off to 0.8 

Hz, this gives an ITS of roughly 0.06s. 

This, however, is an estimation, with a smaller time step size generally required depending on the 

nature of the excitation. 

Further to this, in simulations involving the use of contact, the contact frequency needs to be taken 

into account. In the case of the rocking motion in the bridge pier, this becomes particularly 

important as the time step needs to be small enough in order to document changes in the contact 

status during time steps.  If the impact of the column on the foundation during the rocking motion is 

also to be taken into account, the time step needs to be small enough to capture the energy transfer 

between the two surfaces in order to conserve momentum. ANSYS Inc. (2011) thus suggests the 

time step be calculated using the contact frequency, 𝑓 , where  

 
𝐼𝑇𝑆 =

1

𝑁𝑓
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𝑓 =
1

2𝜋

𝑘

𝑚
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where 

𝑁 is the number of points per cycle, recommended as at least 30 

𝑘 is the stiffness of the gap between the two contacting surfaces 

𝑚 is the effective mass acting at the gap 

Using the above equations, it should be noted that the time step is highly dependent on the contact 

stiffness. Taking this into consideration, the time step size should be between 0.0005s and 0.001s. 

On top of this guideline, the automatic time stepping feature in ANSYS may be used, which gives an 

average time step of 0.0006s. Further care has to be taken with the definition of the time step, as 

defining increasingly small steps may lead to numerical difficulties. 

5.6.2 Utilised Ground Motions 

The ground motions chosen as per the guidelines presented in Section 2.5 and utilised in the 

simulations are presented below. In all cases, the “Horizontal-1” component of the ground motion 

as defined in the PEER database is used, regardless of recorded direction. 

After the selection of the loading sequences, it was decided to use the earthquake motion’s 

significant duration as a loading criterion for the bridge models. The significant duration is typically 
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used as a measure of strong motion duration, defined as the time interval between 5% and 95% of 

the motion’s Arias intensity. In other words, the time interval when the majority of energy is 

dissipated.  The significant duration is used extensively in engineering applications, and in this case 

allows for the effect of the majority of the earthquake energy on the bridge model to be assessed 

without the addition of considerable simulation time in which energy contribution is small. In the 

case of the Kobe earthquake data, for example, the loading duration can be reduced by almost three 

quarters by using the significant duration, representing a considerable simulation time saving. It 

also means that rocking is likely to occur throughout the application of the base excitation, allowing 

this motion to be studied more effectively. 

Thus, energy is represented by the integral of the ground acceleration squared, or Arias intensity, 𝐼  

(Arias 1970; cited in Kempton and Stewart 2006): 

 
𝐼 =

𝜋

2𝑔
𝑎 (𝑡)𝑑𝑡 
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where 

𝑎(𝑡) is the acceleration time history 

𝑔 is the acceleration due to gravity 

𝑇 is the duration of the acceleration recording 

If necessary, the D5-95 loading is extended slightly such that the displacement is reduced to zero at 

the end of the loading sequence. Additional time with no loading is then allowed in an attempt to 

allow the substructure to come to rest, which should give a more accurate picture of the damage in 

the substructure, and the superstructure behaviour.  

The time history curves for the utilised ground motions are shown in Figure 5-7 to Figure 5-12. 

Figure 5-7, Figure 5-9, and Figure 5-11 show the original time-history curves of the earthquake 

ground motions, with the acceleration time-history shown in (a), the velocity time-history shown in 

(b), and the displacement time-history shown in (c).Figure 5-8, Figure 5-10, and Figure 5-12 show 

the significant duration time-history curves – again with acceleration shown in (a), velocity in (b), 

and displacement in (c). The data utilised and displayed was obtained from the PEER Ground 

Motion Database.  

5.6.2.1 Kobe, Japan 1995: Nishi-Akashi 

The Kobe earthquake in 1995 was one of the most intensive seismic events in recent years. It is 

characterized as a near-field event, and displays pulse-like behaviour, with a short duration of peak 
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motion and a narrow frequency field (Moustafa and Takewaki 2012). Caused by a strike-slip 

mechanism, the Kobe earthquake has a moment magnitude of 6.9 (PEER database) and a calculated 

seismic moment, based upon the Harvard moment estimation, of 2.4x1019 Nm (Fukushima et al. 

2000). The ground motion used was recorded at the Nishi-Akashi station, which was situated at a 

Joyner-Boore distance of 7.08 km from the fault, where the Joyner-Boore distance is a measure of 

the horizontal distance from the edge of the rupture plane to the site.  

Usage of this data allows the model to be subjected to a typical near-field earthquake with large 

short-period acceleration pulses, such as have been seen in many critical events. Further, a 

moderately large peak ground displacement should allow for the uplift and rocking behaviour to be 

easily initiated in the bridge piers. 
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5.6.2.2 Imperial Valley, USA 1940: El Centro 

The El Centro earthquake of 1940 was one of the first major recorded seismic events and has been 

used extensively in the design of structures.  

The event was classified with a moment magnitude of 6.95 (PEER Database), with an estimated 

seismic moment of 1019 Nm (Trifunac and Brune 1970). This makes the earthquake very similar in 

total energy expenditure to the Kobe earthquake. Further, as for the Kobe earthquake, the event was 

caused by a strike-slip mechanism and is a near-field earthquake. Unlike the Kobe earthquake, 

however, which consisted of large pulse-like accelerations up to 15 seconds, the El Centro motion 

has smaller but more numerous pulses of similar magnitudes spread over around 35 seconds, which 

give it characteristics resembling a far-field event. The El Centro station is located a Joyner-Boore 

distance of 6.09 km from the fault location.  

Using this data set will allow insight into the model’s performance over a more sustained loading, 

whilst still maintaining a comparably large acceleration, which would not be seen if using far-field 

data. Whilst the Kobe earthquake data will show the model’s reaction to large pulses, the El Centro 

data should give more insight into damage caused by repetitive pulses. 
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5.6.2.3 Chi-Chi, Taiwan 1999: CHY028 

The third seismic event chosen is that which occurred in Taiwan in 1999. This is, again, a near-field 

earthquake, and displays pulse-like behaviour with a narrow field of frequency similar to the Kobe 

earthquake. This event, at the location chosen, shows a higher PGA and PGV than the two previous 

ground motions, and has much larger displacement pulses with longer periods.  It has a moment 

magnitude of 7.62, and a calculated seismic moment of 2.7x1020 Nm (Zeng and Chen 2001, based 

upon Harvard moment estimation), showing around ten times as much energy release as the Kobe 

earthquake, delivered in a few large displacement pulses. The ground motion utilised was recorded 

at the station designated CHY028, a Joyner-Boore distance of 3.12 km from the fault.  

 

Utilising this ground motion history will display the reaction of the bridge model to an atypical 

near-field earthquake, which can be seen to have a large energy release. It will also allow insight 

into the effect of a much larger displacement on the rocking mechanism in the bridge structure. 
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5.6.2.4 Summary of Earthquake Ground Motion Data 

A summary of the ground motion characteristics recorded at each earthquake site is shown in Table 

5-2. A further summary, detailing the absolute values for each of the peak ground acceleration, 

velocity and displacement data for the chosen earthquake records is shown in Table 5-3.   

The data in these tables allows for direct comparison of the characteristics of each of the chosen 

earthquake ground motions in order to determine the differences between them, and potential 

contributing factors to the response of the bridge. These characteristics also aided in the original 

selection of the ground motions, as laid out in Section 2.5.2, where descriptions of each variable 

may also be found. All parameters were obtained from the PEER Ground Motion Database except 

for the seismic moments, of which details are given for each ground motion in their respective 

section. 

Generally, in considering the basic factors that will potentially affect the model, it may be seen that 

the earthquake events increase in PGA from 0.28g to 0.64g, and whilst the Imperial Valley and 

Kobe earthquakes have a similar PGD, the Imperial Valley event shows more sustained loading 

over a longer time. The Chi-Chi earthquake shows a PGD of more than double the other two events. 

Also of note is the predominant period, which may be seen to be similar in the case of the Imperial 

Valley and Chi-Chi records, and larger in the case of the Kobe record. 

Table 5-2: Summary of earthquake ground motion characteristics for chosen records 

 

Table 5-3: Summary of absolute values for peak ground motion acceleration, velocity and displacement for chosen 
records 

 

The unscaled SRSS spectra (for acceleration) including 5% damping for each of the ground motion 

records may be seen in Figure 5-13. A damping ratio of 5% is a commonly used structural viscous 

Imperial Valley 1940 Kobe 1995 Chi-Chi 1999

Moment magnitude M 6.95 6.90 7.62

Seismic Moment (Nm) 1.00E+19 2.40E+19 2.70E+20

Mechanism strike slip strike slip reverse oblique

Arias intensity (m/s) 1.6 3.4 5.9

5-95% Duration (s) 24.2 10.2 8.7

Distance Rjb (km) 6.09 7.08 3.12

Vs30 (m/s) 213 609 543

Predominant period Tp (s) 0.25 0.46 0.28

EARTHQUAKE RECORD

PGA PGV PGD PGA PGV PGD PGA PGV PGD

(g) (cm/s) (cm) (g) (cm/s) (cm) (g) (cm/s) (cm)

0.28 30.92 8.66 0.48 46.80 8.40 0.64 61.36 20.30

Chi-Chi 1999Imperial Valley 1940 Kobe 1995
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which is smaller than or equal to the upper limit, which is the yielding of the tendons, and where 

𝜀  is the post-tension strain in the tendon 

𝜀  is the yield strain of the tendon 

𝑟  is the tendon stiffness ratio given by 

 
𝑟 =

𝑛 𝐾 𝐿

𝑊(b + b )
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where 

𝑛  is the number of columns 

𝑊 is the weight of the bridge structure 

𝐾  is the angular stiffness of the tendons given by 

 
𝐾 = 𝐸 𝐴

b + b

L
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where 

𝐸  is the elastic modulus of the tendons 

𝐴  is the area of the tendons 

The energy lost, 𝛿𝐸, due to impact is then 

 
𝛿𝐸 = 𝐸 (1 − 𝑟) 

5-22 
 

where 

𝐸  is the potential energy  

𝑟 is the kinetic energy reduction factor defined as 

 

𝑟 = 1 −
2𝑛 𝑚 𝑏 + 2(𝑚 + 𝑚 )𝑏 (b + b )

𝐼
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where 
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𝑚  ; 𝑚  ; 𝑚   are the masses of the column, cap beam, and deck respectively 

𝐼    is the total mass moment of inertia of the bridge pier given by  

 
𝐼 = 𝑛 𝑚 𝑟 + 𝑟 + (𝐻 + 𝑏 ) + (𝑚 + 𝑚 ) 𝐻 + (b + b )  
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where 

𝑟  ;  𝑟   are the radius of gyration about the centroid for x and y axes for columns 

The potential energy is calculated depending upon whether the post-tensioned tendons have yielded. 

The yielding of the tendons may be determined by calculating the yield drift angle for the tendons. 

As post-tensioning is applied to the tendons at 30% of ultimate (see Section 5.1.1.4), this equates to 

38% of yield, thus the yield drift angle, 𝜃 , is 

 
𝜃 = 0.62

𝐴 𝑓

𝐾
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which correlates to a yield displacement 

 ∆ = 𝜃 𝐻  5-26 

Thus, if the post-tensioned tendons do not yield, then 

 
𝐸 = 𝑊(b + b )θ 1 + r

(b + b )θ

2L
+ ε  
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and if the post-tensioned tendons yield, then 

 
𝐸 = 𝑊(b + b ) θ + r ε θ −

L

2(b + b )
(ε − ε )  

 
5-28 

 

The equivalent viscous damping factor, 𝜉, may then be given by 

 
𝜉 =

𝛿𝐸

𝜋𝐹∆
 

 
5-29 

 

where 

𝐹 is the uplift force, which may be taken as the lateral resistance defined as 𝐶  multiplied by 

the structure weight 

If Equations 5-19, 5-22 and 5-29 are then combined, two equations are given for the equivalent 

viscous damping, before and after tendon yield. 
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Assuming the post-tensioned tendons do not yield, then 

 

𝜉 =
(1 − r)

π

1 + r
(b + b )θ

2L
+ ε

1 + r ε −
H

b + b
− r

b + b
L

θ
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Assuming the post-tensioned tendons yield, then 

 

𝜉 =
(1 − r)

π

θ + r ε θ −
L

2(b + b )
(ε − ε )

1 + r ε −
H θ

b + b
θ
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Cheng (2008) utilised Equations 5-30 and 5-31 to calculate the theoretical damping of their 

experimental model, with the addition of an assumed 3% inherent viscous damping  

The energy dissipated due to impact in the computational model may be found by using the element 

strain energy density, and calculating the equivalent viscous damping using Equation 5-29 which 

may then be compared to the analytically derived damping. 

5.8 Further Simulations 

5.8.1 Additional Energy Dissipation 

The rocking bridge model is further analysed with the inclusion of additional energy dissipation 

devices such as those modelled and detailed in Chapter 4. Following on from the discussion of the 

most efficient energy dissipation bars for use with the rocking model in the mentioned chapter, it 

was decided to utilise a similar configuration to one of those identified. In the small-scale column 

model, this is the internal SMA bars which were 16mm (equivalent to a U.S. no. 5 bar, 5/8 in.) in 

diameter, 6.66% of the column length and placed at 83% of the column radius. This configuration 

may be used exactly in the bridge model, utilising 2 bars placed for uplift in the longitudinal 

direction. 

The corresponding prototype configuration for the internal SMA bars can be achieved by utilising 

SMA bars of 32mm (equivalent to a U.S. no 10 bar, 1.27 in.) diameter, with the same percentage 

length and radius placement. In order to be consistent with the reinforcement ratio of 1.2% used in 

the previous model, 12 bars would be utilised in the column. Similar configurations and bar sizes 

have been used for SMA reinforcement (e.g. Billah and Alam 2015), and for energy dissipative 

purposes (e.g. Roh and Reinhorn 2010a) in the literature. However, in order to replicate the 

behaviour of the bars in the small-scale model during uplift, the bars need to be placed in a similar 
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5.8.3 Damping  

Simulations with damping and without damping defined in the longitudinal springs are also 

performed in the bridge model under the Kobe time-history. This allows the importance of the 

definition of damping to be explored, as multiple different methods for simulating pounding have 

been attempted in the literature (see Section 2.6). The damping is defined as per the method laid out 

in Section 5.3.1. 

5.9 Summary 

A full-scale bridge model has been developed based upon the original column models developed 

and tested in Chapter 3. A semi-integral bridge formulation is utilised in which two continuous 

spans are joined integrally with the cap beam and bridge substructure. As with the column models 

in Chapter 3, the bridge substructure consists either of a single pier monolithically constructed with 

the foundation and cap beam, or a pier designed to allow uplift and develop a rocking motion at the 

pier-foundation and pier-cap beam interfaces. For ease of comparison, both models utilise FRP 

confinement, either with additional longitudinal reinforcement in the case of the conventional 

monolithic pier, or with unbonded post-tensioning in the case of the rocking pier model. Further, 

both models utilise the same concrete model definition, developed in the same way as for the 

previous column models. Longitudinal springs are utilised to simulate a girder-abutment interface 

where pounding may occur, with defined stiffness, damping and spring gap parameters. 

Modal analysis of the bridge models show the period of the structure is expected to range from 

roughly 0.2s before uplift to 0.5s at maximum uplift. Considering these modes, as well as several 

other detailed factors, three different ground motion records are chosen for the dynamic analysis of 

the bridge structure, and the significant duration time-histories are applied to the model in the 

longitudinal direction. The loading time step and contact interfaces are given special attention due 

to the need to correctly capture uplift and impact behaviour during the simulation. 

The behaviour of the bridge may thus be explored with both monolithic and rocking piers under 

different ground motions, with provisions for the action of the superstructure in the form of 

pounding, and behaviour of the substructure in the form of impact due to pier rocking. Other factors 

which may influence the behaviour of the bridge may also be explored, namely, the effects of gap 

size and pounding versus no pounding behaviour, the effect of modelling damping due to pounding, 

and the effect of the addition of energy dissipater bars. 
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6 BEHAVIOUR OF 3D FINITE ELEMENT BRIDGE MODEL UNDER 

EARTHQUAKE GROUND MOTIONS 

The results of the simulations of the bridge model developed in Chapter 5 are presented in this 

chapter, with emphasis placed on the behaviour of the rocking column, the superstructure, and the 

superstructure interaction with the substructure and simulated girder-abutment interfaces. The 

differences in performance between models with the application of different earthquake time-

histories, different pounding parameters, and the difference between conventional monolithic bridge 

piers and rocking bridge piers are highlighted and discussed. 

In all cases, the significant duration of the ground motion time-history is utilised and applied to the 

model in the “z” direction (see Figure 5-3), followed by a period of time with no loading in which 

the pier motion is allowed to come to rest as much as possible. Due to the nature of the pounding 

behaviour, the bridge superstructure may not have come to rest in the time prescribed, despite the 

behaviour of the pier. 

6.1 Behaviour under Different Ground Motions 

Simulations were completed utilising three different ground motion records, the properties of which 

are summarised in Section 5.6.2. All simulations are completed with a 51 mm (2 in.) spring 

pounding gap, and a prescribed level of damping as detailed in Section 5.3.1.  

The longitudinal displacement of the superstructure and the corresponding pounding forces for each 

of the three applied ground motions are presented in Figure 6-1 and Figure 6-2 respectively. The 

Kobe ground motion is shown in (a), Imperial Valley in (b), and Chi-Chi in (c). The displacement is 

recorded following the sign convention in Figure 5-3. Note that a base movement in the positive “z” 

direction will tend to move the superstructure towards the negative direction and vice versa. 

By examining the longitudinal displacement data, it is apparent that pounding occurs under all three 

ground motions. The action of the superstructure under the Kobe motion may be seen to be mostly 

controlled by pounding forces (rather than the base excitation) after the first incident just after 3s, 

with a high frequency of large magnitude pounding occurring thereafter. This pounding continues 

after the base excitation has ceased just after 10s with forces decreasing in magnitude. The Imperial 

Valley ground motion also shows pounding in the superstructure, however the magnitude of the 

pounding forces is small, as are the base excitations after the first pounding incident, which results 

in a large period of motion of the superstructure. The base excitation ends at around 24s, after 

which pounding behaviour continues. Influence of the base excitation on the superstructure motion 

is apparent from around 3s, after which a large displacement changes the direction of motion. 
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Smaller initial excitations in the Kobe simulation means that the superstructure is not controlled by 

the base excitation, but by pounding after 3s. In the Chi-Chi motion, much larger excitation at the 

beginning of the simulation may be seen to influence the superstructure early on, however the girder 

displacements are relatively small to begin with. After the first pounding incident just before 5s, 

pounding controls the superstructure movement, with minimal evidence of the influence of the base 

excitation. The pounding forces are relatively large, although around half the magnitude of those in 

Kobe simulation, and the period of motion of the girder is longer. 

Measures of the substructure performance include the column rotation, uplift, and the impact 

behaviour, which is determined as outlined in Section 5.7. The recorded column (tendon) rotation 

for the three ground motions is shown in Figure 6-3. With reference to Figure 5-14 (b), note that a 

positive rotation indicates a positive base displacement – that is, uplift of the column on the positive 

“z” side with superstructure displacement tending towards negative “z”. The uplift of the column is 

presented in Figure 6-4, with “positive z” referring to the uplift of the half of the column in the 

positive “z” direction, and vice versa. The impact damping presented in Figure 6-5 likewise 

indicates impact on the positive “z” side of the column for “positive z” and vice versa. 

It should be noted that a fair amount of “noise” is apparent in the uplift of the columns. This is due 

mainly to the numerical mechanism of contact between the base of the column and the foundation, 

as a fair amount of contact “bouncing” can be expected in a transient analysis. This is mitigated as 

far as possible by the contact settings. In particular, the correct balance in the definition of the 

contact stiffness in ANSYS has to be found such that “bouncing” is minimised without 

compromising the integrity of the solution in other areas such as increased contact penetration or 

sliding. Through multiple analyses with different contact settings, this “bouncing” can be seen to be 

limited to small amounts of “noise”, which do not affect the overall response trend of the 

simulations. 

Examination of the column rotation shows that some slip occurs under all ground motions, 

particularly at the start of the simulations, which also affects how much the base excitation 

influences the superstructure motion. The Kobe simulation shows strong self-centring throughout 

the base excitation, and after it ends (just after 10s), despite the influence of pounding. The Imperial 

Valley motion likewise shows good re-centring after large rotations, however, it may be seen that 

small base excitations after 11s result in the pier being influenced by the motion of the 

superstructure and the pounding incidents occurring. It is thus difficult to tell if any residual rotation 

of the column will occur once the superstructure has come to rest. The Chi-Chi motion results in 

several large column rotations, but after the end of the base excitation it too oscillates towards zero 
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rotation. All three simulations showed yield behaviour in the unbonded post-tensioned tendon at the 

column-foundation and column-cap beam interfaces. No yield was observed at any other point in 

the tendon, and residual rotations are due mostly to the remaining superstructure displacement, and 

some slip at the column-foundation interface. 

The Chi-Chi motion generally results in large column uplifts sustained throughout the simulation; 

however the maximum rotation is not much larger than that of the Kobe simulation. It is interesting 

to note that even though the Chi-Chi motion results in large column rotations and uplift, this does 

not necessarily result in the largest impact. This, in fact, occurs under the Kobe excitation and may 

be seen to be caused by both the movement of the column and the superstructure being in sync at 

this point, resulting in the high impact damping occurrences at around 3s and 5s. Besides these 

incidents, the Kobe and Chi-Chi impacts are fairly similar in magnitude during the application of 

the base excitation, although Chi-Chi has fewer instances due to the nature of the record. The 

Imperial Valley motion results in much smaller impact damping incidents due to the generally 

smaller rotations. Another interesting anomaly here occurs at around 5s, where a large impact may 

be expected due to the large rotation of the column at this point. There is no recorded damping at 

this point, however, which may be seen to occur due to the near constant base excitation at that 

time. 
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Some of the key performance indicators of the simulations under the three different ground motions 

are compiled in Table 6-1 for comparison and summarisation purposes. 

The two energy dissipation indicators utilised refer to the impact damping due to the rocking of the 

column. The average damping listed is an average of the percentage equivalent viscous damping 

calculated from the model output for each impact, as detailed in Section 5.7, and illustrated in 

Figure 6-5. The cumulative energy is a measure of the total energy dissipated from the impact 

behaviour throughout the simulation time history. It is not possible to get an accurate measure of the 

hysteretic behaviour of the rocking column under earthquake loading due to the rocking motion 

itself and the inability therefore to accurately measure the base shear forces. Some estimates of the 

base shear have been used in the literature e.g. Mantawy et al. (2016), but as this energy dissipative 

capacity has been examined extensively in Chapters 3 and 4, it is not thought to be necessary to 

produce an estimate here. Thus, the impact damping listed here may be expected to be additional to 

the hysteretic energy dissipative capacity of the rocking column as reported in Section 3.6. 

It may be seen from the table that the Kobe earthquake record results in the largest pounding forces 

and energy dissipated due to impact damping in the pier. Again, it is interesting to note that whilst 

the Chi-Chi record shows the highest column drift, and uplift, this does not necessarily translate to 

the largest response in either the superstructure or in terms of impact damping. The larger response 

of the bridge structure under the Kobe earthquake may be attributed to the predominant period of 

this ground motion being very similar to the natural period of the bridge during uplift (see Sections 

5.5.3 and 5.6.2.4), with the response at this period also being larger than that of the Chi-Chi 

earthquake despite its overall larger magnitude. The Imperial Valley simulation shows the largest 

residual column rotation, but as this may be attributed to the superstructure influence upon the 

substructure, as mentioned, it is expected that this will decrease as the superstructure comes to rest. 

Table 6-1: Comparison of performance indicators for rocking bridge pier simulations under different ground motions 

 

Table 6-2 compares the average of the equivalent impact damping incidents calculated from the 

simulations, and compares these to the analytical derivation calculated followed the method 

presented in Section 5.7. The analytical damping is fairly consistent throughout the simulations at 

Imperial Valley 1940 Kobe 1995 Chi-Chi 1999

Max. Pounding Force (MN) 24 83 39

Max. Column Drift (%) 8.46 7.18 9.32

Residual Column Drift (%) 0.46 0.27 0.40

Max. Uplift (mm) 75 99 112

Ave. Damping (%) 2.13 7.03 3.68

Cumulative Energy (MNmm) 398 770 295

SIMULATION TYPE
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around 4%, and does not show the increased response of the bridge under the Kobe excitation, or 

the slightly reduced average of the Imperial Valley earthquake under sustained but smaller 

magnitude loading. The analytical derivation appears therefore to provide a fairly decent average 

estimate of the impact damping, but cannot account for the actual response of the structure, either 

increased in the case of Kobe, or decreased in the case of Imperial Valley and Chi-Chi. 

Table 6-2: Equivalent viscous damping due to impact for rocking bridge simulations versus analytical derivation  

 

6.2 Behaviour of Rocking Column versus Monolithic Column 

In order to compare the differences between the rocking and monolithic construction methods for 

the bridge pier, simulations were completed utilising both the rocking column model and the 

monolithic column model under all three earthquake time-histories. These simulations were 

completed with a longitudinal spring gap of 51 mm (2 in.) and corresponding damping as detailed 

in Section 5.3.1. 

Further to this, to increase understanding of the superstructure behaviour utilising both pier 

construction methods, simulations were completed under the Kobe time-history of both the rocking 

and monolithic models with a spring gap large enough such that pounding action is avoided at the 

simulated girder-abutment interfaces. 

6.2.1 Structures with Pounding 

The simulations for the rocking model considering pounding with a 51 mm (2 in.) gap have been 

presented in Section 6.1. The equivalent simulations under the three different ground excitations for 

the monolithic model are presented below, with the longitudinal displacement of the superstructure 

shown in Figure 6-6, the pounding forces in Figure 6-7, and the column rotation shown in Figure 

6-8, with the Kobe time-history shown in (a), Imperial Valley in (b), and Chi-Chi in (c). 

In the case of the Kobe and Imperial Valley earthquakes, it may be seen that the superstructure does 

not respond strongly to the base excitation until a large magnitude excitation is applied. In both 

cases, a large negative displacement after 2s means that the superstructure moves in a positive 

direction until pounding occurs. In the Kobe simulation, pounding controls the superstructure 

motion after this point, and throughout the time history. Under the Imperial Valley loading, small 

pounding forces mean that both pounding and the base excitation influence the motion of the 

superstructure throughout the applied loading. The pounding forces move the superstructure 

simulation analytical simulation analytical simulation analytical

Ave. Damping (%) 2.40 4.10 7.03 4.11 3.68 4.12

Imperial Valley 1940 Kobe 1995 Chi-Chi 1999



192 
 

towards the negative “z” direction, but the base excitations then tend to move the superstructure 

back in the positive direction through most of the simulation time-history. Under the Chi-Chi 

loading, a large initial base excitation causes a strong reaction in the superstructure, and 

considerable pounding occurs, beginning before 2s. The girder motion is essentially controlled by 

pounding until its momentum is arrested by an increase in period of the base excitation and a large 

change in displacement direction between 5s and 6s, which leads to a further pounding incident, and 

pounding control. 

In all cases, the superstructure is still undergoing pounding incidents at the end of the allowed 

simulation time, and motion is expected to take some further time to decay. The column rotations 

may be seen to be very similar to the applied base excitation, as is to be expected, and are 

influenced by the superstructure motion only after the base excitation has ceased, after which the 

rotations oscillate around zero. The longitudinal reinforcement in the columns does show plastic 

deformation in all cases in the plastic hinge regions at the top and bottom of the column, however, 

there does not appear to be any significant residual curvature of the columns besides that caused by 

the displacement of the superstructure. In order to determine any residual displacements with 

certainty, however, it would be necessary for the superstructure motion to come to rest. 

When compared to the equivalent rocking simulations, it can be seen that the base excitation 

generally has a greater influence on the superstructure in the monolithic simulations. This is to be 

expected, as some slip action can be seen to occur in the rocking models, which affects the 

influence of the base excitation on the superstructure. Similarly, once pounding begins in the 

models with rocking columns, the base excitation generally has limited influence on the 

superstructure. In the case of the Imperial Valley loading, it may also be observed that the 

superstructure has increased influence on the column rotation during small base excitations in the 

rocking model, which is not observed in the monolithic simulation.  

Both the Kobe and Chi-Chi simulations show considerable pounding, whilst the Imperial Valley 

motion shows much smaller pounding forces. In the case of the Kobe loading, it is interesting to 

note that the pounding forces in the monolithic model are much smaller than those in the rocking 

model under the same base loading. The pounding incidents are also less frequent, with a longer 

period of motion. In the case of the Imperial Valley and Chi-Chi loading, however, the pounding is 

more frequent in the monolithic model, and generally of the same magnitude or larger than that seen 

in the rocking simulation.  
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Table 6-3 compares some of the main performance indicators for the monolithic models. In all cases 

it may be seen that the Chi-Chi earthquake time-history results in the largest response. Although the 

largest pounding force in the Chi-chi simulation is only slightly larger than in the Kobe, Figure 6-7 

shows numerous larger pounding forces under the Chi-Chi motion. This is paired with a large 

column curvature and residual curvature. Considering the cumulative hysteretic energy as a 

measure of damage in this case, the Chi-Chi simulation may also be seen to have dissipated a 

considerably larger amount of energy than the other two simulations, due to the large column 

rotations, and thus can be expected to have sustained a fair amount of damage. Note that due to the 

presence of the FRP wrapping in both the rocking and monolithic models, as detailed in Section 

5.1.1, this damage would be expected to be substantially increased in the case of a monolithic 

model without the presence of FRP. 

Table 6-3: Comparison of performance indicators for monolithic bridge pier simulations under different ground 
motions 

 

Comparing Table 6-1 with Table 6-3, it may be observed that the Kobe simulation results in a larger 

response in the superstructure when rocking is allowed in the bridge piers. The superstructure 

response, together with some slip in the column response also increases the maximum and residual 

column drifts in the rocking simulation. The reduced response in the monolithic model may be 

attributed to the decrease in the structural period of the bridge with monolithic columns as opposed 

to rocking columns, where the natural period was very similar to the predominant period of the 

Kobe motion. The Imperial Valley loading also shows an increased column response, however, the 

monolithic model shows many more increased instances of pounding behaviour with a larger 

average magnitude. The Chi-Chi simulations show a similar maximum pounding force, although as 

mentioned, the superstructure response is increased in the case with monolithic bridge piers. The 

maximum drift may also be seen to be larger in the monolithic simulation, with similar residual 

column rotation shown in both cases. It should be further noted, however, that in all cases, the 

residual column rotations are expected to decrease with the decrease of superstructure motion, thus 

may not be the best indicators of total performance. 

 

Imperial Valley 1940 Kobe 1995 Chi-Chi 1999

Max. Pounding Force (MN) 11 35 37

Max. Column Drift (%) 6.34 5.47 13.3

Residual Column Drift (%) 0.03 0.23 0.35

Cumulative Energy (MNmm) 4686 5167 23809

SIMULATION TYPE
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6.2.2 Structures without Pounding 

The rocking and monolithic models are both simulated under the Kobe time-history with a spring 

gap at the simulated girder-abutment interface large enough to avoid pounding behaviour. The 

results from these simulations are shown in Figure 6-9 through Figure 6-12. In Figure 6-9, the 

longitudinal displacement of the bridge superstructure is shown for (a) the rocking model, and (b) 

the monolithic model. It can be seen that after the initial negative displacement applied at the base 

(which moves the superstructure in a positive direction), the base excitation is not strong enough to 

reverse this superstructure motion until the 6s mark, after which the girder moves strongly in the 

negative direction until the last negative displacement of the base excitation just before 10s, which 

once more changes the direction of the girder. In both long motions (0-6s and 6-10s), the 

superstructure in the rocking model may be seen to displace further than that in the monolithic 

model, and the superstructure in the rocking model appears to be more sensitive to small 

fluctuations in the base excitation than the monolithic model. In neither model, however, is the 

substructure able to prevent considerable residual displacement of the superstructure, although this 

is considerably less in the rocking model at the time the simulation ends. 

Although some slip may be seen in the rocking model through the column (tendon) rotation in 

Figure 6-10 (a), it may be seen that after the end of the base excitation at around 10s, the column 

strongly self-centres, with the residual rotation at the end of the simulation due to the residual 

displacement of the girder. On the other hand, it also may be seen in Figure 6-10 (b) that after the 

base excitation ends after 10s, the rotation of the monolithic column increases with the increase in 

superstructure displacement. 

Examination of the column uplift of the rocking model shown in Figure 6-11 shows that the uplift 

of the column is generally not larger than other simulations with pounding, and follows similar 

trends. Figure 6-12 shows the impact damping of the rocking model, which is generally larger in the 

case of no pounding as compared to cases of pounding.  
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through hysteresis in the case of the monolithic simulations, also increases in the simulations 

without pounding. This indicates that the impact of the rocking column is increased when only 

controlled by the base excitation as opposed to being affected by the superstructure pounding as 

well as the base excitation. In the case of the monolithic model, this increase in energy dissipation 

indicates an increase in damage to the column, which is to be expected given the larger drifts 

involved.  

In the case of the rocking model without pounding, the average impact damping may be seen to be 

9.04%. The estimated analytical damping in this case is 4.11% (not shown), which further confirms 

that the analytical model cannot account for increased response in the model, as previously 

observed. 

Table 6-4: Comparison of performance indicators for simulations with and without pounding 

 

6.3 Behaviour with Additional Energy Dissipation 

Additional energy dissipaters are added to the rocking column model as detailed in Section 5.8.1. 

The simulation is run under the Kobe time-history, with a spring gap of 51 mm (2 in.), and 

corresponding damping, as with the previous simulations detailed in Section 6.1. The results of the 

simulation are shown in Figure 6-13 through Figure 6-16 below, and compared with the results of 

the equivalent rocking model without dissipaters presented in Section 6.1. The performance of the 

two simulations is also compared in Table 6-5.   

It is immediately apparent when comparing the longitudinal superstructure displacement of the 

simulations with and without dissipaters, in Figure 6-1 (a) and Figure 6-13, that the dissipaters act 

to prevent initial sliding of the substructure due to the base excitation. This may also be seen clearly 

when looking at the column rotation in Figure 6-3 (a) and Figure 6-15. This initial sliding may be 

seen to have a significant effect on the superstructure: without dissipaters, although the substructure 

still responds to changes in direction of the base excitation, the superstructure may be seen to 

change displacement direction only after the first pounding incident at 3s; with dissipaters, the lack 

51mm damped no pounding 51mm damped no pounding

Max. Girder Displacement (mm) - 119 - 146

Max. Column Drift (%) 7.18 9.01 5.47 6.50

Residual Column Drift (%) 0.27 1.58 0.23 2.01

Max. Uplift (mm) 99 105 - -

Ave. Damping (%) 7.03 9.14 - -

Cumulative Energy (MNmm) 770 913 5167 5520

rocking monolithic

SIMULATION TYPE
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of sliding in the substructure makes the column more sensitive to changes in the base excitation, 

which in turn enables it to have more influence upon the superstructure. This is apparent in the 

longitudinal displacement up to the first pounding incident at around 3.5s, after which pounding 

mostly controls the girder movement. The sliding behaviour in the column may be seen to be 

beneficial in this case in reducing both the number of pounding incidents, as well as the magnitude 

of the pounding forces, which may clearly be seen in Table 6-5. 

After the end of the base excitation time-history (just after 10s), the column rotation of the model 

with added dissipaters, seen in Figure 6-15, can be seen to oscillate around zero with the changes in 

superstructure direction (due to the pounding behaviour). It appears that the column has the ability 

to self-centre, however a residual rotation or displacement will not be indicative here without 

running the simulation for a considerable amount of extra time (given the size of the pounding 

forces) in order for the superstructure to come to rest. Table 6-5 shows a small residual 

displacement for the simulation with dissipaters, which, while not most likely not indicative of the 

final residual rotation of the column, is expected to be smaller than without dissipaters due to the 

lack of sliding, and the ability of the SMA dissipaters to contribute to the self-centring behaviour of 

the column, as seen previously in Section 4.1.2.2. It should further be noted that the maximum 

residual strain of the SMA bars is not reached during the simulation time-history, which is indicated 

with the small recorded residual rotation. The unbonded post-tensioned tendon shows a small 

amount of plastic behaviour at the column-cap beam interface, but not at the column-foundation 

interface. 

The uplift of the column shown in Figure 6-16 may be seen to be generally smaller than that in the 

column without dissipaters shown in Figure 6-4 (a), with the exception of the largest base 

displacement between 4.5s and 6.5s. Although a larger uplift is recorded during this time period, it 

remains considerably smaller than that in the comparable simulation without dissipaters. 

Energy dissipation due to impact behaviour in this model is predictably near zero, and is not 

included here. It should be noted, however, that the hysteretic energy dissipation of the simulation 

with SMA bars is expected to be significantly higher than that without bars, as presented previously 

in Section 4.1.2.2. 
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that although neither superstructure has come to rest at the end of the allotted simulation time, the 

superstructure in the model with added dissipaters is coincidentally moving through a position of 

zero displacement. Thus, the final residual drift in the column with dissipaters may increase 

depending on the superstructure motion.    

Table 6-5: Comparison of performance indicators for simulations with and without added dissipaters 

 

Comparing the current simulation with the results of the cyclically loaded column model with the 

equivalent added dissipater bars reported in Section 4.1.2.2, it appears as though the addition of the 

superstructure and the pounding behaviour experienced assists in the self-centring of the column. 

The equivalent cyclically loaded simulation to 4.6% drift shows a 0.17% residual drift, whilst the 

current simulation shows a maximum 6.12% drift, with a 0.08% residual drift. 

6.4 Behaviour with Changes in Pounding Parameters 

Simulations are run with changes to spring gap size and damping parameters under the Kobe 

ground motion. Two additional gap sizes are simulated: 38 mm (1.5 in.) and 64 mm (2.5 in.) for 

comparison with the original 51 mm (2 in.) spring gap, and the case with no pounding. In addition, 

all three pounding gap sizes are simulated without the definition of spring damping in order to 

determine its importance in the modelling process. 

6.4.1 38 mm Gap Size 

The results for the 38 mm (1.5 in.) gap size are presented in Figure 6-17 through Figure 6-21. 

Figure 6-17 and Figure 6-18 show the superstructure behaviour for this gap size, with Figure 6-17 

showing the longitudinal displacement of the girder, and Figure 6-18 showing the pounding forces 

at the simulated girder-abutment interface. In both cases, (a) shows the time-history for the 

simulations with no spring damping, whilst (b) shows the time-history for the simulations with 

spring damping at the girder-abutment interface. 

With reference to these two figures, the two instances show a similar amount of pounding incidents, 

and it is clear with this smaller gap size that the pounding behaviour has a significant influence on 

the superstructure. The pounding forces in the damped simulation (shown in the (b) time-histories) 

w/o diss. with diss.

Max. Pounding Force (MN) 83 127

Max. Column Drift (%) 7.18 6.12

Residual Column Drift (%) 0.27 0.08

Max. Uplift (mm) 99 79

51 mm

SIMULATION TYPE
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may be seen to be smaller than those forces in the simulation without damping, as would be 

expected. This also means that pounding behaviour does not fully control the bridge superstructure 

in the damped model until after the base excitation has been completed (after 10s), whereas 

pounding may be seen to control the girder behaviour in the undamped model from the first incident 

at around 3s. In fact, the only time when pounding does not control the undamped model after this 

first incident is between 5.5s and 8s, where the positive fluctuations in displacement may be 

attributed to the base excitation. Further, it is interesting to note the pounding incident which occurs 

just after 4s in both cases, which produces a larger force in the damped than in the undamped 

simulation. In this case, the larger pounding force in the undamped model at around 3s means that 

pounding controls the superstructure motion from this stage on, whereas the smaller pounding force 

in the undamped model at 3s means that both pounding and the base excitation contribute to the 

motion of the superstructure up to the next pounding incident just after 4s, resulting in a larger 

pounding force. The damped model may then be seen to be controlled by pounding up to around 7s 

before the base excitation again contributes to the superstructure motion.  

The behaviour of the bridge substructure is shown in Figure 6-19 to Figure 6-21, with Figure 6-19 

showing the tendon rotation of the bridge pier, Figure 6-20 showing the uplift at the base of the 

bridge pier, and Figure 6-21 showing the calculated values of equivalent viscous damping for the 

impact behaviour of the bridge pier. In all cases (a) shows the time-history for the simulations with 

no spring damping, whilst (b) shows the time-history for the simulations with spring damping at the 

girder-abutment interface. 

With reference to Figure 6-19, it may be seen that the column rotation in the undamped and damped 

simulations is very similar up to 4s. After this the undamped model shows a slightly increased 

rotation magnitude in the column due to larger pounding forces, and after 8s increased changes in 

rotation direction due to pounding incidents in the superstructure. However, the profiles remain 

very similar, indicating little influence overall on the substructure by the pounding behaviour 

occurring in the superstructure whilst there is base excitation. After the completion of the base 

excitation just after 10s, it may be seen that the action of the superstructure has more of an effect on 

the column, with the column rotation oscillating with the girder motion. In the case of the 

undamped model, little residual rotation may be observed in the column, with the rotation returning 

to zero through each oscillation of the girder. In the case of the damped model, however, when the 

pounding behaviour starts to control the displacement of the girder after the base excitation has 

ceased, it may be seen that these larger pounding forces have an increased effect on the column 

rotation, causing slip and some residual rotation. This, however, increasingly corrects itself as the 
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pounding forces decrease towards 13s, and the remaining residual rotation indicated in Figure 6-19 

(b) is due to the residual displacement of the girder at the time the simulation is ceased. 

The areas of increased rotation in the undamped model are echoed in the slightly larger uplift and 

energy dissipated through impact shown in Figure 6-20 and Figure 6-21. It may also be seen in the 

latter half of the undamped impact time-history, that the energy dissipated through impact is 

significantly smaller when the superstructure is being controlled by pounding. If the pounding in the 

superstructure is not large enough to influence the motion of the substructure, then the impacts due 

to the base excitation controlled rocking motion dissipate more energy. It should also be noted that 

the highest impact damping does not necessarily occur with the largest uplift, an example of this 

being at around 3s. Despite not having the largest uplift, the base excitation and the direction of 

girder displacement coincide at this point, resulting in a large impact. A further example of this may 

be seen when comparing the impact time-history profiles for the damped and undamped models at 

around 5.2s. At this point, the base excitation and girder displacement coincide for the undamped 

model leading to a large impact, whereas for the damped model they are slightly out of sync, 

leading to a smaller impact. 
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seen that this gap size presents an interesting case. The undamped results show little pounding, and 

the superstructure behaviour appears to be mostly influenced by the base excitation. In contrast, in 

the damped model, the girder displacement is largely controlled by pounding after the 4.5s mark. 

This is similar to the simulations with the 38 mm (1.5 in.) gap, which may be explained by 

examining the first pounding incident just after 3s. In the undamped model, this force is large 

enough to control the motion of the girder towards the negative “z” direction, meaning that the base 

excitation at this point is not influencing its motion. On the other hand, in the damped model, this 

force is not large enough to exclusively control the girder behaviour, which is thus influenced by 

both the pounding force, and a strong base displacement moving the girder in the negative “z” 

direction. As both influences are working to move the girder negatively, this results in pounding 

just before the 5s mark, after which the superstructure behaviour is essentially controlled by the 

pounding actions. In the undamped model, the pounding force is not large enough to create a further 

pounding event at 5s, and thus the superstructure is again influenced by the base excitation.  

The pounding forces in the damped model degrade relatively quickly after the end of the base time-

history after 10s, and although still influenced by pounding, the column rotation decreases 

significantly towards zero with a small residual rotation due to the superstructure displacement. In 

the undamped model, a slower motion of the girder after the base excitations ceases results in a 

larger residual column rotation. In this case, it appears the control of the pounding behaviour in the 

superstructure assists in the self-centring of the column after the ground motion, most likely due to 

an increased momentum of the superstructure which may assist the self-centring behaviour of the 

column. In the undamped model, the pounding forces in the latter half of the simulation are large, 

but the frequency is reduced, hence the period of motion of the superstructure is increased. Of the 

four models thus far recorded in this section - 38 mm gap, with and without damping, and 51 mm 

gap, with and without damping – this undamped model is the only one to show this behaviour after 

base excitation has ceased, and the only one in which the column has not been able to oscillate 

towards zero rotation. It would thus appear that while the pounding behaviour in the superstructure 

works to isolate it from the influence of the base excitation, it does not stop the pounding behaviour 

from influencing the substructure. Further, it appears that the pounding behaviour assists in the self-

centring of the column. However, as the superstructure motion increasingly comes to rest, the 

column may also increasingly self-centre. 

Comparing Figure 6-4 (a) and Figure 6-5 (a) with Figure 6-25 and Figure 6-26, both models have 

very similar uplift and impact damping. The one notable exception occurs at the impact around 5s 

where the damped model shows a much larger impact than the undamped model. Examination of 
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Summarising the data from observations already made, generally it may be seen that the largest 

pounding forces occur in the undamped models, which translates to the largest drift in the 

substructure during the base excitation, as well as the largest residual drift, which may be seen in 

Figure 6-32 (a), (b), and (c). Further, the maximum uplift, which is shown in Figure 6-32 (d), 

increases with increasing gap size, implying that the uplift is limited to a certain extent by pounding 

behaviour, as well as the gap size. Reduced pounding forces in the damped models translate to an 

increase in the average impact energy dissipated in the substructure, where Figure 6-32 (e) shows 

the averaged equivalent viscous damping ratios calculated from each impact. However, the 

cumulative energy dissipated by the impact behaviour shown in Figure 6-32 (f) can be seen to be 

very similar for both undamped and damped models.  

Besides the discussion already presented, it is apparent through examination of the trends in Figure 

6-32 that the model is sensitive to the definition of damping at the simulated girder-abutment 

interface. Differences in magnitude of pounding forces, maximum column drift and uplift are all 

evident; however, the largest differences may be seen in regards to the residual column rotation and 

energy dissipated due to impact. This is due to the large pounding forces in the undamped models 

controlling the superstructure motion to a large extent, which has been shown to reduce the impact 

damping. The larger residual column displacements in the undamped models occur due to the 

reduced frequency of motion in the superstructures after the end of the base excitation. In the 

damped models, in which pounding has not solely controlled the behaviour of the superstructure, 

pounding occurs after the base excitation has ceased, which aids in the self-centring of the column; 

the exception to this being in the smaller gap size, due to the much larger pounding forces.  

In terms of gap sizes, it may be seen that the 51 mm (2 in.) gap size generally has the smallest 

pounding forces, but the largest column drift, together with the greatest impact energy dissipation. 

This trend may be explained by considering the interaction of the pounding and base excitation in 

this model. The smaller gap size is essentially controlled by pounding behaviour, leading to less 

interaction with the substructure, and smaller impacts. The larger gap size likewise leads to less 

interaction with the substructure due to the larger gap size invoking smaller pounding forces in 

general. The damped intermediate gap size, however, has been shown to combine both pounding 

forces and base displacement which amplifies the response, leading to the increased magnitude of 

these measures.  The pounding forces, however, are deceiving: in the damped model, the maximum 

pounding force in the largest gap size of 64 mm (2.5 in.) is actually slightly lower than that for the 

51 mm (2 in.) gap size, whilst the undamped case presents an anomaly due to its unusual pounding 

behaviour. In general, the pounding forces decrease with increase in gap size as would be expected. 

Also interesting to note in the undamped 51 mm (2 in.) case is the larger maximum column drift, 



224 
 

which may be attributed to increased slip of the column due to the influence of the ground motion, 

which is not counteracted by pounding forces in the superstructure. Again, it may be seen that the 

pounding actions in the superstructure can act to reduce the column response. 

The residual drift in the damped models may be seen to decrease with increase in gap size: as the 

gap size increases, the effect of the pounding behaviour on the substructure decreases. Smaller 

pounding forces, in the case of the two larger gap sizes, also appear to assist in the column re-

centring within the simulation time limit. The undamped simulations, in which pounding controls 

behaviour prior to the end of the base excitation, show a slower re-centring of the column due in 

part to the slower motion of the superstructure. In the case of the smaller gap size, with much larger 

pounding forces, their significant influence on the column after the end of the base excitations has a 

negative effect in terms of slip and residual rotation, but also shows signs of strong re-centring. 

Table 6-7 compares the average equivalent viscous damping in each of the simulations with 

differing spring parameters, to those calculated according to the theory presented in Section 5.7. 

The analytical damping may be seen to be very consistent across the simulations, although this is to 

be expected here, as the maximum drift ratios are all very similar under the Kobe time-history, as 

seen in Table 6-6. Again, the analytical damping cannot account for superstructure behaviour and 

the effect this has on the impact damping behaviour in the column, for example, the reduced impact 

damping due to increased superstructure pounding in the 38 mm undamped model, or the increased 

response due to less pounding with the 51 mm gap.  

Table 6-7: Equivalent viscous damping due to impact for rocking bridge simulations with different spring parameters 
versus analytical derivation  

 

6.5 Summary 

Utilising the bridge model developed in Chapter 5, simulations have been performed under 

earthquake loading in order to explore the effects of allowing column uplift and rocking on the 

bridge superstructure behaviour. The dynamic behaviour of the rocking bridge piers is also explored 

in terms of impact behaviour, which is limited under cyclic loading as was used in the previously 

simulated column models.  

undamped damped undamped damped undamped damped

Simulation Ave. Damping (%) 3.02 4.01 6.63 7.03 3.41 3.09

Analytical Ave. Damping (%) 4.10 4.11 4.06 4.11 4.06 4.07

64 mm

SIMULATION TYPE

38 mm 51 mm
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Table 6-8 shows the simulations which have been completed utilising this bridge model, and 

presented in this chapter. This includes both rocking and monolithic simulations under three 

different ground motions, namely the Imperial Valley earthquake of 1940 at El Centro, the Kobe 

earthquake of 1995 at Nishi-Akashi, and the Chi-Chi earthquake of 1999 at station CHY028. 

Further simulations of the rocking bridge model under the Kobe ground motion include the use of 

internal SMA dissipaters, and simulations with changing superstructure pounding interface 

parameters in the form of damping and gap sizes. 

Table 6-8: Summary of simulations completed using the bridge model 

 

In all simulations, dynamic loading was applied to the model in the form of base excitations, with 

some additional time allowed after the end of the earthquake time-history in an attempt to let the 

column re-centre. Unfortunately, due to the pounding behaviour in the bridge superstructure, 

allowing the superstructure to come to rest in most cases would have significantly increased the 

time allocated for the simulation. It was thus decided that allowing the column to re-centre as much 

as possible would provide a suitable level of information for the current simulations, with the option 

to increase the simulation time limit at a later date. The significant duration of the earthquake time-

histories was utilised in order to both reduce simulation time and to ensure uplift and rocking 

behaviour occurred.    

Under the applied ground motions, the rocking bridge model displayed some slip behaviour at the 

column-foundation interface, in addition to the expected uplift and rotational column behaviour. 

The effect of the rocking column on the superstructure behaviour varied, with the strongest 

influence occurring with the largest base displacements. The earthquake with the highest PGA and 

PGD (Chi-Chi 1999), however, did not excite the overall largest response in the structure. Instead, it 

may be seen that the largest superstructure response in terms of pounding forces, as well as the 

largest substructure response in terms of impact damping, occurred during the Kobe motion, which 

has a predominant period closest to the predicted natural period of the bridge during uplift.  

rocking monolithic rocking monolithic rocking monolithic

undamped *

damped *

undamped *

w/o diss. * * * * * *

with diss. *

undamped *

damped *

no pounding * *

SIMULATION TYPE

Imperial Valley 1940 Kobe 1995 Chi-Chi 1999

gap size
51 mm

damped

64 mm

38 mm
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The motion of the superstructure generally does not affect the behaviour of the column whilst the 

base excitation is applied, but pounding behaviour can be seen to affect the column rotation after 

the ground motions have ceased. Exceptions to this include the application of small base 

excitations, such as those seen under the Imperial Valley loading, and very large pounding forces. It 

may also be seen that this influence appears greater in the case of the rocking models versus the 

monolithic. 

The monolithic column models show more influence upon the bridge superstructure at the 

beginning of the base excitation time-history than their rocking counterparts due to the slip 

behaviour seen in the rocking columns. The rocking bridge columns, however, show more control 

over the superstructure through the remainder of the base excitation, even though the double 

rocking interfaces theoretically isolate the sub and superstructures. This is evident in the simulations 

completed without pounding, where the rocking bridge model is able to reverse the direction of 

motion of the superstructure more forcibly, which leads to less residual displacement of the 

superstructure and less residual rotation of the column. The rocking column also shows a greater 

ability to self-centre in the simulations without pounding.  

In general, the monolithic models showed an increased superstructure response in terms of 

pounding frequency and average magnitude of pounding forces in two out of three earthquake 

records. The exception to this occurs under the Kobe loading, which shows the largest response in 

the rocking model. This may, however, be attributed to the closely matching predominant period of 

the Kobe ground motion to the period of the bridge with rocking columns during uplift. The largest 

response in the monolithic model occurs, in contrast, due to the Chi-Chi loading, which is the 

largest PGA and PGD earthquake record utilised. 

In the case of the addition of internal dissipaters, the lack of slip means that the rocking column 

more strongly influences the superstructure. Although obviously superior in regards to energy 

dissipation, the use of internal dissipaters thus presents an interesting drawback in terms of 

increased movement and pounding incidents in the superstructure, as well as larger pounding 

forces. It stands to reason, however, that this increased influence would also mean reduced residual 

displacements in both the column and superstructure. It would take increased computer resources to 

test this theory with the current model, however, as the large pounding forces in the superstructure 

mean that it would take considerable simulation time to see this behaviour decay. The absence of 

slip and the addition of SMA bars would be expected to improve the self-centring behaviour of the 

column in general, however both simulations show good self-centring behaviour. 
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Through the use of different parameters at the simulated girder-abutment interface, it is evident that 

defining some form of damping is necessary to understand the behaviour of superstructure, and the 

effect of the rocking bridge piers. It is clear that the substructure is sensitive to the pounding 

behaviour in the superstructure, particularly once the base excitation has ended, and the size of the 

pounding forces also influences how much effect the base excitation has on the superstructure. 

The largest substructure responses occur in the intermediate gap size (51 mm or 2 in.), with the 

smaller gap size (38 mm or 1.5 in.) controlled by large pounding forces and the larger gap size (64 

mm or 2.5 in.) showing reduced influence of the behaviour of the superstructure on the column, and 

smaller pounding forces. The intermediate gap size combines elements of pounding and base 

excitation to increase substructure response.  

When considering impact behaviour, the largest impacts are seen when the base excitation and 

girder motions coincide to both influence the column behaviour. These largest impacts also may not 

occur with the largest uplift in the column - the sub and superstructure motions appear to be more 

important. It can also be seen that larger impacts occur when pounding behaviour is not controlling 

the superstructure and it may still be influenced by the ground motion. If it is important to reduce 

impact behaviour, therefore, larger pounding forces may be beneficial as this effectively isolates the 

superstructure from the base excitation. Residual rotation in the column may also be reduced when 

large pounding forces control throughout the simulation.  

In general, throughout the simulations, the columns show the ability to significantly re-centre 

despite tendon yield at the rocking interfaces. Smaller pounding forces may also assist in self-

centring behaviour. It should be further noted that, in all cases, the residual column rotations are 

expected to decrease with the decrease of superstructure motion.  
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7 CONCLUSIONS AND RECOMMENDATIONS 

7.1 Summary of Research 

A three-dimensional finite element model was developed detailing a single bridge column which is 

allowed to uplift and rock on its foundation. The column is of concrete precast construction with a 

circular cross-section, and FRP wrapping as a form of reinforcement. An unbonded post-tensioned 

tendon runs the length of the column through the centre, and is bonded in the foundation and 

loading stub of the structure. Special attention was paid to sources of non-linearity in the model, 

with the concrete constitutive model being the main focus. A review of previous literature, and 

analysis of available concrete constitutive models, led to the selection and development of the 

utilised model, together with a novel concrete softening method. The model was developed in 

accordance with experimental testing from the available literature, which was used for validation 

purposes after the application of a quasi-static cyclic loading protocol. 

Single bridge column models were also developed for a conventional monolithic column, and a 

monolithic column with the addition of FRP wrapping. The conventional monolithic column forms 

a plastic hinge under cyclic loading, in contrast to the rocking column which remains elastic in 

order to avoid permanent damage. These models likewise required some attention to the concrete 

constitutive model utilised such that the concrete damage incurred could be modelled accurately. 

The results of the three columns were then compared in an effort to identify the advantages of 

allowing uplift and rocking in the columns, and the benefits of the use of FRP. 

Once validated, the rocking column model was utilised to perform a parametric study involving the 

use of additional energy dissipating devices. The devices utilised were in the form of bars designed 

to deform plastically during the rocking behaviour of the column. These were placed at the base of 

the column, either internally or externally, with the energy dissipative effects of two materials 

explored – that of mild steel, and of a shape memory alloy known as Nitinol. Further parameters 

explored included the bar diameter, bar length, and, in the case of internally placed bars, distance 

placed from the column centre. Combinations of bars, including the use of both materials, and 

internally and externally placed bars were also explored in order to provide some insight into the 

best options available for adding energy dissipative capacity to the system. 

A 3D FE model of a complete bridge structure was then developed, utilising a semi-integral 

construction in which two continuous spans are joined integrally with the bridge substructure. The 

use of both a conventional monolithic column with longitudinal reinforcement and a rocking 

column with unbonded post-tensioning in the bridge models allow the differences between the two 
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to be examined. The bridge pier models both utilise FRP wrapping, and are defined with the same 

concrete constitutive models in order to aid comparison. Considerable attention is paid to the 

column interfaces in the model with the rocking bridge pier, with both the column-foundation 

interface and the column-cap beam interface allowed to develop a rocking motion, requiring the 

definition of specific impact parameters within the defined surface contact. Pounding actions are 

allowed for by the definition of longitudinal springs, with corresponding stiffness, damping and gap 

parameters, which simulate a girder-abutment interface. All details were developed based upon 

either the previously simulated column models, current literature, or current United States and 

international construction standards for bridge design. 

The bridge models were then simulated under dynamic loading conditions with different earthquake 

base excitations. Three earthquake time-history records were chosen based upon their loading 

characteristics and applied as a base excitation to the model with either rocking or monolithic 

columns defined. Further simulations included the use of additional internal energy dissipaters, 

multiple girder-abutment gap sizes, and the definition of damping parameters for pounding. The 

simulations were assessed based upon the effect of the rocking motion on the superstructure 

behaviour in terms of displacement and pounding, the effect of earthquake loading on the rocking 

behaviour in the substructure, and how the bridge reaction as a whole compares to that which 

utilises a conventional monolithically constructed column. 

7.2 Summary of Results 

7.2.1 Validation of Single Column Models and Advantages of Rocking and FRP 
Wrapping 

The single column models of the traditionally constructed monolithic column and the post-

tensioned FRP-wrapped (PTFRP) rocking column were validated utilising experimental data from 

Booker (2008). Validation involved the comparison of force-displacement hysteresis loops of the 

column performance under cyclic loading to a prescribed drift level of 4.6%. The rocking column 

was further loaded up to 15.4% drift to explore the damage levels in the system at large load levels. 

The hysteresis loops allowed the direct comparison of the strength and stiffness in the models, as 

well as the degradation of the system under repeated lateral loading. Numerical results for the total 

hysteretic energy dissipated and the residual displacement of the columns after the completion of 

loading were also compared.  

While the conventional monolithic model showed some discrepancies in the initial strength and 

stiffness of the model, most likely due to the limitations of the prescribed concrete constitutive 
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model, the finite element model showed good agreement in terms of energy dissipated and residual 

displacement, and the strength degradation in the hysteresis loops was largely consistent. 

The PTFRP model showed excellent agreement with the experimental results up to 6.9% drift in 

both initial strength and stiffness and degradation under repeated lateral loading. The larger cycles 

up to 15.4% drift showed a difference in strength, with the FE model showing decidedly less 

strength than the experimental results, however, the stiffness and degradation still show good 

agreement. It was further determined that the use of the softening model developed was necessary 

for use in the FE model in order to accurately determine the resulting energy dissipation and 

residual displacement of the column model after loading. 

Once validated, the conventional monolithic column, the FRP-wrapped monolithic column, and the 

PTFRP column models were directly compared in order to identify the advantages of utilizing FRP 

wrapping and allowing uplift and the development of rocking behaviour. The use of FRP was 

shown to increase the strength of the monolithic column, and reduce the residual displacement of 

the system by more than 50%, greatly reducing the permanent damage in the system, whilst 

retaining significant levels of energy dissipative capacity. The PTFRP column is able to further 

decrease the permanent damage in the system, reducing the residual displacements to near 

negligible levels. Further, the column was able to withstand high levels of drift with no significant 

increase in residual damage. A drawback exists, however, in that the PTFRP column was noted to 

greatly reduce the energy dissipative capacity of the system as compared to the monolithic columns. 

7.2.2 Additional Energy Dissipative Capacity and Parametric Study using Single 
Column Model 

The addition of energy dissipater bars to the PTFRP model allowed the energy dissipative capacity 

of the column system to be increased, whilst limiting any plastic damage in the system to the 

dissipaters themselves. This means that the bars would have to be replaced following a large 

seismic event, thus the focus in the parametric study was upon balancing the amount of added 

energy dissipation with the residual displacement of the system. In all cases explored, the addition 

of energy dissipater bars increased the amount of energy dissipated from the PTFRP column 

system, and although difficult to determine an ideal configuration of bars and bar parameters, the 

simulations provide valuable information regarding the behaviour of the system and the amount of 

energy dissipation and residual displacement expected.  

In the case of the internal bars, increasing the diameter of the bars, or the distance placed from the 

column centre resulted in increased energy dissipation and corresponding residual displacements. 

Reducing the length of the bars showed similar results. The use of SMA bars placed internally 
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showed less energy dissipative capacity than those of mild steel, but also showed largely reduced 

residual displacements. Greatly reduced strains in the SMA bars also reduce the chances of 

replacement after a seismic event, which should reduce lifetime costs as compared to those of steel. 

The mild steel and SMA bars were also combined internally in an effort to take advantage of the 

super-elasticity of the SMA bars, with the addition of SMA bars shown to reduce the residual 

displacement of the system as compared to utilizing the mild steel bars alone. Further, whilst the 

residual displacements were larger than using SMA alone, the combination of bars reduces the 

amount of strain in any one bar, thus reducing the likelihood of replacement after an earthquake. In 

the case of internal bars, loaded cyclically up to a drift of 4.6%, the SMA bars were found to be the 

most efficient, showing an energy dissipation close to that of conventional monolithic columns, 

with greatly reduced residual displacements. Due to the increasing strains under higher drift, 

however, which would exceed the super-elastic capabilities of the SMA, it is expected that a 

combination of steel and SMA bars would become more efficient for larger earthquakes. 

Externally placed bars have the advantage of being easily inspected and replaced following a 

seismic event, but display reduced energy dissipative capacity and correspondingly reduced residual 

displacements compared to internally placed bars. Similar trends may be seen with change in 

parameters in the external bars as compared to the internal bars, but the super-elasticity of the SMA 

is seen to be reduced in the case of the external bars. Considering this, together with the advantages 

of external bars, mild steel bars were paired with internal SMA bars, which showed an increase in 

the energy dissipation of the system without increasing the residual displacement, depending on the 

prescribed parameters. The strain in the SMA bars remained low, indicating that this combination 

may be beneficial for use at large drift levels. 

7.2.3 Behaviour of Bridge Model under Earthquake Loading 

In general, the bridge model with rocking piers was found to reduce the response of the bridge 

superstructure in terms of frequency and average magnitude of pounding forces, as compared to the  

counterpart with a conventional monolithic column. Despite the presence of slip behaviour in the 

rocking columns, which initially meant that the superstructure did not respond strongly to the base 

excitation, they generally exhibited increased influence and control of the superstructure throughout 

the remainder of the applied ground motion. It is also expected that this will result in smaller 

residual displacements of the bridge structure as the self-centring of the column will assist in this 

behaviour. The results in this area are inconclusive, however, as the simulation was not run until the 

superstructure came to rest due to time restrictions. The simulations did show good re-centring 

behaviour in the columns despite some plastic behaviour in the unbonded post-tensioned tendon, 

and pounding behaviour was found to aid in re-centring in some cases. 
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Using three different earthquake time-histories with different characteristics, the bridge model with 

rocking piers was found to respond most significantly to the record with the predominant period 

which most closely matched its own natural period during uplift. This resulted in both large 

pounding forces and impact damping forces. In contrast, in the bridge model with conventional 

monolithic bridge piers, the largest response occurred under the earthquake record with the highest 

peak ground acceleration and displacement. 

It was further found that the impact behaviour that occurs during the rocking motion under 

earthquake loading can contribute a significant amount of energy dissipation to the system and 

should not be ignored when considering the amount of energy dissipation in the rocking bridge 

system. It also may contribute significant extra damage to the column which would not be 

accounted for from studies utilising cyclic loading. The use of additional energy dissipater bars, 

whilst eliminating impact damping, has been shown to increase the hysteretic energy dissipation of 

the system significantly. Utilising these bars showed an increased response in the superstructure in 

terms of magnitude and frequency of pounding behaviour. Some further analysis here could be 

beneficial in order to determine some sort of cost-benefit ratio of providing additional energy 

dissipation at the cost of increased superstructure damage. 

The behaviour of the bridge model was shown to be sensitive to the definition of damping in the 

longitudinal springs at the simulated girder-abutment interface, with behaviour of the structure 

differing quite significantly with changes in pounding forces. These changes may include increased 

impact damping in the substructure when both pounding and base excitation control the bridge 

motion, and changes to the residual rotation of the column. Changing the gap size at the simulated 

girder-abutment interface was also shown to have a large effect on the bridge behaviour. The 

smaller gap size (38 mm or 1.5 in.) results in the superstructure being controlled by pounding 

behaviour, with large pounding forces and residual column drift. The intermediate gap size (51 mm 

or 2 in.) results in the largest response in the bridge substructure with large impact forces and 

damping, but reduced superstructure pounding, whilst the largest gap size (64 mm or 2.5 in.) shows 

reduced responses in both the sub and superstructures. 

Whilst more studies would be necessary to fully understand the influence of the rocking bridge 

piers upon the behaviour of the bridge structure under seismic loads, the simulations completed give 

valuable insight into the rotation and impact behaviour of the bridge pier under dynamic loading, as 

well as the resulting movement and pounding behaviour of the superstructure under different 

conditions with differing parameters.   
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7.3 Scientific Contribution of Research 

The current research has developed and validated a 3D FE model of a concrete bridge column 

substructure system, with the column allowed to rock and uplift on its foundation under applied 

lateral loading. The developed material model, including the softening protocol for the concrete at 

the base of the column, allowed for a good fit to experimental data with a focus on strength and 

stiffness degradation. The comparison of the experimental to the numerical hysteresis loops shows a 

stronger correlation in these areas than in previous studies, which are further largely limited to 

monotonic as opposed to cyclic loading cycles as in the current study. The use of further models 

depicting a conventionally designed monolithic column, and a conventional column wrapped in 

FRP provide the necessary data to identify the advantages and disadvantages of using the elastic 

rocking column system, and FRP wrapping. 

The use of additional dissipater devices has been studied by numerous researchers, however, the 

current study encompassed the use of dissipaters placed both internally and externally to the 

column, and using two different materials, which allowed for direct comparisons of performance, 

and the advantages of different dissipater systems to be determined. The detailed parametric study 

allows the effects of differing physical attributes of the dissipaters to be explored, with comparisons 

drawn to current theory, whilst also allowing further investigation into the effects of placement of 

the dissipaters. To the author’s knowledge, no other studies have provided such a comprehensive 

overview of the energy dissipative capacities and residual displacements caused by energy 

dissipater bars in rocking column systems. Such a study provides increased insight into the use of 

dissipaters, as well as valuable information for design purposes, and potential for maximizing 

efficiency of both performance and lifetime cost. Further to this, a study of combinations of 

dissipaters at different locations, and of different materials, shows potential for efficient designs 

undergoing larger magnitude loading. 

The research further develops these concepts into a 3D FE model of a full bridge structure with 

rocking columns, which to the author’s knowledge has not previously been attempted to the current 

level of detail. This model allows greater insight into the behaviour of the rocking system under 

earthquake loading, as the majority of previous studies focus on cyclic loading, as well as 

specifically allowing the effect of the rocking behaviour on the bridge superstructure to be explored. 

Further, the effect of including additional energy dissipaters in the rocking column, which has been 

explored widely in the literature under cyclic loading conditions with single column models, is 

explored here under earthquake loads and using an entire bridge structure, allowing increased 

understanding of the behaviour of the system under more realistic conditions. 
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The information obtained from the computational simulations of the bridge models includes insight 

into multiple areas which are not believed to have been previously published from such work, 

including results based on impact damping in rocking columns, valuable observations of the effects 

of rocking behaviour on the bridge superstructure as opposed to conventional monolithic columns, 

results based on pounding behaviour in the superstructure due to rocking columns, the effect of 

multiple pounding parameters on the behaviour of the bridge structure, and the effect of additional 

energy dissipaters on the behaviour of the bridge structure.  

7.4 Proposed Improvements and Suggestions for Future Research 

1) Concrete material and constitutive models 

Whilst finite element software has become extremely powerful in recent years, there is still a 

deficit in the definition of concrete material models that accurately take into account damage 

behaviour, and explore material degradation in both compression and tension. Whilst every 

care was taken in the current study to define concrete constitutive models that would 

replicate the expected concrete behaviour (short of programming a completely new 

material), there remains scope for improvement in this area. Without targeted and detailed 

concrete material and constitutive models within the finite element software, this deficit will 

remain and creative solutions will have to be used in all future research which requires such 

a level of detail in the damage behaviour of concrete. 

 

2) Concrete softening and FRP 

Another area in which further research is required is in the interaction of the concrete 

material model and the hardening effects of the FRP. In the current study, it was determined 

that some softening behaviour in the concrete was necessary in order to fully predict the 

column system strength and stiffness behaviour. Softening behaviour in concrete, in general, 

is debated in the research, and whilst following a simple definition in the adopted model, the 

amount of softening and its interaction with the hardening behaviour of the FRP could only 

be estimated and refined slightly by trial and error. Whilst good agreement was found up to 

a relatively large drift level, larger drift levels were shown to require an increased 

understanding of this behaviour, and for future models to improve accuracy for very large 

drift levels some further study is required in this area. 

 

3) Energy dissipaters 

Whilst the parametric study presented detailing the use of additional energy dissipation bars 

is fairly comprehensive, it is by no means exhaustive, and future work could focus on 
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further iterations of the current parameters, or detail different parameters or types of 

dissipater. There is also scope for completing further studies considering higher drift levels 

as would occur in larger magnitude earthquakes. More detailed models of the dissipaters 

themselves may also help with the design of new systems for use in real world applications. 

Further, current theory presented for the use of mild steel dissipater bars does not extend to 

more modern materials such as shape memory alloys, and more study is necessary here 

before such a theory can be developed for general use. 

 

4) Further parametric studies 

There is scope for further parametric studies in the simulation of the bridge structure. 

Examples include: exploration of the effect of changes in design requirements of the FRP 

wrapping and post-tensioning, as mentioned in the development of the bridge structure; 

exploration of further pounding parameters, such as changes to the coefficient of restitution 

or the use of nonlinear springs and how this may affect behaviour; exploration of additional 

energy dissipaters and their effect on pounding behaviour, and how this may be minimised 

such that additional hysteretic damping in the column does not result in extensive 

superstructure damage. 

 

5) Earthquake loading 

Further simulations with different earthquake loading records would increase understanding 

of the behaviour of the bridge structure with rocking piers under differing earthquake 

characteristics. In particular, it would be beneficial to explore earthquake records with 

different predominant periods, as it was identified that this parameter had a large effect on 

structure response. Simulations with loading in both the longitudinal and transverse 

directions would also refine knowledge of pounding and rocking behaviour. 

 

6) Increased simulation time 

Ideally, simulations would be run such that all structural elements are allowed to come to 

rest following a base excitation, as would be seen in real life situations, and which would 

allow the maximum amount of information to be extracted from the simulation. 

Unfortunately due to resource restrictions, compromises are generally made in such studies. 

A simplified analytical model would reduce simulation time, but the more detailed 

interactions between the sub and superstructures would be missed, as well as information 

pertaining to impact, and the observed slip behaviour. A broader approach as to the bridge 

behaviour with rocking piers under earthquake loading was taken here, but future studies 
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could focus on more specific areas of behaviour which may allow for either increased detail 

in results, or simplification in analysis. 

 

7) Extension of bridge model 

Changes in design or extensions to the current bridge model would allow for further study 

into its behaviour. An example of this would be extending the design to include three 

dimensional abutments, which would improve the current pounding definition, and allow for 

better damping determination and damage observation at the girder-abutment interfaces. It 

would also allow earthquake load input at more than one base location, which would then 

potentially support further study in the area of pounding due to spatially varying ground 

loads. This study was originally intended for the current work, but the resulting bridge 

model became increasingly complex and difficult to simulate accurately. Other changes 

might include utilising only one rocking interface at the column-foundation interface, which 

would again later the bridge behaviour. 
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